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Abstract 
The objective of this study is to link efficiently the current classical force-based design 

code to a future version of performance-based design guideline. For this purpose, a 
transition design framework has been proposed to combine the concepts of seismic use 
group and seismic design category, which are both recommended by FEMA450 and 
IBC2006. Moreover, the provisions and the associated commentaries were developed, and 
it can be expected to serve as an intermediate version of the performance-based design 
code. 

Keywords: intermediate version of performance-based design, performance objective, 
deformation requirement, performance evaluation, acceptance criteria 

 

Introduction 
In general, the seismic performance of a building 

depends on both its strength and deformation 
capacities. The main objective of the traditional 
seismic design code is only to achieve the strength 
requirement based on a predefined deformation 
capacity. In order to link smoothly the current 
classical force-based design code to a future version of 
performance-based design code, a design framework 
was proposed to incorporate the current sophisticated 
force-based design methodology with the concepts of 
seismic use group and seismic design category which 
are recommended by FEMA 450 and IBC 2006. 
Based on the design framework, the provisions and 
commentaries were developed, and it can be expected 
to serve as an intermediate version of performance- 
based design guideline. 

The strategy in developing the intermediate 
version of performance-based design guideline is to 
arrange the performance related provisions in specific 
chapters: (1) the design performance objectives are 
specified in Chapter 1: General Provision, (2) the 
seismic demands are specified in Chapter 2: Ground 
Motions, (3) the deformation requirement (deflection 
and drift limits) is specified in Chapter 3: Structural 

Design Criteria, and (4) the procedures to determine 
the story drift is specified in Chapter 4: Structural 
Analysis. 

Provisions and Commentary on Design 
Performance Objectives 

In order to implement the performance matrix, the 
associated provision and commentary are specified as 
follows:  

1.2.2 Design performance objectives. 

Buildings designed in compliance with the 
provisions for each Seismic Use Group (SUG) are 
intended, as a minimum, to be capable of providing 
the performance indicated in Table 1-1.   

Each building or structure should be assigned to 
one of three Seismic Use Groups on the basis of their 
intended occupancy and use. Most commercial, 
residential and industrial structures are assigned to 
SUG I. Buildings occupied by large numbers of 
persons or by persons with limited mobility, or that 
house with large quantities of potentially hazardous 
materials are assigned to SUG II. Buildings that are 
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essential to post-earthquake disaster response and 
recovery operations are assigned to SUG III. 
Buildings in each of SUGs II and III are intended to 
provide a better performance than buildings in SUG I.  

Figure C1-1 is the original performance matrix as 
proposed in the transition design framework, which 
defines the design objective for SUGs I, II and III. For 
each SUG, the design objective consists of multiple 
design goals, and each goal shall consist of a target 
Building Performance Level (Operational, Immediate 
Occupancy, Life Safety or Collapse Prevention) and 
an Earthquake Hazard Level (EQ-I, EQ-II or EQ-III). 

It can be found from Fig. C1-1 that the Earthquake 
Hazard Level EQ-I is defined by 50% probability of 
exceedance within 50 years (50%/50), and the expected 
building performance levels are Life Safety and 
Operational for SUGs I and III, respectively. Based on 
the current force-based design code, the designed 
building shall be kept elastic for a small earthquake 
with spectral acceleration demand of SaD/4.2. Thus, 
instead of the deformation performance for earthquake 
hazard of 50%/50 yrs as shown in Table 1-1, the 
design goal for small earthquakes is defined as the 
same as that specified by the current seismic design 
code. It means that Earthquake Hazard Level EQ-I can 
be defined directly by SaD/4.2, and all buildings shall 
be kept elastic for EQ-I. The result is that we do not 
have to define the seismic demand for earthquake 
hazard of 50%/50 yrs and the acceptance criteria for 
Operational performance level. 

As shown in Fig. C1-1, the building performance 
levels for EQ-  (2%/50) are Collapse Prevention and 
Life Safety for SUGs I and III, respectively. Based on 
the structural analysis of buildings that is designed in 
compliance with the detailing requirements as specified 
by the current force-based design code, it can be found 
that the resulted ductility will reach the dominant 
ductility capacity and allowable ductility capacity for 
SUGs I and III, respectively. Hence, the Collapse 
Prevention and Life Safety performance levels for 
SUGs I and III, respectively, can be satisfied 
automatically. Therefore, for all buildings (SUGs I, II 
and III) that follow the detailing requirements, the 
check of deformation capacity can be replaced by the 
check of maximum shear strength of each building 
level. 

Therefore, excluding EQ-I and EQ-III as mentioned 
before, the expected performance will be checked only 
for EQ-II (10%/50). The Building Performance Levels 
shall be described quantitatively, and the limit values 
for Immediate Occupancy and Life Safety levels are 
dependent on the structural systems. For the newly 
developed intermediate version of performance-based 
design guideline, the performance index is defined by 
the story drift and the allowable story drift for SUGs I, 
II and III for EQ-II (10%/50) are defined as shown in 
Table 3-4.  

In other words, based on the intermediate version 

of performance-based design guideline, the strategy in 
implementing the performance-based design is to 
achieve the preliminary design following the current 
force-based design code, and then check the drift 
demand for EQ-II (10%/50) by comparing with the 
allowable story drift. The key provisions for drift limit 
and story drift determination will be described in the 
following sections. 

Provisions for Deflection and Drift Limit 
The deformation requirement (deflection and drift 

limits) is specified in Chapter 3: Structural Design 
Criteria, and the key provision is specified as follows: 

3.5.2 Deflection and drift limits. 

The design story drift, , shall not exceed the 
allowable story drift, a, as obtained from Table 
3-4 for any story. For structures with significant 
torsional deflections, the maximum drift shall 
include torsional effects. All portions of the 
structure shall be designed and constructed to act 
as an integral unit in resisting seismic forces unless 
separated structurally by a distance sufficient to 
avoid damaging contact under total deflection, , as 
determined in Sec. 4.2.9.2. 

Structures assigned to Seismic Design Categories 
C, the deflection in the plane of the diaphragm, as 
determined by engineering analysis, shall not exceed 
the permissible deflection of the attached elements. 
Permissible deflection shall be a deflection that 
permits the attached elements to maintain their 
structural integrity under the individual loading 
and to continue to support the prescribed loads. 

Structures assigned to Seismic Design Categories 
D shall comply with the same requirements as 
those of Seismic Design Categories C. In addition, 
every structural component not included as part of 
the seismic-force-resisting system in the direction 
under consideration shall be designed to be adequate 
for the effects of gravity loads in combination with 
the induced moments and shears resulting from the 
design story drift . 

Exception: Beams, columns and their connections 
not designed as part of the seismic-force-resisting 
system but meet the detailing requirements for 
either intermediate moment frames or special 
moment frames are permitted to be designed to be 
adequate for the effects of gravity loads in 
combination with the induced moments and shears 
resulting from the deformation of the building 
under the application of the design seismic forces. 

To determine the moments and shears in 
components that are not included as part of the 
seismic-force-resisting system in the direction 
under consideration, the stiffening effects of 
adjoining rigid structural and nonstructural 
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elements shall be considered and a rational value 
of member and restraint stiffness shall be used. 

Provisions for Story Drift Determination 
The procedures to determine the story drift is 

specified in Chapter 4: Structural Analysis, and the 
key provision is specified as follows: 

4.2.9.2 Story drift determination. 

The design story drift, , shall be computed as 
the difference of the deflections at the center of 
mass at the top and bottom of the story under 
consideration. For structures having plan irregularity 
Type 1a or 1b of Table 3-3, the design story drift 
shall be computed as the largest difference of the 
deflections along any of the edges of the structure at 
the top and bottom of the story under consideration. 

The deflection of Level x, x, shall be determined 
in accordance with following equation: 

           
I

C xdd
x                (4-15)

Where 

Cd = the deflection amplification factor from 
Table 3-1. 

xd= the deflections determined by an elastic 
analysis. The elastic analysis of the seismic- 
force-resisting system shall be made using 
the prescribed seismic design forces of 
Sec.4.2.6, and 

I = the occupancy importance factor determined 
in accordance with Sec.1.3. 

To determine compliance with the story drift 
limits of Sec.3.5, it shall be permitted to determine 
the elastic drifts, xd, using seismic design forces 
based on the computed fundamental period of the 
structure without the upper limit as specified in 
Sec.4.2.2. 

Where nonlinear analysis is required by Sec. 
4.2.11 and the nonlinear static procedure is used, the 
design story drift, , shall be determined according 
to Sec.4.5.2.4. 

Conclusions 
In order to incorporate the proposed performance 

matrix into the current seismic design code, the design 
framework and the contents of the current seismic 
design code has been reorganized for the additional 
provisions on the analysis procedures to evaluate the 
maximum story drift and the acceptance criteria. The 
intermediate version has the merit of, for example, 
when a structural engineer designs a building in 
accordance with the requirements on the various 
Seismic Use Group, he can determine and make sure 
if the building can achieve the specified design 
objectives. This implies that he needs not to perform 
the performance evaluation procedure that may be 
much cumbersome. In this situation, it makes no 
difference with the classical one. Also, this 
intermediate version provides an option beyond the 
current seismic code, as it is designed for specific 
performance, rather than simply achieving code 
compliance, a performance evaluation shown in Fig. 1 
may be performed. It is expected that the intermediate 
version as proposed in this study can link smoothly 
the current classical force-based design code to the 
future version of performance-based design guideline. 
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Table1-1 Performance Objectives 

Seismic Use Group Earthquake Hazard 
Level I II III 
EQ-I 

 (SaD/4.2) Retain elastic Retain elastic Retain elastic 

EQ-Ⅱ 
(10%/50)1 

Life Safety 
(LS) 0.5×（LS+IO） Immediate Occupancy 

(IO) 
EQ-Ⅲ 

( 2%/50)2 
Collapse Prevention

(CP) 0.5×（CP+LS） Life Safety 
(LS) 

Note 1:  The limit value for Immediate Occupancy (IO), Life Safety (LS) and Collapse Prevention (CP) Building 
Performance Levels are dependent on the structural systems, see Table 3-4. 

Note 2:  For EQ-Ⅲ (2%/50yrs), instead of the check of deformation capacity, the maximum shear strength of each 
building level for all SUGs shall be evaluated. 

 

Table3-4 Allowable Story Drift, a a,b 

Seismic Use Group 
Structure 

I II III 
Structures, other than those using masonry 
seismic-force-resisting system, four stories 
or less in height with interior walls, 
partitions, ceilings, and exterior wall 
systems that have been designed to 
accommodate the story drifts 

0.025hsx
c 0.02 hsx 0.015 hsx 

Masonry cantilever shear wall structuresd 0.01 hsx 0.01 hs 0.01 hsx 
Other masonry shear wall structures 0.007 hsx 0.007 hsx 0.007 hsx 
Special masonry moment frames 0.013 hsx 0.013 hsx 0.01 hsx 
All other structures 0.02 hsx 0.015 hs 0.01 hsx 

a. hsx is the story height below Level x 
b. For SDC D, the allowable story drift shall comply with the requirements of Sec. 3.5. 
c. There shall be no drift limit for single-story structures with interior walls, partitions, ceilings, and 

exterior wall systems that have been designed to accommodate the story drifts. 
d. Structures in which the basic structural system consists of masonry shear walls designed as vertical 

elements cantilevered from their base or foundation support which are so constructed that moment 
transfer between shear walls (coupling) is negligible. 

 

Building Performance Level 

 Operational Immediate 
Occupancy 

Life Safety Collapse 
Prevention 

EQ-I 
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Fig. C1-1  Proposed performance matrix corresponding to the Seismic Use Group (The symbol  indicates 
the deformation capacity should be checked during the performance-based design) 
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Abstract 
Non-linear dynamic time-history analyses conducted as part of a performance-based 

seismic design approach often require that the ground motion records are scaled to a 
specified level of seismic intensity. Recent research has demonstrated that certain ground 
motion scaling methods can introduce a large scatter in the estimated seismic demands. The 
resulting demand estimates may be biased, leading to designs with significant uncertainty 
and unknown margins of safety. This paper proposed a novel ground motion scaling 
method considering multi-mode effects for seismic evaluation of high-rise buildings. It is 
shown that the scaling method works well in reducing the scatter in estimated peak seismic 
demand for a wide range of structural characteristics. 

Keywords: Multi-mode effects, performance-based seismic design, non-linear dynamic 
analysis, RSA, scaling of ground motions 
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Introduction 
The amount of tall buildings located in seismic 

regions has increased rapidly in recent years. The 
seismic responses of tall buildings are much 
influenced by higher modes.  The seismic demands 
of higher modes may be more critical than those of the 
first vibration mode for some specific responses. 
Although the elastic design response spectrum is 
enough for the elastic response spectrum analysis 
(RSA), the sets of scaled ground motion records, 
which are consistent with the design response 
spectrum, are still required for nonlinear 
response-history analysis (NLRHA). Ground motion 
records should be selected from actual earthquakes 
considering magnitude, distance, site condition, and 
other parameters that affect the characteristics of 
ground motions. Historical ground motion records can 
be scaled by either matching the peak ground 
acceleration or some specific spectral responses. 
According to the latest building codes (ICBO 2006), 
no less than seven two-component sets of ground 
motion time history should be used for each 
assessment of seismic performance. Thus, there 
should be 14 sets of ground motion time history 

available for the service and collapse prevention level 
assessments by using response-history analyses 
(RHA).  

The advantage of historical ground motion scaling 
is that individual ground motion record retains its 
original characteristics including peaks and valleys of 
the response spectrum. However, to avoid the 
response being dominated by the peaks and valleys of 
any single one ground motion, it is recommended that 
there shall be no less than seven ground motion 
records to be used for NLRHA (ICBO, 2006). 

Scaling of Historical Ground Motions 
In order to gain insights into the nonlinear 

responses of multi-storey buildings under the 
excitation of historical ground accelerations, extensive 
NLRHA have been conducted. The techniques of 
ground motion scaling methods (Shome and Cornell, 
1998; Kurama and Farrow, 2003) have also been 
studied in the research. Two of the most common 
ground motion scaling methods, for a building having 
T1 as the fundamental vibration period in the 
considered direction, are described as follows: 
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1. Code method: This refers to the ground motion 
scaling procedure prescribed in IBC (ICBO, 
2006). Given a suite of ground motion records, a 
scale factor is applied to each record to either 
increase or decrease its intensity. Each scale 
factor is determined such that the corresponding 
spectral accelerations between the period ranges 
from 0.2T1 to 1.5T1 satisfying that the average of 
response spectrum from the scaled motion does 
not fall below the target design response 
spectrum. 

2. Sa (T1) method (Shome and Cornell, 1998): In 
here, each ground motion is scaled so that its 
spectral acceleration value, Sa (T1), at the 
linear-elastic fundamental period of the structure 
being analyzed matches the target design 
response spectrum. 

The accuracy of any ground motion scaling 
procedure such as MMS in reducing the scatter in 
estimated peak seismic demands for buildings must 
be evaluated for a wide range of systems and ground 
motions, with the goal of establishing its range of 
applications and limitations. Therefore, one of the 
key tasks in this study is to evaluate 
comprehensively the multi-mode ground motion 
scaling (MMS) procedure and compare its results 
with those obtained from other commonly used 
methods. Seismic demands computed from the 
smoothed design spectrum and scaled spectrum 
obtained from the natural earthquake accelerations 
using three methods for the SAC buildings (Gupta 
and Krawinkler, 1999) will be presented first. The 
selected SAC buildings represent three building 
heights, 3-storey, 9-storey and 20-storey buildings in 
Los Angeles, USA. 

Multi-Mode Ground Motion Scaling (Mms) 
Procedure 
The principal idea of MMS is to minimize the first 
few modal participating difference between the 
spectral accelerations or displacements of a scaled 
ground motion and that of the smoothed target design 
response spectrum. For discussion purposes, the 
SRSS rule was used to illustrate the computation of 
the scaling factor proposed in the MMS method. 
Thus, given the acceleration response spectra, the 
base shears (Vd and VEQ) and roof displacements 
(uroof,d and uroof,EQ) can be expressed as: 
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1

22
,,

  (2)  

where Vd (or uroof,d) and VEQ (or uroof,EQ) are 
calculated from the smoothed design spectrum and 
the spectrum obtained from the natural earthquake 
accelerations, respectively. On the other hand, i and 

Li are the modal participation factor and modal 
excitation factor of the ith mode, respectively. Finally, 
Sai,des and Sai,EQ are the spectral accelerations in the 
smoothed design spectrum and the spectrum obtained 
from the natural earthquake accelerations, 
respectively. 
 
Computation of the scaling factors from the MMS 
method 
The least square error fitting method can be used to 
reduce the modal participating difference between 
the spectral accelerations or displacements of a 
scaled ground motion of the first few modes and that 
of the smoothed design response spectra. The square 
error of the smoothed spectral set and the original 
un-scaled spectral set of accelerations can be 
expressed as: 

NiSSFSWerror EQaidesai

N

i
i ~1,2

,,
1

2   (3)  

where SF is the scaling factor whereas Wi is the ith 
modal weighting factor. The minimum error can then 
be achieved when the partial derivative of error2 
with respect to the scaling factor SF becomes zero: 

 

0
2

SF
error              (4)  

Thus, SF can be expressed as: 
NiSWSSWSF

N

i
EQaii

N

i
EQaidesaii ~1,

1

2
,

1
,,

  (5) 

Since the elastic peak base shear, Vi is expressed in 
terms of iLiSai (see Eq. 1), it is proposed that the 
weighting factors, Wi for each mode be expressed as 
shown in Eq. (6) for the computation of scaling 
factors. For the interest of computing base shear: 

N

i
iiiii LLW

1

2222 , (i = 1~N)   (6a) 

Whereas, for computation of roof the displacement: 
2222

iiiiiW , (i = 1~N)   (6b) 

Thus, weighting factor given in Eq. (6a) can be 
applied in Eq. (5) for the computation of scaling 
factors when base shear is considered as the key 
design parameter. Eq. (6b) has been found satisfactory 
in reducing the scatter of peak roof displacement 
estimates but not for other response parameters in the 
seismic performance evaluation of a 34-storey steel 
building (Weng et al., 2008). Thus in this paper, only 
the weighting factors given in Eq. (6a) proposed for 
computing the scaling factor were applied. The 
effectiveness of applying Eqs. (6a) and (5) in 
computing the seismic demand for the SAC buildings 
in Los Angeles is presented in this paper. The effects 
of the number of modes included which were not 
studied previously are also discussed for the 
performance evaluation of the 34-storey steel building. 
When the RSA method is applied, it has been 
suggested that the number of modes be determined to 
include at least 90% of the total building effective 
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mass (ICBO, 2006). 

Comparisons of the MMS Methods versus 
Current Ground Motion Scaling Methods 

Description of the example structures 
The proposed procedure was investigated using three 
steel moment frame (MF) model buildings under 
various ground motion scenarios. The example 
buildings were the three ‘post-Northridge’ designs of 
3-, 9-, and 20-storey model buildings for the city of 
Los Angeles (developed in the SAC Steel Project 
(Gupta and Krawinkler, 1999)). It is referred to as the 
SAC buildings in this paper. These structures meet the 
seismic code requirements as per UBC-94 (ICBO, 
1994) and represent typical low-, medium-, and 
high-rise buildings designed for Los Angeles at that 
time. Details regarding frame dimensions, material 
properties, and loads can be found in the reference 
(Gupta and Krawinkler, 1999). For each building, a 
3-dimensional model was constructed. For the 
discussion purposes, the responses of the North-South 
frames of each building are presented in this paper. 
The bilinear elastic-perfect-plastic beam-column 
element without strain hardening has been used for 
modeling all beams and columns. Effects of gravity 
loads and the P-Delta effects were considered. 
Damping ratios of 5% were assumed for the first two 
modes. For the purpose of illustrating the 
effectiveness of the MMS method, only two modes 
(constitute more than 90% of the total building 
effective mass) were incorporated into the 
computation of the scaling factors. Table 1 shows the 
first two fundamental periods, modal participation 
factors i, modal excitation factors Li, and each weight 
factor for the first two modes in the North-South 
direction of the three SAC buildings. 

Table 1. Modal properties and weighting factors of 
Los Angeles-SAC Buildings. 

Los Angeles Modal 
Characteristics 3-story 9-story 20-story

T1 1.07 2.33 4.00 
T2 0.31 0.88 1.38 

1 1.27 1.37 1.35 
2 -0.34 -0.54 -0.55 

L1 1990 5338 6576 
L2 -1387 -1899 -2100 
W1 0.97 0.98 0.98 
W2 0.03 0.02 0.02 

SAC Ground Motions 
In the SAC project, two sets of 20 ground motion 
records representing exceedance probabilities of 50% 
and 2% in 50 years, denoted as 50%in50yr and 
2%in50yr, respectively, have been assembled for the 
Los Angeles City. These two sets of ground motions 
were adopted in evaluating the MMS procedure for 
different earthquake hazard levels. In order to match 
the seismic demand of the smoothed 5% damped 
elastic acceleration response spectra for Los Angeles, 

two sets of corresponding synthetic ground 
accelerations were constructed incorporating the 
phase angles (Chai et al., 2002) in the two sets of 20 
natural ground motions stated above for the 
50%in50yr and 2%in50yr hazard levels. In order to 
evaluate the scatter of the peak seismic demands 
computed from both the RSA and RHA methods, a 
coefficient of variance (COV) factor was defined as 

XnXXCOV
n

i
i

1

2
1/

        (4.1) 

where n is the number of earthquake records, Xi is 
the peak response value determined from the RSA or 
RHA procedure associated with the ith scaled natural 
earthquake acceleration record. The X  is the mean 
value of the peak responses calculated by the RSA 
procedure (using the smoothed design spectrum) or 
the RHA procedure (using the aforementioned 
synthetic earthquakes compatible with the smoothed 
design spectrum). The COV parameter provides 
comparison for all the earthquakes considered for 
each SAC building. 
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Fig. 1 (a) The mean elastic 5%-damped spectral 
acceleration; (b) the corresponding COV spectrum 
after the 50%in50yr LA ground motion set scaled by 
three scaling methods for the 20-story SAC building 

 

Figure 1a shows the smoothed 5% damped elastic 
acceleration response spectrum for the LA 50%in50yr 
earthquake. In the same figure, three other response 
spectra, constructed from the averaged responses of 
the 50/50 set of LA ground motions scaled according 
to three different methods, are also compared. Figure 
1b shows the COVs of the response spectra, with 
respect to the LA smoothed 50%in50yr response 
spectrum, computed from the ground motions using 
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three scaling methods. It can be found in Figures 1a 
that the average of the twenty spectra computed using 
MMS method is closer to the smoothed design 
spectrum in the overall range from periods of T1 to T2, 
particularly near the first mode period T1. Further 
studies described later will allow us to compare the 
effectiveness of the MMS with that of the Code or 
Sa(T1) method in reducing the scatter of the peak 
seismic demands computed from both the RSA and 
RHA procedures. 

Conclusions 
Based on the conducted analyses, conclusions were 
drawn as follows: 

 Among the three scaling methods considered in 
this study, including the MMS, the Code and the 
Sa(T1) methods, it appears that the MMS method 
results in more consistent seismic demands with 
those obtained using the smoothed design 
response spectra. This improved consistency is 
particularly significant for high-rise buildings. 

 The MMS method can provide a better agreement 
between the VEQ and VD. In other words, it can 
match better the peak base forces induced from 
applying a series of scaled historical ground 
motion records to those computed using RSA 
procedures on a smoothed design spectrum. 

 The Sa(T1) method often failed to reduce the 
scatter of the estimated peak story shear, 
overturning moment and peak inter-story drifts of 
all the investigated buildings. 

 Compared to the other two scaling methods, the 
MMS method can reduce effectively the scatter 
of the spectral acceleration differences with 
respect to the smoothed design response 
spectrum. 

 The MMS method can be applied conveniently 
for elastic RSA or NLRHA of low-to-high rise 
buildings. It appears to be particularly effective in 
reducing the scatter of the seismic demand 
estimates on the peak story shear, overturning 
moment and peak inter-story drift for tall 
buildings. 
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Seismic Analysis of Asymmetric-Plan Structures with 
Soil-Structure Interaction 

Jui-Liang Lin 1 and Keh-Chyuan Tsai 2 

林瑞良 1、蔡克銓 2 

Abstract 
An efficient approximate method that uses the multi-degrees-of-freedom (MDOF) 

modal equations of motion for the seismic response history analysis of asymmetric elastic 
buildings with soil-structure interaction (SSI) is presented. The systems considered are 
two-way asymmetric shear buildings resting on the surface of an elastic half-space, which 
are excited by two-directional seismic ground motions. The SSI forces were simulated 
using frequency-independent soil springs and dashpots. First, the MDOF modal equations 
of motion for the SSI systems were derived. The modal response histories were obtained by 
solving the MDOF modal equations of motion using the step-by-step integration method. 
Subsequently, the seismic response histories of the whole SSI system were determined 
from the arithmetic summation of the modal response histories. The MDOF modal 
equations of motion retain the property of non-proportional damping of the original SSI 
system. The proposed method has the advantages of the conventional modal response 
history analysis, which requires only first few vibration modes to obtain accurate analytical 
results. Finally, the efficiency of the proposed method was validated using numerical 
examples of a two-way asymmetric four-story building with small and large SSI effects. 

 

Keywords: modal analysis, soil-structure interaction, asymmetry, seismic analysis, approximation 
methods. 
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Introduction 
The seismic responses of linear symmetric 

buildings with soil-structure interaction (SSI) have 
been well-investigated in the past decades (Wolf 
1988). The complexity of the SSI effect arises from 
two aspects: the frequency-dependent interaction 
forces, and the non-proportional damping of the 
soil-structure system. In order to deal with the 
frequency-dependent interaction forces, the SSI 
problem was processed in the frequency domain using 
either Fourier transformation or Laplace 
transformation. However, frequency domain analysis 
is only capable of dealing with linear responses and is 
not popular among practicing structural engineers 
(Wolf 1988). To facilitate the analysis of the stated 
problem in the time domain, the soil springs and 
dashpots were approximated by 
frequency-independent expressions (Richart et al. 

1970). While such approximations may perform 
satisfactorily for the analysis of typical multistory 
buildings, they may not be adequate for other types of 
structures, such as concrete gravity dams. To deal with 
the non-proportional damping of SSI systems, 
equivalent modal damping was calculated to facilitate 
the conventional modal response history analysis. The 
equivalent modal damping was estimated either by 
quantifying the dissipated energy in the soil (Roesset 
et al. 1973; Novak and Hifnawy 1983) or by matching 
the approximate normal mode solution with the 
rigorous solution for a certain structural location 
(Balendra et al. 1982). 

Conventional modal response history analysis, 
which neglects the off-diagonal terms of the 
transformed damping matrix for a non-proportionally 
damped one-way asymmetric building resting on a 
rigid base, is one of the common approximation 
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approaches. However, this approximation approach 
may result in unacceptable errors under certain 
conditions. 

The issue on seismic analysis of asymmetric-plan 
structures with soil-structure interaction subjected to 
bi-directional ground motions has been investigated 
by many researchers (Balendra et al. 1982). However, 
practicing engineers are usually not familiar with the 
complex-valued seismic analysis procedures in the 
frequency domain. Moreover, the equivalent modal 
damping estimated either by quantifying the dissipated 
energy in the soil, or by matching the approximate 
normal mode response with the rigorous solution is 
not readily available using a general purpose structural 
response analysis computer program. Thus, it is 
desirable to develop a simple and real-valued modal 
response history analysis procedure for engineering 
applications without the need of calculating the 
complicated equivalent modal damping. In this study, 
such a response history analysis procedure has been 
proposed using the multi-degree-of-freedom (MDOF) 
modal equations of motion. The proposed method can 
be applied conveniently using any general purpose 
computer program with the capability of solving 
equation of motion. 

Equation of Motion of the SSI System 
The mass of the building was assumed to be 

concentrated at the levels with rigid floor decks which 
were supported by massless, axially inextensible 
columns and walls. The center of mass (CM) and the 
center of stiffness (CR) of each floor were assumed to 
lie on two vertical lines. The system has 3N+5 degrees 
of freedom, consisting of 3N degrees of freedom of 
the superstructure and 5 degrees of freedom due to 
interaction with the foundation. These 5 degrees of 
freedom include two horizontal translations, two 
rocking, and one twist (Fig. 1). The equation of 
motion for the whole SSI system is: 

*** PWKWCWM*              (1) 
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The 0 and 1 shown in the above equations are the 
column vectors whose all elements are equal to zero 
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column vector composed of the story heights 
measured from the ground level to each floor. In 
these equations, e and f are the eccentricities 
measured from CR to CM along the X-axis and the 
Y-axis respectively, m0 is the mass of foundation, r is 
the radius of gyration of any floor deck about CM, Ixj 
and Iyj are the moments of inertia of the jth floor 
about the axes through the CM and parallel to the X- 
and Y-axes respectively, ügx and ügy are the ground 
acceleration records along the X- and Y-axes 
respectively, and finally, U0, V0, 0, 0, 0 are the 
degrees of freedom at the foundation associated with 
translations, twist and rocking, as defined in Fig. 1. 

jcU , jcV and t
j are the degrees of freedom of the 

superstructure defined as: 

jcjc U Uh1U 00                       (3a) 

jcjc V Vh1V 00        (3b) 

jc
t
j 10         (3c) 

In Eqs. (3a) to (3c), jcU , jcV and jc are the 
degrees of freedom of the superstructure about the 
CM. The physical meaning behind these equations is 
depicted in Fig. 1. The 3N 3N sub-matrices on the 
left upper corner of M*, C*, K*, are the mass, 
damping and stiffness matrices of the superstructure 
resting on a rigid base. Moreover, 

xyR fe KKKK 22        (4) 

Kx, Ky and K R are defined about the CR. The m 
shown in the previous equation is an N N diagonal 
matrix composed of each floor mass. The interaction 
forces Px(t), Qx(t), Py(t), Qy(t) and T(t) shown in Fig. 
1 are expressed by frequency-independent soil 
springs and dashpots, which can be found in Richart, 
F.E. et al. (1970). 

 

 

 

 

 

Fig. 1 Dynamic model for an N-story asymmetric 
shear building. 

MDOF Modal Equations of Motion 
The right-hand side of Eq. (1) can be represented 

as follows: 
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where sn is the nth modal inertial force distribution 
equivalent to M*

n. n is the nth undamped mode 
shape obtained from K* and M*. It was assumed that 
only the nth undamped modal displacement response, 
Wn, of the whole system will be excited under the 
load, sn( xnügx(t)+ ynügy(t)). Thus, Eq. (1) can be 
written as: 
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In Eq. (7), Dn is the nth generalized modal coordinate. 
The nth undamped modal displacement response, Wn, 
was redefined as: 
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For proportionally damped elastic systems, the 
elements of Dn are the same, i.e.: 
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Hence, Eq. (8) is identical to Eq. (7) for 
proportionally damped elastic systems. Substituting 
Eq. (8) into Eq. (6) and pre-multiplying both sides of 
Eq. (6) by T

nT , this results in: 
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where  is an 8 1 column vector with all elements 
equal to one, Mn, Cn, Kn, are 8 8 matrices. Eq. (10) 
is the nth multi-degrees-of-freedom modal equation 
of motion. It was noted that if the original SSI 
system was proportionally damped, Cn can be 
represented as: 
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where  and  are constants. Since the original SSI 
system was non-proportionally damped, 
i.e. *** KMC , Eq. (12) 
becomes nnn KMC . This implies that the 
MDOF modal equations of motion shown in Eq. (10) 
preserve the characteristics of the non-proportional 
damping of the original SSI system. The modal 
response histories, Dn(t), were obtained using the 
direct integration method in solving Eq. (10). Thus, 
the total response histories of the original SSI system 
were obtained as: 

ttt n

N

n
n

N

n
n DTWW

53

1

53

1
             (13) 

Same as the conventional modal response history 
analysis, only the first few modal responses need to 
be included in the above summation to obtain 
satisfactory analytical results. This will be shown in 
the following numerical examples. 

Numerical Examples 
The SSI system selected is a four-story 

asymmetric-plan building resting on an elastic 
half-space, which is a modification of the examples 
adopted by Balendra et al. (1982). The details of the 
SSI system can be found in Lin et al. (2009). 

In order to investigate the effectiveness of the 
proposed method, two soil types with shear wave 
velocities, Vs, of 65m/s (soft soil) and 300 m/s (hard 
soil) have been specifically chosen for this study. 
The SSI system resting on the soft (Vs =65m/s) and 
hard (Vs =300m/s) soils was denoted as System I and 
System II, respectively. The two systems represent 
structures with large and small SSI effects, 
respectively. Therefore, these two extreme cases 
should cover most SSI problems of interest in 
earthquake engineering practice. Both systems were 
subjected to the 1940 El Centro earthquake. The N-S 
and E-W components of the 1940 El Centro 
earthquake were applied along the X- and Y-axes, 
respectively. Another four-story asymmetric building 
with an identical superstructure but resting on a rigid 
base was denoted as the reference building. It will be 
regarded as the benchmark to indicate how the SSI 
affects the dynamic properties of the building. 

The proposed approximation method that 
conducts modal response history analyses using 
MDOF modal equations of motion shown in Eq. (10) 
was denoted as App. On the other hand, the rigorous 
method, which uses the direct integration method to 
solve the equation of motion for the whole SSI 
system shown in Eq. (1), was denoted as Rig. 

The estimated total response histories of System I 
and System II compared with the rigorous solutions 
(Lin et al. 2009) confirmed that the proposed method 
is applicable to a wide range of SSI effects generally 
considered in earthquake engineering practice. It is 

important to note that the approximate solutions were 
obtained by only considering the first three vibration 
modes. Not only the peaks but also the phases of the 
roof and foundation response histories determined 
via the proposed method were in good agreement 
with those obtained via the rigorous method. 

Conclusions 
The proposed approximate method transfers the 

frequency-independent equation of motion for the 
SSI system into a set of MDOF modal equations of 
motion. There are four advantages of this method at 
the expense of increasing degrees of freedom for 
each vibration mode. The first two advantages are 
similar to those of conventional modal response 
history analysis, whereby there is a significant 
decrease of the degrees of freedom required in the 
analytical work and the use of only the first few 
vibration modes to achieve satisfactory analytical 
results. On the other hand, another advantage is the 
preservation of the characteristics of 
non-proportional damping in the MDOF modal 
equations of motion. This would appeal to practicing 
engineers instead of performing calculations of the 
complicated equivalent modal damping. The final 
advantage is the transformation of the soil springs 
and dashpots into modal level. Thus, the impedance 
functions and their influences for each vibration 
mode can be explicitly quantified. 
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Abstract 

 Tests on a two-story reinforced concrete building subjected to bi-directional reversed 
cyclic loadings were performed at the National Center for Research on Earthquake 
Engineering (NCREE) in Taiwan to examine the torsional effect caused by the eccentricity 
of the building plan layout. The tests were undertaken as part of an international 
collaboration project between the NCREE and the University of Houston, Houston, Texas 
(UH). In order to evaluate the torsional effect, two low-rise shear walls on the east side of 
the building and one mid-rise shear wall on the north side were designed to make the 
building structurally asymmetrical. This research focused on the development and 
progression of nonlinear combined actions in the experimental technology. Finally, results 
obtained from this experiment were used to correlate analytical tools and new design 
methodologies. 

 

Keywords: reinforced concrete building frame, bi-directional cyclic loading, stiffness irregularity, 
torsional moment, eccentricity 
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Introduction 
The objective of this integrated experiment is 

proposed to address the complex behavior of 
reinforced concrete buildings subjected to 
multi-directional earthquake loading and the 
subsequent interactions resulting from the nonlinear 
response of individual components that compound 
further the multi-directional effect of the ground 
motion. Emphasis was placed on using simulation 
response histories to provide the actuation forces that 
were applied to the reinforced concrete buildings to 
model reverse cyclic loading. The results reported 
herein will be used to develop analytical tools and 
new design methodologies. 

Design of the RC Specimen 
As shown in Fig. 1, the full scale test specimen 

was two stories tall, by one bay wide in the short 
direction and two bays wide in the long direction. The 
clear column height on the 1st floor was 2000 mm and 
the 2nd floor column height was 1500 mm. 
Additionally, the cross-sectional dimension of each 

column was 400 by 400 mm. All frame beam 
cross-sections measured 300 wide by 400 mm in 
height. 

 
Fig.1  Drawing of RC building frame 

Experiment Procedure and Allocation 
In order to test the torsional effect, the walls of the 

building were designed to be asymmetrical. Two 
low-rise walls were located on the east side of the 
structure and one mid-rise wall was located on the 
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north side, as shown in Fig. 2. The short spans on the 
east side (in the long axis direction of the structure) 
had a height to width ratio of 0.64 (Wall A) and a 
height to width ratio of 0.48 (Wall B) while the north 
side of the structure (the short axis) had a height to 
width ratio of 1.5 (Wall C). Walls A and B were shear 
critical while Wall C was both shear and flexure 
critical. Hence, the characteristic response of the 
various types of walls can be identified. Column 
C1-2F (column 1 on the 2nd floor) was designed as a 
short (shear critical) element and column C1-1F 
(column 1 on the 1st floor) was designed as a normal 
(flexure critical) element.  Both columns were 
subjected to biaxial loading and axial compression 
loading (0.2 cf ).  Column C2-2F (column 2 on the 
2nd floor) was designed as a short (shear critical) 
element and C2-1F (column 2 on the 1st floor) was 
designed as a normal (flexure critical)element.  
These columns were both subjected to biaxial loading 
only. The structural behavior of the columns under 
various other conditions can also be examined with 
the test arrangement. 

 
Fig.2 Overview photo of the test structure (showing 

the allocation of beans and columns.) 

For the purpose of this investigation, the loading 
history must satisfy two conditions. First, to control 
the mass center displacement on the 2nd floor, the 
displacement ratio of the long to short direction must 
be 1:2. Second, the ratio of horizontal force must be 
1.83, equivalent to the ratio of the story height. Fig. 3 
shows the loading history consisting of the following 
drift cycles: 0.25%, 0.375%, 0.5%, 0.75%, 1.0%, 
1.5%, 2.0%, 3.0%, with each loading having three 
cycles. 
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Fig.3  Loading history at various drift cycles. 

Results and Analysis of Experiments 
Figure 4 shows the relationship between base shear 

and roof displacement. The red curves are base shear 
versus roof displacement hysteresis loops. When drift 
ratio was -3.0 %, the specimen undergone shear 
critical to cause base shear decay on the 2nd floor. The 
blue curve on Fig.4 means a component of base shear 
and roof displacement at NS (North-South) direction, 
and the green curve means a component of base shear 
and roof displacement at EW (East-West) direction. 
When drift ratio reached 3.0 %, there are soft 
appearances on stiffness of the 1st floor. It can be seem 
form Figs.5 and 6 that the positive displacement is 
larger than the negative displacement, thus it means 
that the 1st floor experienced soft stiffness. Also, the 
column on the 2nd floor experienced shear failure to 
cause soft behavior as shown by the red curve on Fig. 
5. The results of this experiment focused on 
developing new constitutive models for RC under 
combined axial/bending/shear/torsional loading in 
conjunction with available inelastic beam-column and 
shell elements. 
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Fig.4 Base shear v.s. roof displacement 

hysteresis loops. 
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Fig.5 2nd floor story shear v.s. 2nd floor story 

displacement hysteresis loops. 
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Fig.6 1st floor story shear v.s. 1st floor story 

displacement hysteresis loops. 

Under the circumstances that the test specimen has 
no constrain, the results of loading and displacement 
hysteretic loops of mass center on the 2nd floor in the 
short (East-West) direction are shown in Fig. 7. And 
the test result of torque and twist hysteretic loops in 
the short direction can be observed in Fig. 8. The 
following results can be derived from Fig. 7: The 
stiffness of whole specimen in the short direction is 
159.8 kN/mm. Each of them is 257.9 kN/mm on the 
1st floor and 264.9 kN/mm on the 2nd floor. Figure 8 
indicates the torsional stiffness of the whole specimen 
is 1,292.2 kN-mm/rad. And the torsional stiffness on 
the 1st floor is 2,085.8 kN-mm/rad, and 2,142.5 
kN-mm /rad on the 2nd floor.  
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Fig. 7  Loading and displacement hysteretic loops 

in the short (EW) direction 
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Fig. 8  Torque and twist hysteretic loops in the 

short (EW) direction 
Under the circumstances that the test specimen has 

no constrain, the results of loading and displacement 
hysteretic loops of mass center on the 2nd floor in the 
long (North-South) direction are depicted in Fig. 9. 
And the test result of torque and twist hysteretic loops 
in the long direction is in Fig. 10. The following 
results can be obtained from Fig. 9: The stiffness of 
whole specimen in the long direction is 170.3 kN/mm. 
Each of them is 271.7 kN/mm on the 1st floor and 
283.7 kN/mm on the 2nd floor. Figure 10 indicates that 

the torsional stiffness of the whole specimen is 
1,940.1 kN-mm/rad. And the torsional stiffness on the 
1st floor is 3,128.5 kN-mm/rad, and 3,079.4 kN-mm 
/rad on the 2nd floor. 

 
Fig. 9  Loading and displacement hysteretic loops 

in the long (NS) direction 
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Fig. 10  Torque and twist hysteretic loops in the 

long (NS) direction 

In order to record clearly all columns’ loading 
history, cable-extension position transducers were 
placed on each beam-column joints to measure 
bi-directional reversed cyclic loading track. As shown 
in Fig. 11, due to the asymmetric design of walls, it 
caused obvious torsional effect and caused the biggest 
displacement on column C1 and the smallest 
displacement on column C4. Figure 12 indicates 
bi-directional reversed cyclic loadings track on 2nd 
floor, and Fig. 13 shows bi-directional reversed cyclic 
loadings track on the 1st floor.  

 
Fig. 11  Each column on the 2nd floor under 

bi-directional reversed cyclic loading track 

 
Fig. 12  Each column on the 2nd floor under 

bi-directional reversed cyclic loading track 
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Fig. 13  Each column on the 1st floor under 

bi-directional reversed cyclic loading track 
Figure 14 shows the failure sequences during the 

experiment. When the story drift was -2 % at the 3rd 
cycle, buckling occurred at the column C6-1F 
reinforcement. When the story drift was +3 % at the 
1st cycle, buckling occurred at the column C1-1F 
reinforcement.  On the other hand, when the story 
drift was +3 % at the 1st cycle, shear failure occurred 
at column C2-2F. Lastly, when the story drift was -3 
% at the 2nd cycle, the column C1-2F reinforcement 
experienced collapse. 

 

  

 
Fig. 14. Failure Sequences 

Conclusions 
We have tested a two-storey RC building frame 

subjected to bi-directional cyclic loading experiment 
in NCREE. The results of this experiment will be used 
on some related analytical tools and new design 
methodologies. The brief conclusions of this paper are 
as follows: 

1. The magnitude of the cracks observed on the 
bottom of columns C1-1F and C2-1F are much 
more significant than those on the top of the 
columns. Thus, it can be observed that the 
inflection point is higher than the center of the 
column. The reason could be that the stiffness of 
the floor was smaller than the stiffness of the 
foundation. 

2. Based on the experimental results, it has been 
observed that Wall C had significant torsional 
cracks when the story drift was 1.5%. This 
indicates that the walls, in fact, had suffered from 
the torsional moment induced in an asymmetric 
structure. When the structure experienced 
non-linear behavior, the stiffness center shifted to 
the wall and this shift exacerbated the torsional 
moment on the walls. 

3. When the center of stiffness and the center of 
mass do not coincide at each story, torsional 
moment is induced in the building and torsional 
vibration occurs. The torsional moment may 
increase the shear stress of the structural 
components (i.e. columns and walls). Hence, 
torsional moment needs to be considered in the 
simulation of the interaction of the axial, flexural, 
and shear forces. 
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Seismic Retrofit of Rectangular RC Beams Using CFRP 
Wrapping and CFRP Anchors 
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Abstract 
Carbon fiber reinforced polymer (CFRP) wrapping is a general method used to enhance 
shear and moment capacity of reinforced concrete (RC) girders and beams for industrial 
applications. Among the experimental results in the past, bond failure has been observed at 
the interface between RC beams and CFRP sheets before the expected tensile strength of 
CFRP sheets has developed. In this study, CFRP anchors were utilized to provide the 
required bond strength at the interface without changing the appearance of RC beams. A 
total of six full-scale specimens were constructed and tested. Experimental results indicated 
that bond failure occurred at the shear region of the specimen retrofitted using CFRP 
wrapping during small deformation. Similar result was also observed on the specimen 
retrofitted using CFRP wrapping anchored by adhesive bolts. On the other hand, the 
application of CFRP anchors increased the bond strength such that the failure mode has 
been switched from brittle failure to flexural failure. The shear strength and the ductility 
were enhanced significantly as well. The advanced image-based measurement was 
introduced to acquire the global strain field of the external CFRP sheets. Moreover, the 
proposed novel retrofit method effectively provides sufficient anchoring force to prohibit 
the interface of CFRP sheets and RC surface from bond failure     

Keywords: Seismic retrofit, CFRP wrapping, CFRP anchor, image-based measurement 
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Introduction 
A large number of reinforced concrete structures were 
not adequately designed; therefore, retrofit has 
become an important research issue in the recent years. 
Carbon fiber reinforced polymer (CFRP) wrapping is 
widely used to retrofit the existing buildings due to its 
high strength, light weight and convenient application. 
Several experimental results indicated that the 
behavior of specimens with CFRP wrapping has been 
improved; however, bond failure occurred at the 
interface between CFRP sheets and RC surfaces 
before the expected tensile strength of CFRP has 
developed. In this study, “CFRP wrapping conjugate 

with CFRP anchors” retrofit method was proposed to 
enhance bond strength at the interface via additional 
anchorage force provided by CFRP anchors.  

Specimen Design and Test Setup 
A total of six full-scale specimens were constructed 
and tested. One as-built benchmark specimen without 
retrofitting was designed to have shear failure in 
purpose. The other five specimens retrofitted by 
different U-shaped CFRP wrapping schemes can be 
divided into three major groups: Group 1: one 
specimen, retrofitted by using only CFRP wrapping, 
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Group 2: one specimen, retrofitted by using CFRP 
wrapping and adhesive anchors, and Group 3: three 
specimens, retrofitted by using CFRP wrapping with 
different designed numbers of CFRP anchors. Figure 1 
shows the design details of the un-retrofitted 
specimens: the width and thickness of the concrete 
slab were 1,000mm and 120mm, respectively; the 
width and depth of the beam were 350mm and 530mm, 
respectively; and the length of each specimen was 
4,300mm. There were six reinforcing bars at the 
bottom and two at the top with diameter of 22mm. 
The application of CFRP anchors, for example, is 
illustrated in Fig. 2. Different amounts of CFRP 
anchors were applied on Specimen R09RF4 and 
R09RF5. The tensile test results of reinforcements are 
shown in Table 1 and the compression test results of 
concrete cylinders are shown in Table 2. The 
instructions of each specimen are shown in Table 3.  

Fig. 1 Specimen design details 

Table 1 Tensile test results of reinforcements 

Bar 
Size 

Nominal 
Strength 
(MPa) 

Yield 
Strength 
(MPa) 

Average 
Yield 

Strength 
(MPa) 

Ultimate 
Strength
(MPa) 

Average 
Ultimate 
Strength
(MPa) 

392 499 

349 495 #3 280 

363 

368 

477 

490 

475 696 

484 694 #7 420 

475 

478 

695 

695 

 
Table 2 Compression test results of cylinders  

Specimen 
Nominal 
Strength 
(MPa) 

28 Day  
Compression 

Strength 
(MPa)  

Test Date 
Compression 

Strength 
(MPa) 

R09BM 26.1 

R09RF2 28.5 

R09RF4 36.5 

R09RF5 

24.8 

36.3 

R09RF1 30.9 

R09RF3 

21 
 

22.7 
35.8 

 
The test setup is shown in Fig. 3. Two vertical 

actuators were monotonically controlled with a 

velocity of 0.05mm/sec, providing shear force on the 
specimen through a transverse steel beam. Strain 
gauges, tilt meters, and displacement transducers 
were also installed on each specimen to acquire the 
needed test data. Furthermore, image-based 
measurement technique was introduced to realize the 
strain field on each specimen in this study. 
 

Table 3 Instruction of tested specimens 
Specimen Retrofit Details 
R09BM bench mark 

Group 1 R09RF1 Two layers, U-shaped of CFRP 
wrapping   

Group 2 R09RF2 
Two layers, U-shaped of CFRP 
wrapping with adhesive bolts 
anchored at the bottom of the 

concrete slab  

R09RF3 

R09RF4 Group 3 

R09RF5 

Two layers, U-shaped of CFRP 
wrapping with CFRP anchors 
applied at two sides along the 

direction of RC beams 

 
Fig. 2 Illustration of applied CFRP anchors on 

Specimen R09RF4 and R09RF5 

 
Fig. 3 Test setup 
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Experimental Results 
The displacement-versus-shear force relationships of 
the specimens are shown in Fig. 4. Shear failure 
occurred on Specimen R09BM when the deformation 
at mid-span reached 14mm. Figure 5 demonstrates 
the shear cracks on Specimen R09BM. The shear 
capacity of Specimen R09BM was 453.9kN which is 
1.8 times of that calculated following the design code.  
Details of results for each specimen are further 
discussed below.   

Specimen R09RF: Bond failure occurred at the 
interface between CFRP sheets and RC surface. The 
maximum shear strength was 421.1kN, indicating that 
the retrofit scheme was unable to increase the shear 
capacity as expected. Besides, the peak strain on the 
CFRP sheet was only 0.003, which is smaller than the 
design strain of CFRP, i.e. 0.004. Obviously, the 
design strain of CFRP, 0.004, is not conservative in 
this case.  

Specimen R09RF2: The maximum shear capacity 
was increased to 476.4kN; however, bond failure still 
occurred at the interface, indicating that the adhesive 
bolts did not provide enough anchoring force. Using 
CFRP wrapping with adhesive bolts may not be 
effective on improving the ductility of the retrofitted 
components.      

Specimen R09RF3: A total of 40 CFRP anchors 
with 15mm diameter were applied on two sides of the 
specimen. The amount of CFRP anchors is only half 
of the design requirement. The maximum shear force 
was 525.6kN when the deformation at mid-span 
reached 28mm. Bond failure was also observed on the 
specimen, yet the timing was delayed due to the usage 
of CFRP anchors. The failure mode was considered as 
flexural-shear failure.     

Specimen R09RF4: A total of 104 CFRP anchors 
with 20mm diameter were applied on two sides of the 
specimen. The amount of CFRP anchors is 1.75 times 
the design requirement. Flexural cracks occurred 
when the mid-span deformation reached 97mm. The 
failure modes were considered as flexural and ductile 
failures. This specimen demonstrated the best 
performance among the six specimens.  

Specimen R09RF5: A total of 56 CFRP anchors 
with 20mm diameter were applied on two sides of the 
specimen. The amount of CFRP anchors fairly 
satisfied the requirement. The longitudinal 
reinforcements yielded first and the strength increased 
slowly until the mid-span deformation reached 74mm. 
After the peak shear force was observed, the shear 
strength decreased smoothly until the CFRP sheets 
had broke.  The ductility of Specimen R09RF5 was 7 
times larger than that of Specimen R09RF1, showing 
that the application of CFRP anchors did enhance the 
bond strength at the interface and prevent the interface 
from bond failure in the early stage. The tensile 
strength of CFRP sheets were successfully developed 
during large deformation. 
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Fig. 4 The mid-span displacement versus shear force 

relationships of each specimen 
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(a) North side  

 
(b) South side 

Fig. 5 Crack pattern of Specimen R09BM 
 
The ultimate displacement (umax) of each specimen 

is defined when the shear strength decreased to 80% 
of the peak strength. Figure 6 illustrates umax values of 
each tested specimen. It is obvious that Specimens 
R09RF4 and R09RF5 behaved well compared with 
other specimens. The ultimate displacements of these 
specimens were 90mm and 70mm at mid-span, 
respectively. In contrary, the ultimate displacement of 
Specimen R09RF1 was only 12mm at mid-span, 
indicating that bond failure occurred in the early stage. 

The dissipated energy is defined as the area 
surrounded below the displacement-versus-force curve 
until the displacement equals to umax. Figure 7 shows 
the dissipated energy of each specimen, indicating that 
Specimen R09RF4 and R09RF5 dissipated more 
energy than the other three retrofitted specimens. 
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Fig. 6 Ultimate displacement of each specimen 
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Fig. 7 Dissipated energy of each specimen 

 
The strain field on the CFRP sheets that could not 

be seen by the eyes was recorded by the image-based 
measurement during each test. The software was 
developed by using two-dimensional plane analysis; 
therefore, the measurement was meaningless if bond 
failure occurred and CFRP sheets were bulging out. 
However, significant strain variation was observed at 
the location where bond failure occurred. The strain 

measured by this technology was quite close to that 
obtained by strain gauges. The difference was within 
±0.001. Figure 7 shows the strain field on Specimen 
R09BM when the mid-span deformation was 19mm. 

 
Undistorted 

 image εxx 

  

εyy εxy 

  
Fig. 7 Strain filed obtained by the image-based 

measurement 

Conclusions and Future Works 
1. Bond failure occurred in early stage on test of 

Specimen R09RF1 and R09RF2, thus the desired 
tensile strength of CFRP sheets has not been 
developed fully. More CFRP layers would have 
not been effective if the bond strength is not 
increased.   

2. CFRP anchors evidently provide sufficient 
anchoring force at the interface between CFRP 
sheets and RC surface if the number of CFRP 
anchors is well designed.  

3. Further researches on RC components retrofitted 
using CFRP wrapping and CFRP anchors will be 
continued to develop the mechanical theorem and 
modify design criteria of CFRP anchors.  
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Abstract 
In order to observe the interaction of structural elements at the onset of collapse, five 

frame specimens were tested at the National Center for Research on Earthquake Engineering 
of Taiwan in spring 2009. Each specimen consisted of a 1/2.25 scale model of a two-bay 
two-story reinforced concrete frame. The specimens were tested under high and low gravity 
loads to investigate the influence of axial loads on the collapse vulnerability of the structures. 
The test results will be employed to study the interaction of beams, columns and joints as 
collapse is initiated. Such studies will lead to a better understanding of the behavior of 
existing reinforced concrete structures, and more cost-effective retrofit strategies. 

Keywords: collapse, shaking table tests, non-ductile concrete frames, concrete columns, 
concrete beam-column joints, shear and axial failure 
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Introduction 
Observation of damage after several earthquakes 

world-wide shows that strong earthquakes can result 
in a wide range of damage to older concrete 
buildings, ranging from minor cracking to collapse. 
Current guidelines for the seismic assessment of 
existing concrete buildings are not sufficiently 
refined to enable engineers to distinguish between 
buildings which are expected to collapse and those 
that may only sustain minor damage. This lack of 
refinement, and the inherent conservatism in the 
guidelines, has resulted in nearly all older concrete 
buildings being considered collapse hazards during 
earthquakes. However, this result is not tenable 
considering the extensive building infrastructure 
constructed prior to the introduction of seismic 
provisions in modern building codes in the mid 
1970’s and the limited funds available for seismic 
retrofit. A modest investment in earthquake 
engineering research can result in a significant 
improvement in the assessment of existing buildings 
by providing the tools to understand the complex 

nonlinear behavior of structural systems during 
seismic events. In particular, given an understanding 
of the mechanisms leading to the progressive 
collapse of older concrete buildings, appropriate 
public policy measures can be initiated to mitigate 
the risk of multiple building collapses during a major 
earthquake and to provide the maximum possible 
earthquake resilience in communities using the 
limited resources available for infrastructure 
renewal. 

The following describes a research project that 
directly addresses the significant life-safety risk 
faced by millions of people living and working in 
existing concrete buildings in Taiwan and worldwide. 
The research has been conducted in collaboration 
with researchers from Canada and the United States, 
hence leveraging knowledge gained through 
international research programs. 

Significance of the Project 
The project was part of a large research project 

entitled Seismic Upgrading of Existing Concrete 
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Buildings being undertaken at the National Center 
for Research on Earthquake Engineering (NCREE) 
in Taiwan. The focus of the work was a series of 
shaking table tests to investigate the complex 
mechanisms that lead to collapse of concrete frame 
buildings during severe earthquakes. Shaking table 
studies provide the most accurate means of assessing 
the performance of structures when subjected to 
earthquakes.  

 Other participants in the NCREE project 
included the Canadian Seismic Research Network 
(CSRN) and the Network for Earthquake 
Engineering Simulation (NEES) in the United States. 
Currently, NEES has a project which includes 
large-scale testing of existing concrete building 
components, soil-structure interaction studies, 
collapse modeling, and regional simulations, all 
geared toward identifying seismically hazardous 
older concrete building construction and promoting 
effective mitigation strategies (NRC, 2004). The 
NEES project, however, does not include shaking 
table tests, but instead relies upon international 
collaboration with CSRN and NCREE to provide the 
critical data. The overall objective of the 
NCREE-CSRN-NEES collaboration was to provide 
engineers, building owners, and policy makers with 
tools to effectively mitigate the significant life-safety 
risk posed by collapse of concrete buildings during 
future earthquakes. The expected outcome of the 
research proposed herein is to provide benchmark 
data for the development and refinement of 
numerical models used in the assessment of existing 
concrete buildings. The benchmark data from the 
proposed shaking table tests will be provided to all 
participants in the NCREE-CSRN-NEES 
collaborative project. Refinement of the numerical 
models will allow for more accurate predictions of 
collapse potential for concrete buildings and enable 
engineers to identify the truly dangerous structures in 
need of immediate rehabilitation. 

Project Background and Description 
Collapse of a reinforced concrete frame during 

an earthquake can be caused by failure of beams, 
columns, or beam-column joints. Older gravity-based 
design methods result in a mechanism with weak 
columns and strong beams, and therefore, most 
building frames designed using such methods are 
expected to experience failure of columns or joints. 
To date, there have been relatively few tests on 
lightly confined reinforced concrete frame systems in 
the literature and rarely conducted dynamically to 
collapse. None of those tests investigated the effects 
of high axial load on the failure of non-ductile 
columns. In an attempt to fill the gaps in knowledge, 
this study involved dynamic testing to collapse of 
five two-dimensional, two-bay, two-story, and 
1/2.25-scale reinforced concrete frames. Each frame 
contained non-seismically detailed columns whose 
proportions and reinforcement details allow them to 

yield in flexure prior to shear strength degradation 
and ultimately reach axial collapse (these columns 
are commonly referred to as flexure-shear-critical 
columns). The influence of non-confined joints on 
collapse behavior of the frame will also be 
investigated. 

The NCREE shaking table tests completed in 
2008-2009 will provide critical data to validate and 
improve numerical models for the assessment of the 
collapse vulnerability of concrete frame buildings, 
and, in turn, will allow for the refinement of 
guidelines used for seismic assessment. These tests 
focused on two previously unexplored issues: (1) the 
interaction of multiple vulnerable concrete 
components (i.e. beams, columns, and joints) within 
a building frame as collapse is initiated, and (2) the 
influence of high gravity loads on the collapse 
vulnerability of structure. Past shaking table collapse 
tests have focused on the performance of one 
specific component (i.e. columns) and only 
considered low to moderate gravity loads; however 
this simplifies the building response to such an 
extent that the results from these tests may not be 
representative of the true collapse behavior of real 
concrete frame buildings.  

Figure 1 describes four shaking table specimens 
tested at NCREE in April and May 2009. 
Comparison of the results from MCFS and HCFS 
will reveal the influence of axial load on shear and 
axial behavior of flexure-shear-critical columns, 
while observations from MUF and MUFS will 
demonstrate the effects of unconfined joints on the 
overall behavior of the frame near the point of 
collapse and sequence of failure in the elements. 
Details of the specimens are described in the 
following section. In addition to the four specimens 
shown in Figure 1, one frame with specifications of 
specimen MCFS, but with moderate axial load only 
on the middle column was tested in the spring of 
2009. This shaking table test was used to monitor the 
performance of many innovative elements employed 
in the tests, including the hydraulic jacks for the 
pre-stressing axial load system, top inertial mass 
system, instrumentation of the frame elements, 
connection of inertial mass system to the specimen, 
etc. Comparison of the results from this experiment 
with the MCFS test data also provides the 
opportunity to observe the effects of distribution of 
axial load on behavior of the frame. 

Fig. 1 Description of shaking table specimens 

Specimen MCFS: 
Moderate Axial Load 
Confined Joints 
Flexure-Shear Columns

Specimen HCFS: 
High Axial Load 
Confined Joints 
Flexure-Shear Columns

Specimen MUFS: 
Moderate Axial Load 
Unconfined Joints 
Flexure-Shear Columns

Specimen MUF: 
Moderate Axial Load 
Unconfined Joints 
Flexure Columns 
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Specimens and Test Setup 

Figure 2 shows the dimensions of the 
two-dimensional concrete frames tested at NCREE. 
The geometries and details were selected to be 
representative of elements used in a seven-story 
hospital building. Final dimensions and 
reinforcement details of the frames were influenced 
by the following considerations: laboratory and 
shaking table limitations, replication of column 
details used in existing buildings, desired failure 
mode, and cost. The target failure mode was intended 
to be damage leading to collapse that would enable 
examination of gravity load redistribution during the 
test. The column details and loading were chosen to 
be typical of 1960s and 1970s building construction, 
with widely spaced ties formed with 90° hooks. The 
ratio of beam-to-column stiffness was considered to 
be similar to the prototype existing building. Since 
the overall width of the frame, and consequently the 
beam length, was limited by the dimensions of the 
shaking table; the beam depth was adjusted to 
achieve the target beam-to-column stiffness ratio. 
Beam transverse reinforcement with closed stirrups 
and 135° hooks provided sufficient shear strength to 
develop full flexural strength, while longitudinal 
reinforcement was chosen to create a 
weak-column-strong-beam mechanism typical of the 
older concrete construction. Neither beams nor 
columns had lap splices to eliminate the splicing 
effects from the scope of this study. Slabs were cast 
with the beams to include the effect of slabs on the 
beam stiffness and the joint demands.  
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Fig. 2 Shaking table test specimen 

 

As shown in Figure 3, to account for the upper 
stories of a seven-story building, post-tensioning 
(marked by a red rectangle) was used to achieve high 
axial load on the columns, and a lumped mass (marked 
by a red circle) was placed on rollers on the shaking 
table and connected to the top of the specimen, This 
innovative approach enabled the demands from upper 
stories to be captured while ensuring the structure can 
be tested safely up to the collapse limit state. 

A stiff steel frame, bolted to the table, was used to 

brace the specimens in the out-of-plane direction by 
means of frictionless rollers at each beam level which 
allowed free in-plane motion (both horizontal and 
vertical) of the frame. Rigid transverse steel beams 
were connected to the supporting frame to catch the 
specimen after collapse and prevent any damage to the 
shaking table.  

Specimen instrumentation consisted of: 1) force 
transducers (load cells) that measured shear, axial load, 
and bending moments at the base of the frame 
footings; 2) strain gages on longitudinal and 
transverse reinforcements of columns, beams, and 
joints; 3) accelerometers for horizontal and vertical 
accelerations; and 4) displacement transducers to 
measure both local column and global frame 
deformations. Figure 4 shows the instrumentation 
used for the measurement of the exterior joint 
deformations. 

 
Fig. 3 Steel lateral supporting frame and inertial mass 

system 

 
Fig. 4 Instruments for measuring the exterior joint 

deformations 

Experimental Program 
Each specimen was first subjected to a white noise 

to obtain the natural period and damping ratio of the 
structure, followed by two sequential scaled table 
motions (Test1 and Test2) selected from the Chi-Chi 
earthquake records. The natural periods of the frames 
were obtained in a range of 0.28 to 0.29 sec, while the 
damping ratio was determined to be 2-3%. The 
specimens performed differently during Test1 and 
Test2. The test frames did not collapse during Test1, 
but all of them were damaged to some extent. As 
expected, columns of frames MCFS and HCFS 
experienced shear and flexural cracks, while damage 
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was mostly concentrated at the exterior first-story 
joints of specimens MUF and MUFS. The specimens 
did not perform similarly during Test2 and the failure 
mode was different for each frame. Specimen MUF 
did not collapse during Test2, while the other three 
frames experienced complete collapse. Figure 5 
summarizes the failure modes for the four specimens. 
Frame MCFS collapsed due to shear and axial failure 
of the first-story columns. This was not observed for 
the other cases, where combination of plastic hinge 
development and damage to the structural elements 
caused the failure of the frame. 

MCFS HCFS

ABC ABC

 
& Axial Failure
Joint Shear Failure
Plastic Hinge

MUF MUFS

Column Shear
ABC ABC

Direction of Peak
Displacement

 
Fig. 5 Failure mode for each specimen 

 

Figure 6 compares the base shear hysteretic 
response of the four frames for Test1. It is observed 
that the columns in specimens MUF and MUFS did 
not reach their shear capacity (Vp), while their 
first-story drift ratio was larger than MCFS and HCFS. 
This was expected for specimen MUF with ductile 
columns, however, similar performance by specimen 
MUFS, with flexure-shear-critical columns, suggests 
that the unconfined joints in these two specimens 
worked as a fuse and did not allow shear to be fully 
transferred to the first-story columns and 
accommodated much of the deformation demands.  
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Fig. 6 Comparison of base shear hysteretic response 

of the frames during Test1  

In specimen MCFS, shear failure of column B1 
was initiated at approximately 1.9% drift ratio and a 
shear of 79.5kN (Test2). Column C1, taking higher 
shear forces due to overturning compression demands, 
experienced shear failure at 2.2% drift ratio and shear 
of 87.2kN. Finally, column A1 at a drift ratio of 2.8% 
and shear of 65.7kN commenced to fail. It was 
observed that the onset of shear failure happened at a 
larger drift ratio for specimen HCFS, where column 
B1 experienced shear failure at 2.3% drift ratio and a 
shear of 86.8kN and shear failure of column C1 
commenced at 2.9% drift ratio and a shear of 81.6kN.  

The beam-column joints from both frames MUF 
and MUFS underwent large shear deformations, 
although the exterior joints from specimen MUFS 
showed a stiffer behavior in Test1. Shear failure of the 
first-story joints released the moments at the top of the 
first-story columns and as a result, these columns did 
not experience significant damage. The same release 
of moments did not appear to occur at the base of the 
second-story columns possibly due to the restrain of 
the slab. Furthermore, the beam-column joints of the 
second story were well-confined and imposed 
fixed-end boundary condition, so that the second story 
columns experienced larger demands than those in the 
first story. This would explain the shear and axial 
failures which occurred at the top of columns B2 and 
C2 of specimen MUFS. The behavior of frame MUFS 
implies that the rotation at the ends of a non-ductile 
column plays a significant role in shear and axial 
failure of this type of columns.  

Conclusions 
Five frames with non-seismic details were tested at 

the National Center for Research on Earthquake 
Engineering under moderate and high axial loads in 
spring 2009. Details of the specimens and setup of the 
tests were described in this paper. Observation of 
interaction of failure in columns and joints during the 
tests suggests that frame geometry and layout of 
critical elements are crucial in determining failure 
sequence and ultimately collapse mechanisms. 

Comparison of results from specimens MCFS and 
HCFS indicates that changes in axial loads can 
significantly impact the failure mode of the frame, and 
that larger axial load appears to increase the likelihood 
of failure in higher stories. 

Test results of frames MUF and MUFS suggest 
that unconfined beam-column joints are playing a 
major role in the behavior of non-ductile frames. In 
both cases, large deformations at the joints enhanced 
the performance of the frames by reducing the rotation 
at the top of the first floor column.   

Behavior of specimen MUFS indicates that 
inter-story drifts may not correlate well with shear 
failure of flexure-shear-critical columns, where shear 
failure initiation appears to be more related to column 
end rotations than column drifts. 
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Application and Improvement of the Coefficient Method of 
Displacement 

Yuan-Tao Weng 1, Shyh-Jiann Hwang 2 
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Abstract 
The understanding on the inelastic displacement ratio, i.e. the ratio of the maximum 

inelastic to the maximum elastic displacement of an SDOF system, allows the computation 
of its maximum inelastic displacement directly from the corresponding elastic one. This 
study presents a simple and effective method for the inelastic displacement ratio estimation 
of a structure under cyclic earthquakes. Extensive parametric studies were conducted to 
obtain expressions for the said ratio, in terms of the period of vibration, the viscous 
damping ratio, the strain-hardening ratio, the force reduction factor, and the soil class. It 
has been found that the post-stiffness ratio has a significant effect on the inelastic 
displacement ratio and hence on the maximum inelastic displacement of SDOF systems. 

Keywords: Inelastic displacement ratio, performance-based seismic design, displacement 
coefficient method , strength degradation 
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Introduction 
The Coefficient Method of displacement is the 

primary nonlinear static procedure presented in FEMA 
356 (ASCE, 2000). The method modifies the linear 
elastic response of the equivalent SDOF system by 
multiplying it with a series of coefficients (C0 through 
C3) to generate an estimate of the maximum global 
displacement (elastic and inelastic) also termed as the 
target displacement. The process begins with an 
idealized force-deformation curve (i.e., pushover 
curve) relating base shear to roof displacement. An 
effective period, Te, is generated from the initial 
period, Ti, by a graphical procedure that accounts for 
some loss of stiffness in the transition from elastic to 
inelastic behavior. The effective period represents the 
linear stiffness of the equivalent SDOF system. When 
plotted on an elastic response spectrum representing 
the seismic ground motion, as peak acceleration, Sa, 
versus period, T. The assumed damping, often five 
percent, represents a level that might be expected for a 
typical structure responding in the elastic range. The 
peak elastic spectral displacement is directly related to 
the spectral acceleration by the relationship 
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The coefficient C0 is a shape factor (often taken as 
the first mode participation factor) that simply 
converts the spectral displacement to the displacement 
at the roof. The other coefficients each account for a 
separate inelastic effect. 

Based on the evaluation summarized in FEMA 440 
document and from the available research data, 
improvements to the Coefficient Method of FEMA 
356 have been developed and are presented in the 
mentioned document. Recommendations include 
several improved alternatives for the basic ratio of the 
maximum displacement (elastic plus inelastic) for an 
elastic perfectly plastic SDOF oscillator to the 
maximum displacement for a completely linear elastic 
oscillator designated as the coefficient C1 in FEMA 
356. FEMA 440 report also recommends that the 
current limitations (capping) allowed by FEMA 356 to 
the coefficient C1 be abandoned. In addition, a 
distinction is recognized between two different types 
of strength degradation that have different effects on 
system response and performance. This distinction 
leads to recommendations for the coefficient C2 to 
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account for cyclic degradation in strength and stiffness. 
It is also suggested that the coefficient C3 be 
eliminated and replaced with a limitation on strength. 

In this study, using constant-ductility format, the 
coefficients C1 and C2 were revised and are presented. 
The determination of the target displacement in the 
simplified nonlinear static procedure (NSP) known as 
the Displacement Coefficient Method has been revised 
in this study. The target displacement, t, which 
corresponds to the displacement at roof level, can be 
estimated as follows: 

g
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where C0 is the fundamental modal participation factor, 
and C1 represents the approximate ratio of the 
maximum displacement of an elastic-perfectly-plastic 
SDOF oscillator model to that of a fully elastic 
counterpart. The proposed modification was based 
from the results of the simplified dynamic analyses 
conducted as part of the evaluation database. The 
proposed relationship is a function of ductility ( ), 
period (T), and site class. The coefficient C2 accounts 
for the change in maximum inelastic displacement for 
systems that exhibit cyclic degradation of stiffness and 
strength. The proposed modification was based from 
the results of the simplified dynamic analyses 
conducted as part of the evaluation database. In many 
cases, the data suggest that cyclic degradation does 
not increase maximum displacements. However, there 
are exceptions especially for short period, low strength 
structures. 

Description of equivalent SDOF model  
An elasto-plastic SDOF system with linear 

hardening or softening and viscous damping was 
used to model the structure, as shown in Fig. 1. The 
statistical dynamic response of this system to actual 
seismic records was investigated and is discussed in 
the next section. The dynamic equilibrium equation 
of an SDOF system is given by the following: 

gmauTkucum    (3) 
where m is the mass, u is the relative displacement, c 
is the damping coefficient, kT is the tangent stiffness, 
and ag is the acceleration of the ground motion, while 
upper dots stand for time derivatives. If the required 
yield force for a system with available ductility  is 
denoted by fy and the maximum force response of the 
corresponding linear elastic system by fel (Fig. 1), the 
force reduction factor R can be defined as 

yfelfR     (4) 
Using traditional structural dynamics theory, 

SDOF systems are defined here by their elastic 
vibration period T, ranging from 0.1 s to 3.0 s, and 
viscous damping ratio  , assumed to be 1%, 2%, 5% 
and 10%. The yield force fy can be expressed in 

terms of the yield displacement uy and the elastic 
stiffness kel as 

yel ukyf     (5) 

while the ductility  is defined in terms of the 
maximum displacement umax and the yield 
displacement uy, as 

ymax uu     (6) 
Strain hardening or softening takes place after 

yielding initiates. The tangent stiffness is defined as 
the slope kt =H×kel of the second branch of the 
skeleton force-displacement relationship (see Fig. 1). 
In this work, seven different values of the post-yield 
stiffness ratio, H = kt/kel, were examined. These are 
0%, which corresponds to an elastic-perfectly plastic 
model, 1%, 3% and 5% for the linear hardening 
model, and 1%, 3% and 5% for the linear 
softening model. Unloadings and subsequent 
loadings were assumed to be parallel to the original 
loading curve, as shown in Fig. 1. 

Finally, the inelastic displacement ratio is 
defined as the maximum lateral inelastic 
displacement umax divided by the maximum lateral 
elastic displacement uel for a system with the same 
mass and initial stiffness (i.e., same period of 
vibration) subjected to the same earthquake ground 
motion. This ratio is given by 

RuelmaxuIDR    (7) 
 

 
Fig. 1 Bilinear elasto-plastic model of an SDOF 

As Figure 2 shows, in order to compute the 
coefficients C1 and C2, an equivalent bilinear 
structural pushover curve model has been proposed 
to consider structural cyclic strength degradation. 

 
Fig. 2 Equivalent bilinear structural pushover curve 
model 
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In order to evaluate the coefficient C2, the 
model shown in Figure 2 was considered. Use equal 
energy principle to idealize the pushover curve as a 
bilinear curve, and then compute the corresponding 
post-yield stiffness ratio H and ductility ratio. The C2 
coefficient which reveals cyclic stiffness and 
strength degradation effects can be computed as 

H1H-1-1IDR  (8) 
In order to verify the feasibility of Eq. (8), a 

total of 112 real earthquake acceleration 
time-histories from around the world are used in this 
study. These accelerograms present maximum 
ground acceleration greater or equal to 0:10g and are 
recorded at sites ranging from hard rock to soft soil 
conditions according to the definitions of the United 
States Geological Survey (USGS) site classification 
system (Boore 1993). More specifically, 4 groups of 
28 accelerograms are examined, which correspond 
to: 

 hard rock site conditions with shear wave 
velocity 750 m/s  VS (soil type A). 

 soft rock or very dense soil with shear wave 
velocity 360m/s  VS < 750 m/s (soil type B) 

 stiff soil with shear wave velocity 180 m/s  
VS < 360 m=s (soil type C) 

 soft soil with shear wave velocity 180 m/s > VS 
(soil type D). 

The complete list of these earthquakes, which 
was downloaded from the strong motion database of 
the Pacific Earthquake Engineering Research (PEER) 
Center. The total sample of earthquakes can be 
characterized as fairly broad since it ranges in terms 
of maximum ground acceleration between 98 and 
806 cm/s2, i.e., between 0.100g and 0.822g. The 
mean response elastic spectra (  = 5%) for the four 
aforementioned groups and the whole sample are 
presented in Fig. 3. These spectra seem to be similar 
to the corresponding design spectra proposed by 
modern seismic codes with analogous site 
classification systems. Furthermore, this soil 
classification system is quite similar to EC8 
provisions (ECS, 2003) since the only difference 
between the EC8 and USGS categorizations has to 
do with the characteristic shear wave velocity of hard 
rock, which is greater than or equal to 800 m/s and 
750 m/s, respectively. 

 
Fig. 3. Acceleration spectra for the four groups of 
accelerograms. 

Influence of various parameters 
This section examines the influence of period of 

vibration, force reduction factor, site conditions, 
post-yield stiffness ratio and viscous damping ratio 
on the inelastic displacement ratios. These aspects 
are investigated for reasons of completeness as many 
of them have been also studied by several authors, 
but in the most cases separately and seldom 
simultaneously. The influence of soil types is 
typically shown in Fig. 4. It is evident that the 
inelastic displacement ratios are not significantly 
affected by local site conditions and can be 
practically neglected. This characteristic is in 
agreement with the observations of Miranda (2000).  

Figure 5 shows the influence of post-yield 
stiffness ratio. It is evident that the decrease of this 
ratio leads to a significantly higher inelastic 
displacement ratio value and vice versa. Finally, as 
one can observe from Figs. 4-5, the inelastic 
displacement ratios are extremely dependent on the 
structural period of vibration, in any case. 
Concluding this section, it should be noted that 
despite the observed influence of the most critical 
parameters, i.e. post-yield stiffness ratio, force 
reduction factors and structural period on the 
inelastic displacement ratios, there are many seismic 
design codes which ignore them in the estimations. 
 
Conclusions 
This paper proposes a new method for evaluating the 
inelastic displacement ratios of SDOF systems on the 
basis of empirical expressions obtained after 
extensive parametric studies. The influence of period 
of vibration, force reduction factor, soil type 
conditions and post-yield stiffness ratio (hardening 
and softening) is carefully examined and discussed. 
The main innovation of this work has to do with the 
quantification of the seismic sequence effect directly 
onto displacement demands, a problem which has not 
been studied in the past. A detailed study of the 
influence of the various parameters of the problem 
on the inelastic displacement ratio leads to the 
following conclusions: 
1. The increase of force reduction factors always 

leads to an increase of the inelastic 
displacement ratio and vice versa. Furthermore, 
these ratio values are extremely dependent on 
the structural period of the SDOF system, 
especially in the short-period range, say up to 
0.5 s. In this case, the lower the period, the 
higher the inelastic displacement ratio. 
Additionally, the decrease of post-yield 
stiffness ratio leads to higher displacement 
demands and vice versa. This effect is more 
pronounced for negative values of this 
parameter, i.e., for softening behavior.  

2. The local site conditions and the viscous 
damping ratio influence the inelastic 
displacement ratio slightly, and can be 
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practically ignored. 
3. The traditional seismic design procedure, 

which is essentially based on the isolated 
`design earthquake', should be reconsidered. 
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Fig. 4. Influence of local site conditions. 
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Fig. 5. Influence of post-stiffness ratio. 
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Abstract 
Since 2003, the National Center for Research on Earthquake Engineering (NCREE) has 

accepted the project from the Department of Elementary Education (DEE) to establish 
procedure on seismic capacity upgrading in Taiwan’s elementary school buildings. The 
said procedure can be divided into four stages, namely: (1) simple survey, (2) preliminary 
evaluation, (3) detailed evaluation, and (4) retrofit design with construction. The simple 
survey was designed to be applied by school administrators and has been applied already in 
Taipei city and county. Analysis of simple survey data can provide reference to determine 
which school buildings have doubtful seismic capacities. These selected school buildings 
can then be sent to the next steps for preliminary evaluation, detailed evaluation or even 
retrofit design with construction which will be carried out by professional engineers. 

In the past few years, NCREE has set up the so-called “Seismic Information Web of 
School Buildings” for the requirement of DEE. This web includes collections into a one 
unique platform of the simple survey, preliminary evaluation, detailed evaluation, and 
retrofit design with construction. In this year, NCREE will assist all city and county 
governments to undertake simple survey, preliminary evaluation, and detailed evaluation 
and retrofit design with construction of elementary school buildings. And the so-called 
“overall school building investigation” will be processed in this year. The checklist of 
retrofit design with construction will be so designed such that data will be received through 
the network. Through the established web platform, the collected data can be provided to 
education departments, researchers and professional engineers to study about elementary 
school buildings. Therefore, the budget from the national government can be used 
effectively through the study of the collected data in the web. 

Keywords: Seismic information web of school buildings, Seismic capacity evaluation of 
school buildings, Data bank of school buildings, 
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Introduction 
In the past years the government has considered 

seismic capacity upgrading of school buildings as an 
important issue. To improve the seismic capacity of 
school buildings, since 2004, the Department of 
Elementary Education of the Ministry of Education 
(MOE) has supported projects of NCREE to study the 
procedure of seismic evaluation and retrofit of school 
buildings as shown in Fig. 1. From the simple 

surveyed data reported by the school administrators, 
the first sampling of school buildings with doubtful 
seismic capacity can be specified. Those school 
buildings can be set to the preliminary evaluation 
process which is processed by professional engineers. 
The school buildings which have insufficient seismic 
capacity from the results of preliminary evaluation 
will be put to detailed evaluation to identify their 
seismic capacities. The school buildings which lack 
seismic capacity will be retrofitted or rebuilt. All the 
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data collected from these processes will be compiled 
into the seismic evaluation and retrofit data bank of 
elementary school buildings. The collected data can be 
provided to education departments, researchers and 
professional engineers to study about school buildings. 
The budget of the government can then be used 
effectively through the study of the collected data. 

Screening…

Evaluation
/Design…

Construction…

Simple
Survey

Preliminary
Evaluation

Detailed Evaluation
and

Retrofit Design

Construction

END

Inspection

Peer
Review

Yes

Yes
 

Fig. 1 Established procedure on seismic evaluation 
and retrofit of school buildings 

Overall investigation of school buildings 
In 2009, NCREE assisted MOE to execute the 

four-year project to upgrade the seismic capacity of 
high school and elementary school buildings in 
Taiwan. Accordingly, professional engineers will 
evaluate the seismic capacity of school buildings and 
design the retrofitting method if it is required. 
Engineers will submit the evaluation and retrofit data 
to the seismic information web of school buildings. 

To move forward this project, an overall 
investigation of school buildings will be undertaken. 
This overall investigation can provide a whole picture 
on the present condition of school buildings. The 
investigation results can be compared with the data 
bank of seismic information web of school buildings. 
Then, it is hoped that the progress of the project to 
upgrade the seismic capacity of high school and 
elementary school buildings in Taiwan be understood. 

The overall investigation of school buildings will 
be held under the cooperation of NCREE and several 
universities and colleges. Civil engineering students 
will be sent to investigate the school buildings. Major 
investigation items include the basic information of 
the school, the present conditions of school buildings 
and the seismic upgrading stage of the buildings. 

At the moment, a total of 456 schools have the 
overall investigation results including 18 schools in 
Taipei City, 166 schools in Taipei County, 88 schools 
in Yunlin City and County, 96 schools in Chiayi 
County, 60 schools in Tainan City and County, and 28 
schools in Hualien County.   

 

Preliminary evaluation 
Since December 2003, the collection of 

preliminary evaluation of school buildings has started. 
At that year, the data on preliminary evaluation 
included 26 schools in seven cities or countries. In 
2006, the upload checklist of preliminary evaluation 
was established and received the data of about 1,500 
schools in Taipei City and County. Until 2009, the 
data bank collected preliminary evaluation checklists 
of over nine thousand school buildings. 

The method of preliminary evaluation has two 
versions. The first version was developed in 2003 and 
was modified in 2008 and served as the second 
version. The preliminary evaluation in Taipei City and 
County used the first version. Most school buildings 
applied in the project of MOE used the second version 
and its distribution is shown in Fig. 2. 

 
Fig. 2 The distribution of school buildings which 

used the second version of preliminary 
evaluation method 

Detailed evaluation and retrofit design 
Detailed evaluation is the third stage of the 

strategy on seismic upgrading of school buildings. The 
detailed evaluations are executed by professional 
engineers to identify the seismic capacity of school 
buildings. The process involves more detailed and 
complete analysis than the preliminary evaluation. It 
needs to collect the structure’s blueprint, investigate 
the structure in person and take samples to test. These 
data serve as reference to evaluate the seismic 
capacity of the school buildings. The seismic 
performance requirement of the school building is due 
to its usage. Then the engineer will model the 
structure and proceed to the nonlinear static analysis 
using a structural analysis program. From the analysis, 
the performance object peak ground acceleration 
compared with the peak ground acceleration of the 
design earthquake of 475 years return period can be 
determined. If the performance object peak ground 
acceleration is smaller than the design earthquake’s 
acceleration, the school building needs to be 
retrofitted or rebuilt. If the school building satisfies 
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the requirement of the seismic performance, the 
building does not need to be retrofitted. 

The last stage of the strategy on seismic upgrading 
of school buildings is the retrofit design. This work is 
also executed by professional engineers. The retrofit 
construction is processed by a construction contractor 
and supervised by the original retrofit design engineer. 

Table 1 Analysis results of various detailed evaluation 
methods 

Strength Ductility 
Method Pushover Method

 
buildings ratio buildings ratio 

Need 
retrofit 207 93.24%  528 80.61%

No need 
retrofit 11 4.95% 75 11.45%

Suggest to 
rebuild 4 1.80% 52 7.94% 

On November 26, 2009, the data bank has already 
collected detailed evaluation data of 877 school 
buildings. In these data, there are 222 (about 25.3%) 
school buildings that used the strength and ductility 
method for detailed evaluation. The other 655 school 
buildings used the pushover analysis. In general, the 
strength and ductility method is more conservative. It 
only considers the elastic behavior of the structure and 
the assumed ductility is considered too conservative. 
So nearly 93.2% of the evaluated school buildings 
were judged to be retrofitted or rebuilt. But for 
pushover analysis, only 80.6% of the evaluated school 
buildings have to be retrofitted or rebuilt. The analysis 
results of these two detailed evaluation methods are 
shown in Table 1. The pushover analysis is more 
suitable to be the tool on the detailed evaluation works. 
It can specify the school buildings that need 
retrofitting and can eventually save on budget. 

Table 2 Data of supposed retrofit method in the data 
bank 

 Proposed 
case 1 

Proposed 
case 2 

Adding 
shear walls 247 179 

Adding 
wing walls 254 206 

Adding 
struts 8 56 

Extended 
columns 217 266 

Enclosed 
steel plates 7 8 

Foundation 
retrofit 159 155 

The data bank has collected already retrofit design 
data of 90 school buildings as of November 26, 2009. 
In the data, 37 school buildings (about 41%) used the 

strength and ductility method to evaluate the seismic 
capacity of the retrofitted school buildings. The other 
53 school buildings used the pushover analysis. 

In the seismic data bank of school buildings, the 
supposed retrofit methods include adding elements, 
column retrofit, wall retrofit, beam retrofit, reducing 
weight, foundation retrofit, etc. Table 2 shows the data 
of supposed retrofit methods in the data bank. The 
extended column, adding wing walls and adding shear 
walls are most favorable for professional engineers. 

Short courses of seismic evaluation and 
retrofit design of school buildings 

Because most of the works on seismic upgrading 
of school buildings are processed by professional 
engineers, NCREE has held many short courses to let 
engineers be familiar with all the needed information 
on the checklists which are relevant to upload the data 
of preliminary evaluation, detailed evaluation, and 
retrofit design with construction.  

 
Fig. 3 The short course of seismic evaluation and 

retrofit design of school buildings 

From March to November of 2009, NCREE has 
held 22 short courses on seismic evaluation and 
retrofit design of school buildings as shown in Fig. 3. 
A total of 2,075 engineers from all parts of Taiwan 
have attended these short courses. These short courses 
hoped to ease on the uploading works and proceed 
more successfully. 

Conclusions 
The elementary school buildings have considerable 

quantities and are located everywhere in Taiwan. Most 
often times, the school buildings play an important 
role as evacuation shelters in case of disaster reduction 
plans. The seismic design requirement for the school 
buildings is higher than the ordinary buildings of 
about 50%. Based from the observation of the seismic 
disaster of historical earthquakes the elementary 
school buildings have suffered tremendous damages 
than the ordinary buildings. The lack of seismic 
capacity for elementary school buildings is an 
important problem. This research aimed to assist the 



32

 

32 

government officials of cities and counties to process 
the works on seismic upgrading of school buildings 
and collect the data of seismic evaluation and retrofit 
design. The seismic information web of school 
buildings is continuously maintained and is linked to 
governments, engineers and researchers. 

As of November 26, 2009, the seismic information 
web of school buildings has been visited by more than 
90,000 individuals. The collected data include more 
than 4,000 schools, simple survey data of 12,500 
school buildings, preliminary evaluation data of 
10,628 school buildings, detailed evaluation data of 
1,815 school buildings, and retrofit design data of 186 
school buildings. 
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Abstract 
The Ministry of Education in Taiwan promotes the project regarding the renovation or 

rebuilding of elementary school, junior high school, state high school and vocational high 
school buildings and facilities from 2009 to 2012. The project, contracted by the National 
Center for Research on Earthquake Engineering (NCREE), includes four-stage strategy for 
screening with existing school buildings, which are seismic preliminary evaluation, 
detailed evaluation, retrofit design and retrofit implementation. In order to promote this 
project successfully, NCREE proposes a series of guidelines for stages of seismic detailed 
evaluation, retrofit design and retrofit implementation. Three guidelines, namely, 
“Guideline of Detailed Seismic Evaluation for Public School Buildings”, “Guideline of 
Seismic Retrofit Design for Public School Buildings”, and “Guideline of Retrofit 
Construction Supervision for Public School Buildings” are discussed in this report. 
Possible problems of concern posted by school administrators were also collected and are 
detailed in this report in modifying the proposed standards in the future. 

Keywords: school building, seismic evaluation, retrofit design, construction supervision, 
guideline. 
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Introduction 
Taiwan, located in a zone of frequent earthquakes 

and volcanic eruptions on the so-called Ring of Fire, 
has to constantly face the hazard of seismic effects. 
For instance, in the Chi-Chi earthquake, on Sep. 21, 
1999, nearly half of school buildings in Nantuo 
County located in the central part of Taiwan were 
severely damaged. Recently, earthquakes with more 
than 6.5 in Richter Scale occur repeatedly in the 
Pacific Ring of Fire region, and cause human injuries 
and casualties with severe damage of buildings. In 
addition, the China’s Wenchuan earthquake on May 
12, 2008, had caused more than 7,000 school 
buildings to collapse and a large toll of student 
casualties. Therefore, various mitigation measures on 
the aftermath of earthquakes have been paid much 
attention to in numerous studies and policies for the 
government. 

The experiences gained during the major 

earthquake that hit Taiwan on September 21, 1999 and 
on the Sichuan earthquake in 2008, made clear to 
everyone the importance of ensuring that school 
buildings must be resistant to earthquakes, and had 
drawn attention to the problem of school buildings 
being old, decrepit and vulnerable to earthquake 
damage, and the potential threat they pose to the 
safety of students and teachers. This project has been 
formulated in line with the government's so-called 
“Plan for Expansion of Investment in Public 
Construction to Revitalize the Economy”, further 
aimed to speed up the renovation and rebuilding of old 
and decrepit public school buildings, so as to enhance 
their resistance to earthquakes and ensure the safety of 
both students and teachers, while also improving the 
overall school environment. 

In this project, four-stage strategy in screening 
existing school buildings were established, namely, 
seismic preliminary evaluation, detailed evaluation, 
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retrofit design, and retrofit implementation (see Fig. 1). 
With the task to seismically upgrade public school 
buildings, the Ministry of Education entrusts this 
project to the National Center for Research on 
Earthquake Engineering (NCREE) in establishing a 
data bank of seismic resistance of school buildings, so 
as to screen the vulnerability of buildings by 
preliminary evaluation data, and to sort the 
insufficient resistance by detailed evaluation data, and 
then to collect the results of retrofit deign and retrofit 
implementation. 

In order to do this project successfully, NCREE 
proposed a series of guidelines for each stage of 
seismic detailed evaluation, retrofit design, and retrofit 
implementation. Each of the three guidelines provides 
operating standards, including procedure, rules, 
technique, peer review, and acceptance. In the 
following sections, the three guidelines, named as 
“Guideline of Detailed Seismic Evaluation for Public 
School Buildings”, “Guideline of Seismic Retrofit 
Design for Public School Buildings”, and “Guideline 
of Retrofit Construction Supervision for Public School 
Buildings”, are briefly introduced. 
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Fig. 1 Procedure of Seismic Upgrading for Public 

School Buildings 

Guideline of Detailed Seismic Evaluation 
for Public School Buildings 

This guideline aimed to evaluate accurately the 
seismic resistance of buildings, so as to sort the 
retrofitting method necessary in the future. The 
contents of this guideline include the following: 
Preface, Operating Procedures of Detailed Evaluation, 
Rules for Operating Procedure, Technical Items of 

Detailed Evaluation, Standard of Peer Review, and 
Acceptance Criteria. 

 Operating Procedures of Detailed Evaluation 
This section shows the procedures of detailed 

evaluation, which indicates that the project will be 
managed from signing of contract to acceptance. Two 
examinations (peer reviews) will be held in this 
procedure. Finally, the evaluation result should be 
uploaded to the data bank. The whole procedure is 
shown in Fig. 2. 

 Rules for Operating Procedure 
The rules for operating procedure include how to 

call examination committee, to apply uploading 
account, to participate in operating workshop, and to 
submit reports, etc. 

 Technical Items of Detailed Evaluation 
This section discusses the technical items that 

provider needs to define, i.e. to make a record of user 
demand, to check the seismic importance factor, to 
choose the evaluation method, to define the seismic 
performance criteria, to finish the checking items of 
analysis, and to suggest two plans for retrofit, etc. 

 Standard of Peer Review 
In here, the rules on how to establish the 

committee of peer review and of the procedure of peer 
review are defined. The standards for midterm and 
term examinations are also discussed. 

 Acceptance Criteria 
To finalize the items required in the contract, the 

provider needs to upload the results of evaluation and 
submit a final report. The school managers will be 
encouraged then to check if the results of evaluation 
have been uploaded. 
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Fig. 2 Procedure of Detailed Seismic Evaluation 
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Guideline of Seismic Retrofit Design for 
Public School Buildings 

This guideline aimed to effectively upgrade the 
seismic resistance of buildings by suitable retrofitting 
methods and at reasonable cost, so as to ensure the 
security of people using the building. The contents of 
this guideline include the following: Preface, 
Operating Procedure of Retrofit Design, Rules for 
Operating Procedure, Technical Items of Retrofit 
Design, Standard of Peer Review, and Acceptance 
Criteria. 

 Operating Procedure of Retrofit Design 

This section shows the procedure of retrofit design.  
Two examinations (peer reviews) will be conducted in 
this procedure by the school chosen to support the 
session. After evaluation by NCREE, the plan of 
retrofit design can then pass the given examination. 
Finally, the designed plan should be uploaded to the 
data bank. The whole procedure is shown in Fig. 3. 

 Rules for Operating Procedure 

The rules for operating procedure include how to 
call examination committee, to apply uploading 
account, to participate in operating workshop, to 
submit a report of basic plan, to finish detailed design 
and documentation of purchase order, and to 
administer supervision, etc. 

 Technical Items of Retrofit Design 

This section indicates the technical items that 
provider needs to define, i.e. to carry out basic plan, to 
make a record of user demand, to carry out the seismic 
simulation of retrofitted structural modal, to check the 
seismic importance factor, to define the seismic 
performance criteria, to finish the checking items of 
analysis, and to choose the best plan for retrofit. 

 Standard of Peer Review 

In this section, the rules on how to establish the 
committee of peer review, and of the procedure of 
peer review are defined. The standards for midterm 
and term examinations are also discussed. 

 Acceptance Criteria 

In here, the provider needs to upload the details of 
design, to carry out the policy of energy-saving 
scheme and carbon reduction, and submit a final 
report. The school managers are also encouraged to 
check if the results of retrofit design have been 
uploaded. 
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Fig. 3 Procedure of Seismic Retrofit Design 

Guideline of Retrofit Construction 
Supervision for Public School Buildings 

The whole procedure of seismic upgrading for 
school buildings includes seismic preliminary 
evaluation, detailed evaluation, retrofit design and 
retrofit implementation as shown in Fig. 1. However, 
the budget of retrofit implementation is over 90% of 
the total project cost thus, the quality of retrofit 
implementation is the key of the whole project. 

This guideline aimed to ensure the quality of 
retrofitting construction, so as to guarantee teachers 
and students safety from disaster caused by 
earthquakes. 

The policy on quality management of construction 
has been executed by the Government Procurement 
Act several years ago in Taiwan. All procurements of 
the retrofit implementation have to follow the 
“Operation Guidelines for Managing Construction 
Quality of Public Works”. Due to that the retrofit 
construction is more difficult than a new construction, 
and that the importance of retrofit explicitly relates to 
the security of teachers and students safety, the quality 
management of retrofit construction depends if the 
construction supervision can be exactly carried out in 
order to ensure that the construction absolutely 
conform to the design. Therefore, NCREE prescribed 
these Guidelines pursuant to the Guideline 18 of the 
“Operation Guidelines for Managing the 
Construction Quality of Public Works” amended and 
promulgated by the Executive Yuan Public 
Construction Commission (abbreviated as “PCC”). 

Moreover, the content of this guideline includes 
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Preface, Authority and Duty of Supervised Operation, 
Rules for Operating Procedure, and Acceptance 
Criteria. 

 Authority and Duty of Supervised Operation 

This section shows the major serviced items of 
supervision unit and the relation of the authority and 
duty among agency, engineering design company, 
supervision unit and construction units. 

 Rules for Operating Procedure 

The rules in the supervised operating procedure 
includes: 1) The supervisor should execute operation 
on-site; 2) He shall examine the construction plan, 
quality plan, expected schedule, construction drawings, 
equipment samples and other items submitted by the 
supplier for examination; 3) He shall establish 
inspection hold points and obtaining samples for 
inspection on appropriate items in cooperation with 
the supplier; 4) He shall perform spot-checking on all 
of the retrofitting members one by one, and filling out 
spot check records; 5) The supervisor shall coordinate 
and integrate contract execution interface, if necessary, 
changing order of contract; 6) He shall take pictures or 
files of the key-point of work so as to be the evidences; 
7) He shall supervise the execution of the following 
matters: site safety and hygiene, traffic maintenance, 
environmental protection, etc; 8) He shall examine the 
completion report submitted by the supplier; and, 9) 
He shall upload the completion report to the data bank 
(http://school.ncree.org.tw/school/). 

 Acceptance Criteria 

To execute the items in the contract, the 
supervision unit needs to examine the project 
completion report submitted by the supplier and have 
it uploaded on the website of the project 
(http://school.ncree.org.tw/school/). The agency is 
also encouraged to check if the results of completion 
report have been uploaded. 

Conclusions 
The guidelines serve as the operating standards 

for seismic upgrading of school buildings. Since the 
Ministry of Education published the guidelines in June, 
2008, 9,000 buildings have finished preliminary 
evaluation, 2,250 buildings have finished detailed 
evaluation, about 500 buildings have finished retrofit 
design, and over 145 buildings have finished retrofit 
implementation as of January 2010. 

In the course of executing this strategy for 
seismic upgrading of school buildings, all kinds of 
construction problems have been collected and 
discussed with the committee, which is composed of 
scholars, professional engineers, and officials. The 
guidelines will adopt the expert suggestions so as to 
solve the future problems and to speed up the 
renovation and rebuilding of old and decrepit public 

school buildings. 
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Abstract 
Recent reconnaissance reports revealed that the low-rise reinforced concrete buildings 

were particularly vulnerable structures. School buildings are typical type of low-rise 
buildings. Although there are many researches about the seismic capacities of school 
buildings, in this research, three groups of model building based on true school building 
were established and then simplified pushover analysis was performed in calculating their 
seismic capacity. Also, the existing NCREE preliminary seismic evaluation method was 
used to analyze the same building model and corresponding comparison between 
preliminary seismic evaluation method and simplified pushover analysis has been made. 
Based on the results, recommendations were made to develop further the proposed 
preliminary seismic evaluation method.  

Keywords: school building, preliminary seismic evaluation method, simplified pushover analysis, 
vertical element. 
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Introduction 
On September 21, 1999, a major earthquake of 

7.3 in Richter scale has devastated Taiwan and had 
caused heavy casualties and a great loss of properties. 
There were large numbers of low-rise reinforced 
concrete school buildings that had sustained severe 
damage or complete failure. In Taiwan, school 
buildings serve as place for students’ classes on 
regular times and are turned into shelters for evacuees 
and rescue operations when such disaster happened. In 
order to make sure of the school building’s function 
and perhaps to reduce its vulnerability to damage, the 
seismic capacity must be seriously considered. 
However, there are more than ten thousands school 
buildings in Taiwan. It is therefore necessary to 
develop a faster and simpler method to evaluate the 
seismic capacity of school buildings. In response, 
NCREE develops a preliminary seismic evaluation 
method. In this study, focus will be on modification of 
the existing parameters for the proposed evaluation.  

Frame Analysis 

In this research, analyses of a group of model 
buildings using NCREE’s preliminary seismic 
evaluation method and simplified pushover analysis 
were done and comparison of results has been made. 
The model buildings also include the walls in the 
system.  

NCREE’s Preliminary Seismic Evaluation 
Method 

The evaluation method[1] is based on “The 
seismic evaluation method for existing RC buildings” 
published by The Japan Building Disaster Prevention 
Association and “The seismic evaluation method for 
RC buildings” [2] from Prof. Tsai, I. C. The 
conditions of actual school buildings in Taiwan were 
also considered in the evaluation method. The basic 
seismic capacity can be derived based on the ratio of 
demand and supply. But the present conditions of the 
school buildings play an important role on the 
evaluation of their seismic capacities. The 
“Preliminary Seismic Evaluation Method” also 
accounts for structural modification factors. By 
combining the basic seismic capacity and the 
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structural modification factors, the seismic capacity 
index can be determined.        

The main idea of the “Preliminary Seismic 
Evaluation Method” can be expressed as  

0.1supply

demandV
V

                           (1) 

where supplyV  is the total shear force of the 
vertical member in the first floor, which is  

)( 3344supply RCWRCWCCBWBWBWBW AAAAV  (2), 

and 4BW  is the ultimate unit shear force of 

four-sided confined brick wall, 3BW  is the ultimate 
unit shear force of three-sided confined brick wall, 

C  is the ultimate unit shear force of RC column, 

RCW  is the ultimate unit shear force of RC wall. 
However, the stiffness of the member is totally 
different from each other, so the ultimate strength will 
not occur at the same time. In order to make the result 
closer to the real behavior of the structure, the 
reductive factor  adopted was 0.8, which is referred 
from, “The seismic evaluation method for existing RC 
buildings”. 

demandV  is from the seismic design code in 
Taiwan, which is defined as  

u
demand F

ZICWV                     (3) 

where Z is the seismic zone factor, I is the 
occupancy importance factor, C is the seismic force 
coefficient, W is the total dead load, and uF is the 

reduction factor, 12 au RF . 

CW
AAAA ccBWBWBWBW 12R)(

PGAZI aRCWRCW4433  (4) 

The above formula represents the PGA 
evaluation of the NCREE’s Preliminary Seismic 
Evaluation Method. In this study, PGA was considered 
the most important comparison point between the 
Preliminary Seismic Evaluation Method and the 
simplified pushover method.  

2. Simplified pushover method  
First of all, ordinary RC buildings usually have 

strong-beam-weak-column behavior, and the beam 
can be considered as a rigid body because they are 
confined by the floor slab. Summing up all the reasons, 
the deformation and shear force of the structure are all 
accounted for by the vertical members. Because of 
this, the pushover curve of the structure can be 
provided by the summation of load-deflection curves 
of all the vertical members. Tu and Tu (2005) 

suggested that the peak ground acceleration can be 
found in the demand spectrum. 

The calculation of the load-deflection curve of 
RC column depends on different failure modes. 
Cindrawaty’s (2007)[5] suggestion was used in this 
study, in which the failure mode of column was 
divided into four, namely: shear failure, flexural shear 
failure, flexural shear failure (transition zone), and 
flexural failure. The calculation of column 
load-deflection curve utilized the concept of soften 
strut-and-tie model, which can predict the behavior of 
RC column more correctly. 

The calculation of load-deflection curve of RC 
wall in this study was referred from Ika Bali’s 
research in 2006 of lateral force-displacement curve 
prediction of RC wall [6]. Considering the 
confinement of floor slab, most members experience 
double curvature deformation. Thus, this study applied 
this assumption in predicting the RC wall behavior.  

The calculation of load-deflection curve of brick 
wall in this study was referred from the model 
provided by the Chen Y.H. (2003) [7] and from the 
brick wall code of Taiwan. All the assumed brick 
walls in this study were infilled after casting the three 
confined sides of brick wall.  

In this study, the performance point was set at 
point where the strength reduced to 80% after the 
maximum base shear has occurred. The yield point 
was set at the cross point of the link of point of origin 
and 75% strength (before the maximum base shear has 
occurred) to the extended line of maximum base shear. 
The ductility of the structure can be calculated from 
performance point divided by yield point. 

3. Model buildings 
The model buildings were grouped to three kinds, 

namely: pure frame, frame with RC wall, and frame 
with brick wall. According to the data survey of 
school buildings in Taiwan, the school buildings can 
be classified whether there is corridor, column, or the 
span of one classroom. Typically, there are four 
classrooms in one floor. The pure frame model school 
building can be presented by combining all the 
different common characteristics of school buildings.   

The cross-section of the RC column was obtained 
from the data survey of school buildings. So, to 
represent the typical school buildings in Taiwan, both 
the details and the cross-section of the RC column 
used in the model building were all based on real 
school buildings in the region. However, the data base 
do not have cases of RC wall and brick wall along the 
corridor, so assumption was necessary if the wall 
member was included in the scenario. Considering the 
possibility of the real situation, different wall 
quantities were included in this study. A total of 304 
different kinds of model buildings were included.  
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Results and Comparison 
Results of Analysis 

The NCREE’s Preliminary Seismic Evaluation 
method and the simplified pushover analysis method 
were both utilized to analyze those various types of 
model buildings. The results of analyses were 
compared to modify the PGA, the ultimate unit shear 
force, , and aR . In this research, the results are 
shown by the ratio of preliminary seismic evaluation 
method to simplified pushover analysis method such 
as the graphs in Fig. 1. 

 

 

 
 
 
 

(a)Pure Frame (b)Frame with RC wall (c)Frame with brick wall 
Fig. 1 Results of PGA ratio 

 
The graphs show that NCREE’s preliminary 

seismic evaluation method over- or under-estimates 
the seismic capacity of particular school building. It is 
because the axial load will make the ultimate column 
strength different. In this research, the columns were 
classified according to the following: classroom 
column, corridor column, and partition column in the 
brick wall. The graphs are used to find the relation 
between column types and storey. 

 

 

 
 
 
 

 
(a) Classroom Column (b) Corridor Column (c) Partition Column 

Fig. 2 Relationship between column types and storey. 
From the graphs in Fig. 2, the ultimate unit shear force 
of the three types of column are as follows: 

48.1   m)c(classroo story            (5) 

   m)c(classroo   )c(carridor 0.6            (6) 

2.6   n)c(partitio              (7) 
In order to get a conservative result, the axial 

load has been ignored and it was assumed that the 
strength is controlled by flexure. The ultimate unit 
shear strength of RC wall was a fixed value, 

212 cmkgfRCW . 

The ultimate shear strength of brick wall was 
determined according to the existing building code. 
The ultimate unit shear force of brick wall was 

2
3 2 cmkgfBW 。 

 

 

 
 
 
 

(a) Pure Frame (b) Frame with RC wall (c) Frame with brick wall 
Fig. 3 Relationship between Model Building and 

Ductility 
 

The graphs in Fig. 3 show that the ductility is 
well than the suggestion from existing preliminary 
seismic evaluation method. From the field test result, 
it can be observed that the school building has good 
ductility. Thus, ductility equal to 2.2 was suggested in 
this research.  

Since the whole members in the building will 
have not reached the ultimate strength at the same 
time, the strength reduction factor, , is needed. In this 
research, the strength reduction factor, , is 0.9. 

The existing preliminary seismic evaluation 
method used the unit weight of floor as 900 2mkgf . 
According to the database, the unit weight of floor as 
suggested, for function story is 900 2mkgf , for 

roof story is 750 2mkgf . 

Modification Result 
After using the suggested values of the 

parameters in the analyses and comparing with the 
existing preliminary seismic evaluation method, the 
results are shown below. 

 

 
 
 
 
 

 (a) Pure Frame    (b) Frame with RC wall    (c) Frame with brick 
wall 

Fig. 4 Modification results of PGA Ratio 
 

After modifying the method, the results show that 
the coefficient of variation is less than 0.11. Therefore, 
the analysis method has improved. 

Conclusions  
1. In the existing preliminary seismic evaluation 

method, the failure mode of column was pure 
shear failure. But the ultimate unit shear strength 
and the failure mode were different from the axial 
load. In this research, the columns were classified 
as classroom column, corridor column, and 
partition column in the brick wall. The 
modification results have improved the over- and 
under-estimation problem cause by different 
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storeys or different model buildings. 
2. The unit shear strength of RC wall is according to 

the test result of RC wall frame in the laboratory. 
But most RC walls along the corridor in the 
existing building maybe a wing-wall. In order to 
get the conservative result, the axial load has been 
ignored and it was assumed that the strength is 
controlled by flexure. The ultimate unit shear 
strength of RC wall was a fixed value, 

212 cmkgfRCW . 
3. The ultimate shear strength of brick wall is 

according to the existing building code, and the 
brick wall is a French style. The ultimate unit 
shear force of brick wall used 
was 2

3 2 cmkgfBW . 
4. In this research, three types model buildings with 

different reduction factors were analyzed with 
reduction values of 0.9 to 0.99. For conservatism, 
the strength reduction factor,  adopted was 0.9. 

5. In this study, the results on column analyses show 
that the failure modes are flexure failure. It means 
that the school buildings have well ductility. 
From the field test result, it can be observed also 
that the school buildings have well ductility. 
Therefore, ductility equal to 2.2 is hereby 
suggested.  

6. According to the database, the unit weight of 
floor suggested are as follows: for function story 
is 900 2mkgf , and for roof story is 

750 2mkgf . 
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Abstract 
This study utilized the capacity spectrum method suggested by ATC-40 to evaluate the 

seismic resistance of reinforced concrete buildings, and introduced a nonlinear analysis 
program as a tool to perform a precise seismic evaluation. The capacity spectrum curve is 
transferred from the relative curve of the base shear versus the roof displacement provided 
by a pushover analysis. From the pushover analysis, the seismic resistance of the structure 
is not only controlled by the strength but also by the deformation. 

The National Center for Research on Earthquake Engineering (NCREE) had proceeded 
a series of static pushover experiments for school buildings, and this paper compared the 
experimental and analytical curves in order to verify the suggested seismic evaluation 
method. The results of analysis show that the proposed analytical method can simulate the 
strength and the actual seismic behavior of reinforced concrete buildings conservatively. 
Then, the seismic evaluation method suggested in this paper can provide engineers a way to 
perform more precise seismic evaluation. 

Keywords: Seismic evaluation, pushover analysis, nonlinear hinge, ATC-40 
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Introduction 
Taiwan is located in the so-called Circum-Pacific 

Ring of Fire where earthquake often occurs. 
Earthquakes are common experiences for people in 
Taiwan and being used to earthquakes they sometimes 
even ignore them. In the morning of September 21, 
1999, the Chi-Chi earthquake awoke the people of 
Taiwan with its huge destruction. It taught the people 
regarding the importance of the seismic capacities of 
structures. The Chi-Chi earthquake caused nearly half 
of the school buildings in the central area of Taiwan to 
collapse or seriously damage. About 656 primary and 
secondary school buildings were damaged by the said 
earthquake. The disaster had taught the community  
regarding the seismic capacities of existing school 
buildings in Taiwan which are probably not sufficient. 
Due to the existence of windowsill in traditional 
school buildings, the short-column effect caused weak 

seismic capacity along the direction of the passage. 
Serious casualties and losses may result from the 
collapse of school buildings under strong earthquakes. 
To avoid or minimize casualties in the future 
earthquakes, studies on earthquakes are relevant in 
Taiwan. To retrofit the bad seismic performance of 
school buildings is one of the possible solutions to 
reduce the probable casualties. Before retrofitting 
possible low seismic capacity school buildings, their 
seismic capacities should be evaluated with a reliable 
method.  

According to the capacity spectrum method 
proposed by ATC-40, the pushover analysis can be 
used to obtain the nonlinear-base-shear-to-roof 
-displacement relationship of school buildings which 
is termed as the capacity curve. The seismic capacity 
of buildings can be specified with the damage peak 
ground acceleration determined from the pushover 
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curve and the corresponding performance point. The 
accuracy of the pushover analysis is dependent on the 
well-defined properties of nonlinear hinges in 
structural elements. The load-deformation 
relationships of nonlinear hinges in beams and 
columns are discussed in this paper.  

Pushover Analysis 
The capacity curve from the pushover analysis is 

the foundation of the purposed detailed seismic 
evaluation method in this paper. Many commercial 
programs like ETABS and MIDAS can process 
nonlinear static analyses, also called as pushover 
analyses. The nonlinear response of a structure is 
restricted to nonlinear hinges assigned to the structural 
elements of the structure. These nonlinear hinges can 
be divided to three types: moment hinges, shear 
hinges, and axial hinges. As shown in Fig. 1, the 
mechanical parameters of a nonlinear hinge are 
constructed from the nonlinear part of the 
load-deformation curve of a structural member.  For 
moment hinges, load Q is the moment M at the 
location of the moment hinge, and deformation  is 
the associated rotation angle  of the moment hinge. 
For shear hinges, load Q is the lateral force V of the 
structural member, and deformation  is the 
associated lateral displacement v  of the structural 
member. For axial hinges, load Q is the axial force P 
of the structural member, and deformation  is the 
associated axial displacement p  of the structural 
member. 

In the pushover analysis, the flexural rigidity of 
reinforced concrete beams was assumed as 

gc IE35.0  and the flexural rigidity of reinforced 

concrete columns was assumed as cE , where 

gc IE35.0  is Young’s modulus for concrete, and 

gI  is gross moment of inertia of the concrete section. 
In the following sections, the construction of nonlinear 
hinges for beams and columns are presented. 

Fig. 1 Nonlinear hinge parameters 

Nonlinear Hinges 
Since the position of the inflection point on 

column or beam varies with the applied loading, the 

failure mode cannot be realized before the pushover 
analysis. Therefore, moment hinges can be set in each 
end of column or beam to present the flexure-shear 
failure mode or flexure failure mode in the pushover 
analysis. And shear hinge can be set in the middle of 
column or beam to present the shear failure mode in 
the pushover analysis.  The engineers can define 
hinge properties based from data on research papers or 
experimental data with their experience. This paper 
referred on the previous lateral loading-displacement 
curves of column and beam, and suggestions were 
made to the parameters of moment hinges and shear 
hinges, which can serve as reference for research or 
design engineers. Figure 2 shows nonlinear hinge 
parameters of each structural component suggested in 
this research. 
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u 2 u  
(e) Axial hinge propriety of brick wall 
Fig. 2 Nonlinear hinge parameters of each 

structural components 

Capacity Spectrum Method 
The capacity spectrum method is a seismic 

evaluation method proposed by the Applied 
Technology Council in ATC-40. This method requires 
the derivation of the capacity curve, which can be 
obtained from the pushover analysis, showing the 
relationship of the base shear V and the roof 
displacement roof  as shown in Fig. 3. To do the 
pushover analysis and to get the roof displacement, 
the numerical model of the building with nonlinear 
hinges was constructed, and the distribution of lateral 
forces as was specified as follows: 

 i i i j j
j

F w w V  (1) 

where V is the base shear; iF  is the lateral force at 

level i; iw  is the weight assigned to level i; and i  
is the amplitude of the first mode at level i. For 
simplification, i  is equal to ih  the height of level 
i. 

 
Fig. 3 Capacity curve 
As shown in Fig. 4, based on the simulation of a 

single degree-of-freedom (DOF) oscillator, the 
capacity curve can be transferred into the capacity 
spectrum, which is the relation curve of the spectral 
acceleration and spectral displacement. The 
parameters needed in transferring the capacity curve to 
the capacity spectrum (Sa versus Sd) are as follows: 

 2
1 i i i i

i i
PF w w  (2) 

 1 1i i
i

w W PF  (3) 

 1( )aS V W  (4) 

 1d roofS PF  (5) 

where PF1 is the modal participation factor for the 
first natural mode; 1  is the modal mass coefficient 
for the first natural mode; W is the building dead 
weight plus likely live loads; roof  is the roof 
displacement; Sa is the spectral acceleration; and Sd is 
the spectral displacement. 

 
Fig. 4 Simulated single DOF oscillator 
Based on the maximum allowable displacement, 

maximum allowable interstory drift ratio, failure of a 
vital structural element, or allowable degraded lateral 
strength, the performance point (dp, ap) can be set at 
the capacity spectrum. As shown in Fig. 5, this 
performance point also lies on a corresponding 
demand response spectrum reduced for nonlinear 
effects. At the performance point, the seismic capacity 
of the building is said equal to the seismic demand 
imposed on the building by the specified ground 
motion. The peak ground acceleration ac of this 
specified ground motion can be used as a measure to 
specify the seismic capacity of the building. 

 
Fig. 5 Capacity spectrum and response spectrum 

Comparison of Analytical and Test 
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Results 
The research team of NCREE has hold several in 

situ tests of old school buildings in Taiwan, that 
includes Kou-Hu Elementary School, Sin-Chen 
Elementary School, Reui-Pu Elementary School, and 
Guan-Miao Elementary School, which is about to be 
demolished as have been the specimen of a pushover 
test. The specimen was tested by static lateral load and 
pushed to until it collapsed. The test results can be 
used to verify the seismic analysis model. 

Figure 6 shows the comparison of analytical and 
experimental pushover curves of in situ test. The 
comparison shows that the analytical models provide 
conservative approximation of the pushover curve of 
the in situ test. In the figures, the negative slope of 
pushover cure has been modified by dynamic 
reduction factor. 
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(a) Pushover curve of Kou-Hu Elementary School 
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(b) Pushover curve of Sin-Chen Elementary 

School 
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(c) Pushover curve of Reui-Pu Elementary School 
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(d) Pushover curve of Guan-Miao elementary 

school 
Fig. 6 Comparison of analytical and experimental 

pushover curves of in situ test 

Conclusions 
The detailed seismic evaluation method proposed 

in this paper can reasonably provide a measure to 
determine the seismic capacity of buildings. Through 
the verification made with the experiment data from in 
situ tests conducted by NCREE, the result from this 
study can provide a conservative approximation for 
RC school buildings. Therefore, the seismic 
evaluation process suggested herein can provide 
another sound way to evaluate precisely the seismic 
capacity of RC school buildings. 
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Abstract 
Seismic performance of existing school buildings may not be sufficient based on the 

suggested approach of updated codes, thus development of evaluation techniques becomes 
timely and important. The criteria used to investigate the seismic behavior of buildings are 
suitable for structures with ductile design. Hence, they may not be valid for existing school 
buildings. In this paper, the criteria for the prediction of soft story, weak story, 
strong-column-weak-beam, column failure mode and joint failure for existing school 
buildings are studied based on experimental data. Further, the criteria for the prediction of 
strong-column-weak-beam and joint failure are modified to be more logical and consistent 
with experimental results. 

Keywords: strong-column-weak-beam, nonductile structure, beam-column joint, seismic 
behavior  
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Introduction 
The seismic behavior of existing school buildings 

is studied based on the experimental data of a 
full-scale, two-story and three-span reinforced 
concrete frame duplicated from a real school building. 
Soft story, weak story, strong-column-weak-beam, 
column failure mode and joint failure are predicted 
according to the criteria provided by the codes. The 
prediction results are then compared with the 
experimental ones. If difference between the results of 
prediction and experiment exists, modification of the 
criteria is proposed in this paper.  

Experiments 
The specimen was a full-scale, two-story and 

three-span reinforced concrete building structure 
with window sills made of bricks. The size of the 
frame and the detailing of the columns and beams are 
shown Figs. 1 and 2. By material tests, the concrete 

had a compressive strength of 191 kgf/cm2, the bar 
No. 3 had a yielding strength of 3900 kgf/cm2, the 
bar No. 6 3167 kgf/cm2, and the bar No. 7 3701 
kgf/cm2. Axial force was applied on the top of each 
column by hydraulic jacks to simulate story weight. 
Columns C1 and C5 were loaded with 36.9 tonf, C2 
and C6 42.8 tonf, C3 and C7 46.6 tonf, and C4 and 
C8 43.5 tonf. The numbering of columns, beams and 
joints is shown in Fig. 3. Cyclic loading was applied 
at the roof and the second floor by hydraulic 
actuators so that the lateral forces at the roof and the 
second floor was in the proportion of 2:1. After each 
cycle, the specimen was observed. (Chiou, et al., 
2008). 

The lateral displacements of the roof and the 
second floor at different extent of roof drift ratios are 
shown in Fig. 4. The hysteresis loops of the second 
and the first floor are ploted in Figs. 5 and 6, 
respectively. When the drift ratio of the roof reached 
0.25%, the shear force of the second floor was 
168.55kN and the story drift of the roof relative to 
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the second floor was 6.64mm so the stiffness of the 
second floor was 25.38kN/mm. At the same time, the 
shear force and the story drift of the first floor were 
246.21kN and 8.58mm, respectively, so the stiffness 
of first floor was 28.70kN/mm. The stiffness ratio of 
the first floor to the second floor was 113%. It 
indicated that no soft story was present in the 
specimen. 

When the drift ratio of the roof reached 2.0%, the 
story drift of the roof relative to the second floor was 
26.55mm and the story drift of the second floor 
relative to the first floor was 102.59mm. Therefore, 
almost all deformations had happened in the first 
floor whereas the second floor acted like a rigid body. 
In addition, most energy was dissipated by the first 
floor (Figs. 5 and 6). From these two points, weak 
story existed in the specimen. 

As can be observed from the picture taken after the 
experiment (Fig. 7), the deformation of the specimen 
centralized at the first floor. The columns of the first 
floor were seriously damaged but no obvious cracks 
were on the beams, thus, the specimen had 
strong-beam-weak-column condition. In the early 
stage of the experiment, columns C6 and C7 (these 
two columns were constrained by window sills) had 
some flexural crack at their top and bottom. However, 
it turned to shear failure at the latter stage of the 
experiment. Therefore, the failure mode of C6 and C7 
was flexural shear failure. Columns C5 and C8 had 
some flexural cracks at their top and bottom, thus the 
failure mode of C5 and C8 was flexural failure. 
Because of stress concentration, only joint 8 of the 
first floor had some small cracks at the concrete cover. 

Prediction by Code 
According to the Seismic Design Codes of 

Buildings (Ministry of Interior of Taiwan, 2005), the 
soft story is the story where the lateral stiffness is 
less than 70% of the story above; the extremely soft 
story is the story where the lateral stiffness less than 
60% of the story above. The section and detailing of 
columns and beams for the first and second floors of 
the specimen were the same, so the lateral stiffnesses 
were the same too, then no soft story in the specimen 
according to the codes. From the results of 
experiment, the lateral stiffness ratio of the first floor 
to the second floor was 113% and no soft story 
existed. The prediction by codes agrees with the 
experimental results. 

Moreover, according to the Seismic Design 
Codes of Buildings, the weak story is the story where 
the ratio of the ultimate shear strength to the design 
shear is less than 80% of the story above. The section 
and detailing of columns and beams in the first and 
second floors of the specimen were the same, so the 
ultimate shear strengths were the same. By the 
vertical distribution of earthquake forces, the first 
floor design shear was 1.5 times the second floor one. 
Therefore, the ratio of the ultimate shear strength to 

the design shear for the first floor is 67% that for the 
second floor. From the results of experiment, the 
story drift of the second floor was only 26% of the 
first story, so most of the deformation happened in 
the first floor. The ultimate shear strength of the first 
floor had been fully developed but not the second 
floor, so the first story was a weak story. The 
prediction by codes agrees with the experiment 
results. 

According to ACI (ACI, 2005), the criterion of 
strong column and weak beam is 

MM nbnc 56           (1) 

where Mnc is the sum of the nominal flexural 
strength of each column framing into joint with axial 
force taken into consideration; and Mnb is the sum 
of the nominal moment strength of each beam 
framing into joint. Both joints 5 and 8 had two beams 
and one column. The summation of flexural strength 
of column was larger than 1.2 times the summation 
of flexural strength of beams, so joints 5 and 8 have 
strong-column-weak-beam condition (Table 1(a)). 
Both joints 6 and 7 had two beams and two columns, 
and the summation of flexural strength of columns 
was lower than 1.2 times the summation of flexural 
strength of beams, so joints 6 and 7 also have 
strong-beam-weak-column condition (Table 1(a)). 
As can be observed from the picture taken after the 
experiment (Fig. 7), all the columns of the first floor 
failed but not the beams, thus the specimen indeed 
experienced strong-beam-weak-column condition. 
The prediction of strong column and weak beam for 
joints 5 and 8 by codes was different from the 
experimental results. Because of weak story at the 
first floor, the strength of the columns in the second 
floor could not be developed. To be conservative, the 
strength of the columns in the second floor 
contributed to the joints are neglected. Therefore, if 
weak story exists, the strengths of the columns above 
are neglected in the prediction of strong column and 
weak beam. After a modification is proposed, the 
prediction agrees with the experimental results 
(Table 1(b)). 

According to ACI, the shear strength Vn and 
flexural strength Mn of a column is calculated with 
the consideration of axial force. Dividing the flexural 
strength of the column by half of its clear height 
gives the lateral flexural strength Vm based on the 
assumption that the column deforms in double 
curvature. If the ratio of lateral flexural strength to 
shear strength is smaller than 0.6, the failure mode is 
flexural; if the ratio is between 0.6 and 1.0, the 
failure mode is flexural shear; if the ratio is larger 
than 1.0, the failure mode is shear (ASEC/SEI 41-06). 
According to this crtiteria, the failure mode is 
predicted to be flexural for columns C5 and C8, and 
flexural shear for columns C6 and C7. The prediction 
agrees with the experimental results (Table 2). 

According to ACI, in strong-column-weak-beam 
situation, the beams develop flexural strength first. 
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When the beams reached the flexural strength, the 
tension forces of the longitudinal reinforcement and 
the shear forces of the columns are calculated. The 
difference between the sum of longitudingal 
reinforcement tension forces and the column shear 
force is the demand of the joint. If the demand is less 
than capacity of the joint, no joint failure occurs. For 
the case of the specimen, it exhibited 
strong-beam-weak-column condition. The procedures 
for the prediction of joint failure should be modified. 
The columns develop flexural strength first. The 
flexural strength is distributed to the beams according 
to stiffness. Similarly, the demand of the joint is 
calculated from the difference between the sum of 
reinforcement tension forces of beams and shear force 
of column. For both situations, strong-column-weak- 
beam and strong-beam-weak-column, no joint fails 
according to the predictions (Table 3) which match the 
experimental results. However, only the latter one is 
logical for the specimen. 

Conclusions 
The prediction of soft story, weak story and 

column failure mode by the codes agree with the 
experimental results. If weak story exists, the criterion 
of strong-column-weak-beam has to be modified such 
that the contribution of flexural strength by the 
columns above the weak story should not be taken 
into account. Consequently, a structure with weak 
story tends to exhibit a strong-beam-weak-column 
mode. If a structure satisfies the condition of 
strong-beam-weak-column, the beams have not 
developed their flexural strength even after column 
fails. Therefore, the demand of the joint is estimated at 
the moment when the columns reach their flexural 
strength. 
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Table 1. Strong-column-weak-beam prediction 

(a) by code 

 5 6 7 8 

M nc (tf-m) 27.02 27.54 27.94 27.68

M nb56  
(tf-m) 

21.59 32.90 32.90 21.59

Strong Column 
Weak Beam or 

not 
Yes No No Yes 

(b) proposed 

 5 6 7 8 

M nc (tf-m) 13.51 13.77 13.97 13.84

M nb56 (tf-m) 21.59 32.90 32.90 21.59
Strong Column 
Weak Beam or 

not 
No No No No 

Table 2. Prediction of column failure mode 

 C1, C5 C2, C6 C3, C7 C4, C8

axial force 
Nu(tf) 

36.9 42.8 46.6 43.5 

flexural 
strength 
Mn(tf-m) 

13.51 13.77 13.97 13.84 

lateral 
flexural 
strength 
Vm(tf) 

9.65 17.21 17.46 9.89 

shear 
strength Vn 

(tf) 
17.90 18.50 18.91 18.58 

Vm / Vn 0.539 0.930 0.923 0.532 

failure 
modes 

flexura
l 

flexural 
shear 

flexura
l shear 

flexura
l 

Table 3. Prediction of joint failure 

(a) by code 

 5 6 7 8 

M pr (tf-m) 21.90 33.51 33.51 21.90 

V col (tf) 6.44 23.94 23.94 6.44 

T beam (tf) 45.37 68.05 68.05 45.37 

V sc-ju (tf) 38.93 44.11 44.11 38.93 

V n (tf) 68.72 68.72 68.72 68.72 

check OK OK OK OK 
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(b) proposed 

 5 6 7 8 

Vcol(tf) 9.65 17.11 17.64 9.89 

M b1 (tf-m) 13.51 13.77 13.97 --- 

M b2 (tf-m) --- 13.77 13.97 13.84 

beamT (tf) 30.38 53.77 54.38 31.09 

V sb-ju (tf) 20.73 36.66 36.74 21.20 

V n (tf) 68.72 68.72 68.72 68.72 

check OK OK OK OK 

 
Fig. 1. Structural model 

Fig. 2. Detailing of columns and beams 

8765

4321 B1 B2 B3

B4 B5 B6

C1 C2 C3 C4

C5 C6 C7 C8

Fig. 3. Numbering of columns, beams and joints 

 
Fig. 4. Lateral displacements of floors 

 
Fig. 5. Hysteresis loop of second Floor 

 
Fig. 6. Hysteresis loop of first Floor 

 
Fig. 7. Final failure modes of specimen 

(displacement reset to zero) 
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Seismic Retrofitting Manual for Highway Bridges 
Kuang-Yen Liu 1 and Kuo-Chun Chang 2 
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Abstract 
This paper presents a major revision of the Directorate General of Highways publication, 

the “Seismic Retrofitting Manual for Highway Bridges,” which was published by the 
Ministry of Transportation and Communications in 1999. The 2009 edition expands upon 
the previous publication by including procedures for performance-based seismic evaluation 
and retrofitting of bridges, as well as basic principles for evaluating and retrofitting 
scoured bridges with an exposed foundation structure. The revised manual maintains the 
basic format of the retrofitting process described in the 1999 manual. However, major 
changes were made to include current advances in earthquake engineering, field experience 
with retrofitting highway bridges, and the performance of bridges in recent earthquakes as 
well as in the 1999 Chi-Chi earthquake. 

Keywords: near-fault ground motions, quasi-dynamic model, variable rupture velocities, 
1992 Landers Earthquake, 
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Introduction 
A major revision of the Directorate General of 

Highways publication, the “Seismic Retrofitting 
Manual for Highway Bridges,” which was published 
by the Ministry of Transportation and 
Communications in 1999 is detailed in this report. The 
2009 edition expands upon the previous publication 
by including procedures for performance-based 
seismic evaluation and retrofitting of bridges, as well 
as basic principles for evaluating and retrofitting 
scoured bridges with an exposed foundation structure. 
The revised manual maintains the format of the 
retrofitting process described in the 1999 manual. 
However, major changes were made to include current 
advances in earthquake engineering, field experience 
with retrofitting highway bridges, and the 
performance of bridges in recent earthquakes as well 
as in the 1999 Chi-Chi earthquake. The revised 
manual is comprised of seven chapters and detailed in 
the succeeding paragraphs.  

Chapter 1: Seismic retrofitting of highway 
bridges 

Chapter 1 provides a complete overview of the 
retrofitting process including the philosophy of 

performance-based retrofitting, characterization of the 
seismic and geotechnical hazards, and summaries of 
recommended simplified and detailed assessment 
procedures, retrofit strategies, approaches and 
measures based on a system or 
component-by-component approach perspective. 
Performance levels PL0, PL1, PL2 and PL3 (refer to 
Table 1) are recommended according to bridge 
importance (see Table 2), safety, serviceability, and 
reparability (both short and long period), with a more 
rigorous performance being required for important, 
relatively new bridges (as detailed in Table 3), and a 
lower level for standard bridges (refer to Table 4). A 
higher level of performance is required for event of 
design earthquake than for the frequent earthquake. 
Table 5 shows the assessment methods according to 
the performance level and regularity. The topics in 
this chapter are detailed in the following six chapters. 

Chapter 2: Seismic ground motion hazard 
Chapter 2 characterizes the seismic and geotechnical 
hazards. Basically, the seismic demand is the same as 
the current manual, the “Seismic design specification 
of bridge structures”, published in 2009, except for 
disregarding the maximum considerable earthquake 



50

 

50 

level with a 2500 return period. 

Table 1 Performance matrix of the retrofitting bridge 
Reparability Performance 

level Safety Serviceability Short 
period 

Long 
period 

PL3 

Structure 
remains 
elastic and 
no 
unseating. 

As same as 
prior to the 
earthquake 

Simply 
repair 

Regular 
repair 

PL2 

Limited 
damages 
and no 
unseating. 

Repair in 
short time 

Repair in 
short time by 
conventional 
approach 

Repair in 
long time by 
conventional 
approach 

PL1 

Limited 
residual 
inelastic 
deformation 
and no 
unseating 

Repair in 
short time 
with limited 
vehicle 
weight and 
speed 

Replace or 
retrofit  the 
damaged 
member 

Close and 
partially 
rebuild the 
bridge 

PL0 

Collapse 
prevention 
and no 
unseating 

Close and use 
alternative 
route 

Tore down 
or partially 
rebuild 

Tore down 
or partially 
rebuild 

 

Table2 Important factor of the bridge 

Bridge type Importance factor 

Highway bridge 1.2 
Bridge is on the main route, or 
bridge is above important 
infrastructure, or bridge is the 
only one connection between 
two towns 

1.2 

others 1.0 
 

Table3 Performance level for standard/regular bridge 
Published year of the Design Specification of 

highway bridge structures 
Seismic 
hazard 
level 1995 and 2000 1960 and 1987 Before 1960 

Frequent 
earthquake PL3 PL3 PL3 

Design 
earthquake PL2 PL1 PL0 

 

Table4 Performance level for important bridge 
Published year of the Design Specification of 

highway bridge structures 
Seismic 
hazard 
level 1995 and 2000 1960 and 1987 Before 1960 

Frequent 
earthquake PL3 PL3 PL3 

Design 
earthquake PL2 PL1 PL1 

 

Table5 Seismic assessment methods 

Performance 
level Regular bridge Irregular bridge 

PL3 
Linear elastic/dynamic, 

or Nonlinear 
elastic/dynamic 

Linear / Nonlinear 
dynamic 

PL0, PL1, and 
PL2 

Nonlinear 
elastic/dynamic Nonlinear dynamic

 

Structural performance, especially nonlinear 
deformation capability, is mainly verified according to 
a design earthquake level with 475 return period, 
which is a design earthquake level corresponding to a 
peak ground acceleration of 0.4SDS; while the 
frequent earthquake level linearly reduces the force 
demand from the previous level by dividing it by 3.25. 
Retrofitted bridge should display good ductility under 
the design earthquake level and simultaneously remain 
elastic under the frequent earthquake level. 

Chapter 3: Seismic simplified assessment 
methods and prioritization 

Chapter 3 provides two simplified seismic 
assessment methods. Engineers are encouraged to 
carry out field investigations using the tables (Tables 
6-7) provided in Method A to examine both the 
unseating probability and strength capacity of the 
bridge under study. Method B is an in-house task 
using fragility curve (Figs. 1-2) to determine the 
damage probability of a bridge in terms of collapse, 
severe, moderate, slight and no damage state for 12 
kinds of bridges (Table 9). For method A, as shown in 
Table 8, there is no need to perform a detailed 
assessment if the score is smaller than 30 but it is 
mandatory to carry out a detailed assessment as 
described in Chapter 4 when the score is larger than 
60. For the case whose score is between 30 and 60, 
engineers are also encouraged to do the detailed 
assessment to check the safety of the structure. The 
evaluation results from either method are applied to 
calculate the strength-ductility and falling index in 
prioritizing which bridge needs retrofitting. 

Table 6 Method A - Screening table for unseating 
check 

Item Partition Weight Score
Near fault 8 1/0  
Soil category 4 1/0.67/0.33/0  
Soil variation 2 1/0.67/0.33/0  

Environ-
ment 

Liquefaction 6 1/0.67/0.33/0  
Difference 
between 
adjacent 
vibration unit 

8 1/0.67/0.33/0 

 

Outside 
cantilever 
with inner 
hinge 

2 1 

 

Skew angle 4 θ/90  
Slope 2 S/6  

Curve 4 

),min( 21 ww  
)100/(11 rw

1)30/(2w  

 

Structural
system

Foundation 
exposed 
condition 

20 0~2 
 

Bearing 
condition 4 1/0.67/0.33/0  Structural

detail 

Unseating 
length 20 0.1

2/N
NNw e
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Unseating 
device 12 1/0.67/0.33/0  

Others 4 1~4  
Table7 Method A - Screening table for strength 
capacity check 

Item Partition Weight Score
Near Fault 8 1/0  
Soil category 6 1/0.67/0.33/0  Environ- 

ment 
Liquefaction 6 1/0.67/0.33/0  
Skew angle 4 0~1  
Column aspect ratio 6 0~1  
Column height ratio  4 0~1  
Indeterminate 6 1/0.5/0  

Structure 
system 

Foundation exposed 
condition 24 0~2  

Lap splice 8 1/0  
Lateral 
reinforcement 
detailing 

8 1/0.5/0  

Cut off of 
longitudinal 
bars 

4 1/0.5/0  
Single 
/bent 

Deterioration 
of column and 
foundation  

8 1/0.67/0.33/0  

Lap splice 6 1/0  
Longitudinal 
and transversal 
reinforcement 
ratio 

8 1/0.5/0  

Cut off of 
longitudinal 
bars 

6 1/0.5/0  

Wall 
type 

Deterioration 
of column and 
foundation  

8 1/0.67/0.33/0  

Slender ratio of 
column steel 
plate 

8 1/0.5/0  

Thickness ratio 
of longitudinal 
stiffener  

6 1/0  

Location of 
man hole 6 1/0  

Steel 
column 

Welding detail 8 1/0  

Structural 
detail 

Bearing condition and 
others 8 1  

Table8 Relationship between simplified and detailed 
assessment 

Simplified 
assessment Strength capacity or unseating 

Score <30 30-60 >60 

Require 
detailed 

assessment 
No 

Yes, Require 
detailed 

assessment 

Yes, Require 
detailed 

assessment and 
retrofitting 

Table9 Bridge type used in the Method B (fragility 
curve analysis) 

Superstructure Column Seismic Design Type 
No TYPE1C Single 

column Yes TYPE1S 
No TYPE2C Column 

bent Yes TYPE2S 
No TYPE3C 

Simply 
supported 

wall Yes TYPE3S 
No TYPE4C Single 

column Yes TYPE4S 
Continuous 

Column No TYPE5C 

bent Yes TYPE5S 
No TYPE6C wall Yes TYPE6S 
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Fig.1 Fragility curve of the damaged bridge 
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Damage level 
S: slight 
M: moderate 
E: extensive 
C:collapse 

 
Fig. 2 Damage level 

Chapter 4: Seismic detailed assessment 
methods for existing bridges 

Chapter 4 discusses the modeling of the bridge in 
detail, for the superstructure, the bearing system, the 
substructure, and the foundation. The soil spring 
model for spread footings, pile foundations and 
caissons are also introduced since the soil profile is 
both required and important for any seismic 
evaluation. If the bridge foundations are located in the 
river, it is necessary to consider the scouring effect 
and exposed foundations. In order to estimate a 
reasonable behavior of the structure, the revised 
manual allows engineers to use either a linear static, 
nonlinear static, linear dynamic or nonlinear dynamic 
method according to the seismic hazard level and the 
regularity of the bridge. Among those four methods, 
the pushover analysis by the definition of plastic 
hinges shown in Fig.3 and the modified capacity 
spectrum method are proposed as the standard 
procedure to obtain the yielding and anticipated 
ultimate peak ground acceleration. It is recommended 
to apply the Kawashima model and the Mander model 
for bridges before and after retrofitting, respectively. 
The pushover curve (Fig.4) is transformed to capacity 
spectrum as recommend in the ATC-40, however, in 
stead of searching a performance point, in this manual, 
a revised ATC-40 procedure, without dealing with 
iteration and converge problem, is applied to obtain 
the peak ground acceleration corresponding to the top 
displacement of the column or girder. Since 
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performance level, PL1 for example, has been selected 
as defined in Chapter1, if the PGA with respect to PL3 
is smaller than SDS/3.25, the bridge need a strength 
retrofitting. In addition, if the seismic demand, 
0.4SDS, is larger than the PGA of PL1, it is required 
to make ductility retrofitting. 
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(a) shear failure 
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(b) flexural-shear failure 
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(c) flexural failure 

Fig.3 Plastic hinge definition for RC column 
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Fig.4 Pushover curve and performance curve 

Chapter5: Seismic retrofitting by using 
system approach 

Chapter 5 describes the approach to retrofit a 
complete bridge by following four methods: (1) 
equalize the inertial force distribution; (2) optimize 
the existing bearing system; (3) use isolation bearings; 
or (4) add dampers. In addition, it is important to 
avoid girders from falling. To prevent this, the 
unseating retrofitting method is introduced by 
extending the bearing-seat length on the cap beam if 
there is sufficient space, or by adding devices to 
prevent unseating, such as for example, restrainers 
connecting adjacent girders.  

Chapter6: Seismic retrofitting by using 
component approach 

Chapter 6 presents the component-by-component 
retrofitting approach. For the bridge columns, based 
on the ultimate strain theory, engineers can apply 
specific formulas as proposed in the notes of this 
manual to calculate the thickness for steel, FRP, and 
concrete jacketing. As a result, after retrofitting the 
shape of a rectangular column becomes an elliptical 
section to ensure that the confining stress can be 
developed. In addition, the design procedure for 
strengthening the footing can be found similar to that 
the design procedure referenced in the “Seismic 
Retrofitting Manual for Highway Structures” of the 
2006, Federal Highway Administration publication. It 
is important to remind that the strength retrofitting of 
column often induces extra shear force to the 
foundation; therefore, adding piles or thickening the 
pile cap may be considered. Instead, to make a 
ductility retrofitting, there will be a gap between the 
jacketing and foundation so that to only provide the 
confinement on the column without inducing extra 
plastic shear force to the foundation. 

Chapter7: Special issue on souring and 
exposed foundation 

Chapter 7 deals with scouring-induced seismic 
safety evaluation and retrofitting measures. 
Considering the difficulties due to the variation in 
river channel and soil profiles, a simplified procedure 
using a reduction factor as a nonlinear function of the 
remaining length of the pile or caisson is proposed for 
a quick assessment of the structural performance.  
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Seismic Behavior of Bridges under Bilateral Loading 
Conditions II 
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Abstract 
This study presents a simplified approach to evaluate the displacement demand of the 

bridge with sliding rubber bearing system. A simplified approach is proposed based on the 
equivalent linear system and composite damping method to consider sliding of rubber 
bearing as an equivalent system damping for the whole structure. The analytical results 
revealed that the proposed approach can obtain good accuracy of the displacement 
evaluation by comparing the data from shaking table tests, especially for both the 
maximum and the residual displacements. 

Keywords: displacement based design, equivalent linear system, bearing sliding/ friction, 
frictional force 
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Introduction 
In 1999 Chi-Chi earthquake, out of 1,095 affected 

bridges, only seven bridges had collapsed due to 
surface rupture passing the bridge’s location, while 
more than 90% of the bridges had suffered minor to 
none damage. It has been found based on numerical 
simulation and experimental studies that the sliding at 
the bearing provides an isolation effect to protect 
column from large plastic deformation. However, to 
deal with the friction behavior between rubber pads 
and bearing seat often requires more time to solve 
highly nonlinear equations. Therefore, a simplified 
approach is proposed based on the equivalent linear 
system and composite damping method to consider 
sliding of rubber bearing as an equivalent system 
damping for the whole structure. 

Effective damping coefficient of bridge 
bearing considering sliding/friction 
mechanism 

Figure 1 shows the force-displacement relationship 
of rubber bearing obtained from the friction 
coefficient tests. In practice, rubber bearings 
considering sliding/friction mechanism can be 

modeled as bilinear elements. Initial work on 
substitute-structure analysis was based on equating the 
energy adsorbed by hysteretic steady-state cyclic 
response to a given displacement level to the 
equivalent viscous damping of the substitute structure. 
This resulted in the following expression for the 
equivalent viscous damping coefficient: 

max2 Da
A

y

h
hyst  (1) 

where hA  is the area within one complete cycle 
of stabilized force-displacement response, and ya  
and maxD  are the maximum force and displacement 
achieved in the stabilized loops, respectively. The 
effective stiffness, defined as the secant slope of the 
peak-to-peak values in a hysteresis loop, is given by 

DQKeff /  (2) 

where D is the anticipated bearing deformation 
and NQ is the friction force between the rubber 
and concrete surface. The area of the hysteresis loop 
(the energy dissipated per cycle), DW  is given as 
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yD DDQW 4  (3) 

The effective damping ratio may be evaluated by 

D
DD

DK
DDQ s

eff

s
b

2
2

4
2

 (4) 

where sD  is the bearing deformation when the 
sliding/friction mechanism occurred.  
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Fig.1 Hysteresis loop of a friction coefficient test 

(laminated rubber bearing on the concrete surface) 

Linear theory of highway bridges with 
functional bearings 

An elementary analysis for the purpose of gaining 
insight into the behavior of highway bridges 
considering bearing friction/sliding can be developed 
using a simple linear two-degree-of-freedom model 
with linear springs and linear viscous damping. Since 
the friction/sliding behavior is intrinsically non-linear, 
this analysis will  be only approximate for such 
system, and the effective stiffness and damping will 
have to be estimated by some equivalent linearization 
process. The parameters of the model are shown in 
Figure 2. 

 

  
(a) Longitudinal direction 

  

 
(b) Transverse direction 

Fig. 2 Parameters of a simplified two 
degree-of-freedom bridge model 

In this study, the analytical model was limited to 
the regular bridges such as those defined in the 

standard seismic design specifications of AASHTO. 
Bridges with abrupt changes of stiffness or mass 
distribution, large skew angle and intermediate 
expansion joints along their spans were excluded. It 
was assumed to be fixed at the column bases and the 
superstructure was presumed to be relatively rigid 
compared with the rubber bearings and the bridge 
bents. 

The absolute equations of motion are: 

psbpsbsb uukuucum  (5) 

gppgppppsb uukuucumum  (6) 

where bm  and pm  are the lumped masses of the 
bridge superstructure and substructure above and 
below the bridge bearing, respectively; pk and bk  
are the elastic stiffness of the bridge column and the 
effective stiffness of the bridge bearings, 
correspondingly; pc and bc are, respectively, the 
viscous damping coefficient of the bridge column and 
the equivalent viscous damping coefficient of the 
bridge bearing. For convenience, the following works 
with relative displacements: 

gsb uuv  or gbs uvu  (7) 

gpp uuv  or gpp uvu  (8) 

where, pv  and sv  are the lateral displacements 
of the bent top and the bridge deck relative to the 
ground, respectively. In this, the equations of motion 
can be expressed as: 

gbpbbbpbbbbb umvkvkvcvcvm  (9) 

gpssbbbppbbbpp umvkkvkvccvcvm
 (10) 

This two-degree-of-freedom system of equations 
can be solved directly or through modal 
decomposition. A modal analysis provides insight on 
the response of bridge system and the results will be 
applicable to more elaborate models. The equations (9) 
and (10) can be rewritten in the matrix form to 
develop the modes, frequencies and participation 
factors of the system: 

gurMVKVCVM  (11) 

where  

p

b

m
m

M
0

0
, 

pbb

bb

ccc
cc

C , and 

pbb

bb

kkk
kk

K  (12-14) 
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p

b

v
v

V , 
1
1

r  (15)-(16) 

Based on equation (11), the undamped natural 
frequencies and natural modes are given by: 

2,1,02 nMK n
n  (17) 

where, n  represents the natural frequencies 1  
and 2  corresponding to the bearing mode and the 

structural model, and Tn
p

n
b

n is the 
corresponding shape vectors. From equation (8) one 
can obtain the following: 

02 n
pb

n
bb

n
bnb kkm  (18) 

02 n
ppb

n
bb

n
pnp kkkm  (19) 

And the following variables must be defined: 

bbb mk /2 , pbpp mmk /2 , pbpm mmm /  

sbs kk / , mssb 1// 22  (19)-(24) 

where m  is the mass ratio obtained from the 
ratio of the lumped mass of the substructure below the 
bridge bearing to the sum of the lumped masses of the 
superstructure above the bridge bearing. Equations (18) 
and (19) can be rewritten, respectively, as 

0222 n
pb

n
bnb  (25) 

011 2222 n
ppbmnm

n
bbm  (26) 

The characteristic equation for n is 

0422224
pbnpbnm  (27) 

Solving the above equation for the natural 
frequencies 

2

2/12

2
2,1 2

1
4

1
1

1
1

1
b

m

m

sm

m

s

m

s

s

m

 (28) 

The mode shape vectors corresponding to the 
bearing and structure modes are then determined, 
respectively, by 

1

1

1
1

, 
2

2

1
1

 (29)-(30) 

where 22
11 b  and 22

22 b . Using the 
approximate procedure [N], the transformation which 
diagonalizes the stiffness matrix is assumed to also be 

able to diagonalize the damping matrix. The 
generalized mass and damping coefficient matrices are 
expressed as 
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nTn

mm
mm

mm
mm

MM

2
2

2
1

*
22

*
21

*
12

*
11*

10
01

 (31) 
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 (32) 

From the generalized masses and damping 
coefficients, the modal damping ratio are derived in 
the forms of 

1
2
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2
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2
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11
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1 12
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mm
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m
c  (33) 

2
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*
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2 12
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mm
cc

m
c  (34) 

The viscous damping ratio of the bridge bearing 
b and the equivalent viscous damping ratio of the 

bridge column p are 

bb

b
b m

c
2

, 
ppb

p
p mm

c
2

 (35)-(36) 

Normally, for concrete substructures, the elastic 
damping ratio p is taken as 0.05, related to the critical 
damping. A lower value (typically 0.02) is often used 
for the steel substructures. Equations (33) and (34) are 
rewritten, respectively, as 

mm

p
s

m
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2
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2/1
1
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2
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2
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1 11

111
 (37) 

mm

p
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m
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2 11

111
 (38) 

The model participation factors 1L  and 2L  for 
the two modes are obtained by 

mm

mm
T

T

M
cML 2

1

1
11

1

1 11
11  (39) 
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mm

mm
T

T

M
cML 2

2

2
22

2

2 11
11  (40) 

Thus, the basic matrix equation is reduced to the 
two equations below: 

guLqqq 11
2

11111 2  (41) 

guLqqq 22
2
22222 2  (42) 

If the time history of the ground motion gu  is 
known, then the modal components )(1 tq  and )(2 tq  
can be calculated from the following: 

detuLtq
t

g )(sin)()( 1
0

1

1
1

11  (43) 

detu
L

tq
t

g )(sin)()( 2
0

2

2
2

22  (44) 

Estimations of the maximum values of )(1 tq  and 
)(2 tq  are given by 

112
1

1111max1 ,1, ad SLSLq  (45) 

222
2

2222max2 ,1, ad SLSLq  (46) 

Where, ,dS and ,aS are the displacement 
response spectrum and the acceleration design 
spectrum for the ground motion gu  at frequency  
and damping ratio , respectively. With these two 
modes, 1  and 2 , we can write the relative 
displacements bv  and pv  in the form 

2
2

1
1 bbb qqv , 2

2
1

1 ppp qqv  (47)-(48) 

The predicted relative displacement maxima will be 
as follows: 

2
12

max,2
22

max,1
1

max
qqv bbb  (49) 

2
12

max,2
22

max,1
1

max
qqv ppp  (50) 

Comparisons on the experimental study 
The proposed equivalent linear theory was verified 

by the shaking table tests of a simply-supported bridge 
with one single span of RC deck and two steel column 
bents supported by four laminated rubber bearings, as 
shown in Fig. 3. Figure 4 shows the input ground 
acceleration, the East-West component of the record 
of 1949 EL-Centro earthquake. It has been found that 

the test results of maximum displacement of the 
column can be predicted well by the proposed method 
as shown in green line in Fig. 5 with PGA of 300, 500, 
and 700 gal, respectively. 

 
Fig.3 Test setup of the shaking table test 
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Fig.4 Input ground acceleration of EL-Centro 

earthquake (normalized to 1g) 
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(a) PGA of 300gal 
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(b) PGA of 500gal 
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(c) PGA of 700gal 

Fig.5 Comparison of the proposed method and test 
results from shaking table tests 
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Rocking Behavior of Bridge Piers with Spread Footing 
under Cyclic Loadings and Pseudo-dynamic Loadings 
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Abstract 
From some of the actual engineering practices used in Taiwan, the size of spread 

footings was found to be exaggeratedly large due to the strict design provisions related to 
footing uplift. According to previous design code in Taiwan, the footing uplift involving 
separation of footing from subsoil is permitted only up to one-half of the foundation base 
area as the moment applied reaches the value of plastic moment capacity of the column. 
The reason for this provision is that rocking of spread footings is still not a favorable 
mechanism. However, recent researches have indicated that rocking itself may not be 
detrimental to seismic performance and in fact can act as a form of seismic isolation 
mechanism. In order to gain a better understanding of rocking, a series of rocking 
experiments were performed. Experimental data of six circular RC columns subjected to 
quasi-static and pseudo-dynamic loadings were presented. During the tests, columns were 
rested on a rubber pad to allow rocking to take place. Experimental variables included 
dimension of footings, strength and ductility capacity of columns, and level of the 
earthquake intensity applied. Results of each cyclic loading test were also compared with 
the benchmark test with fixed base condition. By comparing the experimental responses of 
specimen with different design details, the beneficial effect of rocking in reducing ductility 
and strength demand of columns was verified.  

Keywords: rocking, cyclic loading test, pseudo-dynamic test, spread footing 
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Introduction 
Some of the retrofitting works for actual 

engineering practices in Taiwan resulted to 
uneconomically large spread footings. This is due to 
the restriction of footing uplift regulated in the bridge 
design code. However, some researches have 
indicated that rocking itself can act as a form of 
isolation mechanism. Besides, unless the footing is 
very massive, some uplift on the tension edge of the 
spread footing during a major earthquake cannot be 
avoided. The analysis that is based on the assumption 
that footing and soil are firmly bonded to each other 
will show unreasonable large internal forces in 
columns. To retrofit or design columns and their 
footings based on these unreasonable large internal 
forces will dramatically increase the cost. Besides, the 
widening and strengthening of the footing to restrain 

footing from uplifting will also force the columns to 
sustain most of the seismic energy and thereby 
intensify the damage level to those columns. For these 
reasons, it is reasonable to tolerate a certain amount of 
uplift of the footing in design, especially for the 
retrofit design. 

 In the current design philosophy for new bridges 
based on strength design approach, the rocking 
mechanism of the footing is not allowed and is not 
taken into account in the analysis. This is because 
neglecting the effect of rocking will overestimate the 
seismic forces applied to the structures, and simply 
lean toward conservative side of design. However, 
with the ever growing interest in performance-based 
design approaches in recent years, the seismic 
performance becomes the key parameter for design; 
thus, the importance of a precise prediction of the 
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seismic behavior of the structure is increasingly being 
recognized. Not considering the effect of rocking 
sometimes underestimates the disadvantages that may 
be brought by rocking, such as large lateral 
displacements of the deck and permanent settlement in 
soils, and then leans toward unsafe design. Therefore, 
realistically taking the effect of rocking into 
consideration, including the interaction among 
foundation, column and soil, has gradually become an 
important issue.  

 The seismic isolation effect of the rocking 
mechanism has been identified in many previous 
researches since the pioneer work performed by 
Housner (1963). Over the following few decades, 
several other articles were published on the study of 
rocking. Most of these earlier studies were performed 
by analytical approach. Recently, with the advances in 
experimental technique, rocking experiments became 
the focus of several studies, including series of tests 
performed on a large centrifuge by Gajan et al. (2008) 
and tests performed on a shaking table by Espinoza 
and Mahin (2006). All of these previous studies 
recognized the beneficial effect of rocking. However, 
few of them considered the coupling effect of the 
material nonlinearity involved with column plastic 
hinging and the geometrical nonlinearity resulted from 
footing uplift. In order to have a better understanding 
about the rocking mode and its role on the overall 
behavior of a bridge, more experimental data are still 
required. Therefore, in this study, six circular RC 
columns with different design details were constructed 
and subjected to a series of rocking experiments.  

Simple Calculation for Rocking  
In order to ensure that the objectives of the current 

study are possible prior to the design and construction 
of the experimental specimens, the basic theory on 
rocking mechanism was studied and a simple 
calculation was performed. For a column with a 
spread footing standing on soils, the footing will lift 
off the ground once its moment of resistance provided 
by gravity is overcome. Thus, the base moment of the 
foundation can be limited to the value required to 
induce uplift against the restraining forces due to 
gravity. By assuming that the underlying soil is a 
perfect plastic material with an ultimate stress of qu, 
according to the force equilibrium, the limit value of 
the moment of a rigid foundation can be written as  

  )/1(22 u
BW qqM T   (1) 

where B is the width of the footing in the direction of 
the bending; WT is the total axial load applied to the 
footing base; q is the contact stress under the footing 
and equal to WT /BL, in which L denotes the length of 
the footing. If we further assume that the ultimate 
stress of qu is far larger than q, then the value of q/qu 
in Eq. (1) can be omitted and the limit value depends 
only on the footing size and the total vertical force of 
gravity. This limitation of moment also implies that if 

the footing of a column is allowed to rock, the shear 
force and bending moment that the column has to 
sustain will also have an upper limit value. These 
upper limit values can be derived from value M2,  

H
BW

H
TV 2

M 2 ;  )()( 2 hHhHVM H
BWT   (2) 

where H is the distance from the footing base to where 
the lateral force applied, and h is the height of the 
footing. Obviously, the ratio of the moment capacity 
of the column to the upper limit moment calculated in 
Eq. (2) is the key parameter for the seismic 
performance of the column with a spread footing.  

Experimental Program 
Based on the simple calculation shown in the 

previous section, six RC columns with two types of 
footing size and three types of design details in 
column were designed and constructed. As shown in 
Fig. 1, these circular columns were all 50 cm in 
diameter with a clear height of 2.5m and a height of 
footing 0.5m. Their footing sizes were either B = 
140m or B = 170m. Thus, according to Eq. (2), the 
corresponding upper limit values of bending moment 
for specimens with B = 140cm (WT = 574 kN) and B = 
170 cm (WT = 585 kN) are M= 334.8 kN-m and M = 
414.4 kN-m, respectively. In order to compare the 
seismic performance of specimens with different 
ratios of the moment capacity to the upper limit 
moment, these test columns were reinforced with three 
types of design details. One with 12-D19 main 
reinforcements was transversely reinforced with D13 
perimeter hoops spaced at 9 cm ( s = 0.012), 
corresponding to a case with sufficient transverse 
reinforcements. The other two with 18-D19 main 
reinforcements were transversely reinforced with D13 
hoops spaced at 9 cm and 18 cm, respectively. The 
one with the transverse reinforcements spaced at 18 
cm on center represents a column with an insufficient 
volumetric confinement ratio ( s = 0.006). The 
nominated material properties for these specimens are 
as follows: concrete compressive strength fc

’=280 
kg/cm2; yield strength of main reinforcements 
Fy=4200 kg/cm2; yield strength of transverse 
reinforcements Fyh=2800 kg/cm2. Based on the 
nominated material properties, the moment strength 
for these specimens was also calculated. The effective 
yield moments for specimens with 18-D19 and 
12-D19 main reinforcements are 428.3 kN-m and 
329.0 kN-m, respectively. 

With the combination of different footing size and 
design details, a total of six test columns were 
designed and named as CD40FS-R, CB40FS-R, 
CD30FS-R, CD40FB-R, CD30FB-R and CD30FB-F,  
as plotted in Fig. 1 and listed in Table 1. In which, 
characters “FS” and “FB” denote cases with a footing 
of smaller size (B = 140 m) and of larger size (B = 
170 m), respectively. Numbers “40” and ”30” denote 
cases with 18-D19 and 12-D19 main reinforcements, 
respectively; characters “CD” and “CB” denote 
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columns transversely reinforced with perimeter hoops 
spaced 9 cm and 18 cm, respectively; while “R” and 
“F” represent rocking base condition and fixed base 
condition, respectively. As such, the ratios of the 
moment capacity of the column to the upper limit 
moment M for CD40FS-R, CD40FB-R, CD30FS-R 
and CD30FB-R are 1.28, 1.03, 0.98 and 0.79, 
respectively. Specimen CB40FS-R has the same ratio 
as CD40FS-R.  

 
Fig. 1 As-built details of model columns  

Both tests with and without the footing uplift 
restraint were conducted. In the case where the 
rocking mechanism was considered, the footings were 
rested on a 10 cm thick neoprene pad to simulate a 
spread footing standing on stiff soils. During the test, 
an axial load of 539 kN was applied to the test column 
through a tap beam to model the tributary dead load of 
the deck. One horizontal actuator was used to apply 
the lateral force to the column’s top to simulate the 
seismic loading. The location of the applied force was 
3 m from the footing base. 

Table 1 Experimental test schedule 
Test Specimens Base condition Tests 

pseudo-dynamic testsRocking base 
cyclic loading test 

CD40FS-R 
 

Fixed base cyclic loading test 
pseudo-dynamic testsCD30FS-R Rocking base 

cyclic loading test 
pseudo-dynamic testsCD40FB-R Rocking base 

cyclic loading test 
pseudo-dynamic testsCD30FB-R 

 
Rocking base 

cyclic loading test 
Rocking base cyclic loading test CB40FS-R 

Fixed base cyclic loading test 
CD30FB-F Fixed base cyclic loading test 

The test schedule is also listed in Table 1, which 
includes pseudo-dynamic loading test and cyclic 
loading test. The input ground motions for 
pseudo-dynamic test were two artificial earthquake 
accelerations. One was a code compatible medium 
earthquake (TH1) and the other was a code compatible 
design earthquake (TH2) for Nantou Pouli in Taiwan. 
The cyclic loading tests were performed under 
displacement control to a drift ratio of 7%.  

Test Results and Discussions 
First, specimens CD40FS-R, CD30FS-R, 

CD40FB-R and CD30FB-R were supported on a 
neoprene pad without uplift restraint and subjected to 
the pseudo-dynamic test of TH1. Results indicate that 

the uplift of footing was not significant and the plastic 
hinge was not formed while the columns experienced 
a minor earthquake; thus their results were not shown 
here. After the pseudo-dynamic test of TH1, these four 
specimens were subjected to another pseudo-dynamic 
test of TH2. The experimental results of the lateral 
force versus the lateral displacement curves and the 
moment versus the rotation curves are plotted in Figs. 
2(a) and (b), respectively. In these moment-rotation 
curves, the rotations were obtained by taking the 
reading of the highest tiltmeter mounted on the 
column minus the reading of another tiltmeter 
mounted on the footing. Thus, the rotations in Fig. (b) 
were from the elastic and plastic flexure of the column 
only; whereas the lateral displacements given in Fig. 
(a) were from the elastic and plastic flexure of the 
column plus the rocking of the footing. By observing 
Fig. 2, it is evident that under the presence of a design 
earthquake, the plastic deformation of the columns 
was still not noticeable. However, at the same time, 
some uplift behavior already occurred since the 
force-displacement curves are not linear anymore yet 
shows a softer stiffness as the displacement increases. 
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(a) Lateral load vs. displacement curves 
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(b) Moment vs. rotation at column base. 

Fig. 2 Results for pseudo-dynamic test of TH2  

After the pseudo-dynamic tests, a total of eight 
cyclic loading tests were performed. Figs. 3-4 show 
the experimental results for specimens with 18-D19 
main reinforcements. In these figures, the results for 
fixed base cases of CD40FS-F and CB40FS-F can 
signify the capacity of columns, as well as represent 
cases with massive footings. By comparing the results 
of CD40FS-F, CD40FB-R and CD40FS-R, it is noted 
that the rocking behavior becomes more pronounced 
as the dimension of footing decreases. Also, the 
maximum value of lateral forces that the column 
sustained decreases with the decrease in footing size. 
These corresponding maximum values for CD40FB-R 
and CD40FS-R shown in Fig. 3(a) are, respectively, 
around V = 160 kN and V = 130 kN. These values are 
close to the upper limit values calculated by Eq. (2). 
Besides, the maximum value of the bending moment 
that the column sustained decreases too, as shown in 
Fig. 3(b). Because the maximum values of moment 
sustained by CD40FB-R and CD40FS-R are less than 
the moment capacity of columns indicated by 
CD40FS-F, the moment-rotation curves for both 
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CD40FB-R and CD40FS-R are almost linear, 
implying that not much plastic deformation occurred 
in columns. As for the cases shown in Fig. 4 with 
insufficient transverse reinforcements, CB40FS-F is 
the benchmark test for CB40FB-R. For the rocking 
case of CB40FS-R, results show that the seismic force 
the column sustained was limited to an almost constant 
value around M = 320 kN-m. Because this maximum 
value of bending moment sustained by the column was 
lower than its moment capacity indicated by CB40FS-F, 
the corresponding moment-rotation curve shown in Fig. 
(b) for CB40FS-R are almost linear. Another trend 
which can be observed in Figs. 3 and 4 is that the 
response behaviors of CD40FS-R and CB40FS-R are 
similar, even though the responses of CD40FS-F and 
CB40FS-F are different. This result confirms that the 
ductility demand of a column can be reduced if its 
upper limit value of moment due to rocking is lower 
than the moment capacity of the column. 
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(a) Lateral load vs. displacement curves 
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(b) Moment vs. rotation at column base. 

Fig. 3 Results for cyclic loading tests for CD40xx-x  
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(b) Moment vs. rotation at column base. 

Fig. 4 Results for cyclic loading tests for CB40xx-x  

Fig. 5 plots the experimental results for specimens 
with 12-D19 main reinforcements. CD30FB-F was the 
benchmark test, representing the case with a massive 
footing and signifying the capacity of specimens with 
12-D19 main reinforcements. The results demonstrate 
that with the decrease in footing size, the rocking 
behavior becomes more significant. Consequently, the 
plastic deformation occurred in the column’s base 
becomes minor. For instance, the moment-rotation 
curve for CD30FS-R is almost linear, while some 
plastic deformation was formed in CD30FB-R. For 
CD30FB-R, the calculated upper limit value of 

moment based on Eq. (2) is 414.4 kN-m, which is 
higher than the moment capacity of column indicated 
by CD30FB-F. Therefore, before the base moment of 
the footing could reach its limit value, the column 
already yielded, and thereby the moment strength of 
the column governed the response behavior. On the 
other hand, for specimen CD30FS-R, the maximum 
value of bending moment sustained by column was 
around 320 kN-m, which is lower than the effective 
yield moment of CD30FB-F. Thus, the column can 
still remain in elastic state. 

Conclusions 
In this study, a series of pseudo-dynamic and 

cyclic loading tests of six RC columns were conducted. 
These experiments showed that if the footing of a 
column is allowed to rock, the moment that the 
column has to sustain can be limited to a certain value. 
If this limit value of moment is lower than the moment 
strength of the column, the plastic deformation at the 
column base will not be formed and the ductility 
demand of the column can be reduced. In addition, if 
the footing uplift took place, there will be a decrease 
in plastic deformation in the column as a result of the 
energy dissipation of the inelastic rocking mechanism. 
The extent of decrease in plastic deformation depends 
on the ratio of the moment capacity of column to the 
limit value of moment that the column sustained. 

-200 -100 0 100 200
lateral displacement (mm)

-200

-100

0

100

200

La
te

ra
l f

or
ce

 (k
N

) CD30FB-F

-200 -100 0 100 200
lateral displacement (mm)

CD30FB-R

200 -100 0 100 200
lateral displacement (mm)

CD30FS-R

 
(a) Lateral load vs. displacement curves 

-0.08-0.06-0.04-0.02 0 0.02 0.04 0.06 0.08
Rotation (radian)

-500
-400
-300
-200
-100

0
100
200
300
400
500

M
om

en
t (

kN
-m

)

CD30FB-F

0.08-0.06-0.04-0.02 0 0.02 0.04 0.06 0.08
Rotation (radian)

CD30FB-R

-0.08-0.06-0.04-0.02 0 0.02 0.04 0.06 0.08
Rotation (radian)

CD30FS-R
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Fig. 5 Results for cyclic loading tests for CD30xx-x  
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Analytical and Experimental Studies on Seismic Behavior 
of Mid-Story Isolated Buildings (I) 

Kuo-Chun Chang 1, Jenn-Shin Hwang 2 and Shiang-Jung Wang 3 

張國鎮 1、黃震興 2、汪向榮 3 

Abstract 
In a mid-story isolated building, the isolation system is incorporated into the mid-story 

rather than the base of the building. In this study, the dynamic characteristics and seismic 
responses of mid-story isolated buildings were investigated using a simplified 
three-lumped-mass structural model for which equivalent linear properties were formulated. 
Moreover, the adverse effect arising from the coupling of higher modes on the seismic 
responses of a mid-story isolated building was clarified. A simple method to guarantee the 
mid-story isolation design against the coupling of higher modes attributed to the improper 
design of the substructure and superstructure was deduced and is presented in this report. 
Besides, the structural models with their isolation system located at the base and other 
stories were fabricated and tested to investigate the discrepancies between the seismic 
responses of base-isolated and mid-story isolated buildings. Based on the analytical and 
test results, the irrationalities of adopting the equivalent lateral force procedure for the 
mid-story isolation design are discussed. The most rigorous situation for the displacement 
demand of the isolation system should be carefully considered and will be further studied. 

Keywords: mid-story seismic isolation, higher mode, modal coupling, equivalent linear 
system, equivalent lateral force procedure  
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Introduction 
The excellent performance of seismically isolated 

buildings during the 1994 Northridge earthquake and 
1995 Kobe earthquake has encouraged the adoption of 
seismic isolation design for structural protection in the 
past two decades. The application of seismic isolation 
design in Taiwan has also been extensive after the 
1999 Chi-Chi earthquake (Chang et al., 2009). Among 
the increasing practical applications of seismic 
isolation design, the mid-story isolation design, in 
which the isolation system is typically installed on the 
top of the first story of a building, is recently gaining 
popularity because it can satisfy both architectural 
concerns of aesthetics and functionality. More 
importantly, it can enhance the construction feasibility 
at highly populated areas where installing the isolation 
system beneath the base of a building is extremely 
difficult if the building separation and the property 
lines are of particular concerns. 

The existing seismic isolation design guidelines 
are tailored for base-isolated buildings rather than for 
mid-story isolated buildings. In current practice, the 
preliminary design of mid-story isolated buildings 
usually follows the equivalent lateral force procedure 
provided for base-isolated buildings, assuming that the 
substructure is sufficiently stiff or rigid. In order to 
gain insight into the seismic responses of mid-story 
isolated buildings, this study aimed to investigate the 
dynamic characteristics and seismic behavior of 
mid-story isolated buildings. In addition, the shaking 
table tests on the scaled down steel structural models 
with the mid-story isolation systems composed of high 
damping bearings (HDRB) were performed to verify 
the analytical results and to probe the discrepancy 
between the seismic responses of base-isolated and 
mid-story isolated structures. Based on the analytical 
and experimental studies, the irrationalities of 
adopting the equivalent lateral force procedure for the 
mid-story isolation design are discussed.   
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Equivalent Linear Analysis 
All structural elements, except the isolation system, 

in the analytical model were assumed to remain elastic 
under earthquake excitations. Besides, the hysteretic 
behavior of seismic isolation system was represented 
by an equivalent linear model composed of effective 
stiffness and equivalent damping ratio. 

(1) Simplified Three-Lumped-Mass Structural 
Model for Mid-Story Isolated Buildings 

Referring to the simplified structural model for 
base-isolated buildings proposed by Kelly (1990), a 
mid-story isolated building may be represented by a 
simplified three-lumped-mass structural model, 
composed of the superstructure, isolation system and 
substructure, as shown in Fig. 1. The mass ratios and 
“nominal frequencies” of the substructure, isolation 
layer and superstructure are defined as 

/  and /sub sub iso sup sup isor m m r m m             (1) 

  / ,  / ( )  

and /

sub sub sub iso iso iso sup

sup sup sup

k m k m m

k m
    (2) 

where msub, miso and msup are the seismic reactive 
masses of the substructure, isolation layer (or 
super-floor) and superstructure, respectively; ksub and 
ksup are correspondingly the elastic lateral stiffnesses 
of the substructure and superstructure; and kiso is the 
effective lateral stiffness of the isolation system. The 
component damping ratios sub, iso and sup can be 
expressed by the mass ratios and nominal frequencies 
in which sub and sup are the viscous damping ratios of 
the substructure and superstructure, respectively; and 

iso is the equivalent viscous damping ratio of the 
isolation system. The equation of motion 
corresponding to the simplified three-lumped-mass 
structural model in terms of story drifts can be 
rewritten in a more useful and generalized form. 
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Fig. 1 Simplified three-lumped-mass structural models 

for mid-story isolated buildings 

The fundamental modal natural frequency 1 may 
be very close to the isolated frequency iso and is well 
separated from the residual modal natural frequencies 
if ksub and ksup are much greater than kiso. Defining 1= 

iso
2/ sub

2 and 2= iso
2/ sup

2 and assuming 1 and 2 
are of an order equal to or less than 10-1, the first mode 
shape of story drifts can be approximated by 
substituting iso for 1. Moreover, the first modal 
damping ratio 1 can be obtained based on the 
classical damping assumption as follows: 

1 222(1 ) 2
1

1

iso

sup supiso iso

sub sub sup sup

r r
r r

    (3) 

and the first modal participation mass ratio L1 can 
be determined by 

22

1 22

2

2
2( 1)

1

2
(1 ) 2

1 (1 )

sub supiso iso
sub sub sup

sub sup sup

sub supsub iso iso
sub sup

sup sub sup sup

r r
r r r

r
L

r rrr r
r r
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It is seen that 1 and L1 may be significantly 
affected by the masses and stiffnesses of the 
substructure and superstructure. If ksub and ksup are 
much greater than kiso such that iso/ sub and iso/ sup 
are sufficiently small, and msup is larger than msub (i.e. 
rsup > rsub), it is reasonable to assume that the first 
vibration mode is the isolation mode and the effective 
damping ratio is equal to 1. 

(2) Coupling of Higher Modes 

To study the condition in which the coupling of 
higher modes (Koh and Kobayashi, 2004) occurs in 
the simplified structural model (i.e. 2  3), 1 was 
assumed to be approximated by iso and was well 
separated from the higher modal natural frequencies. 
It has been found that the coupling of higher modes is 
unavoidable in the mid-story isolation design if the 
values of sub/ iso, sup/ iso, rsub and rsup are chosen 
carelessly to satisfy the following equation: 

( ) ( ) 1  or 1sub iso sup iso sup sub sup supr r (5) 

It is obvious that the above equation is a linear 
function of sub, sup and rsup and can be calculated 
easily. Besides, the condition in which the coupling of 
higher modes occurs is independent of iso. 

Parametric Study 
A series of parametric studies with various mass 

ratios were conducted. The inherent viscous damping 
ratio of 5% was assumed for the superstructure and 
substructure, while the equivalent damping ratio of 
20% was presumed for the isolation system. The 
effective period of the isolation system was assumed 
to be 2.0 seconds or iso= . The comparison between 

1 and iso with various frequency ratios sub/ iso and 
sup/ iso is shown in Fig. 2. It is seen that to assume  
1  iso is reasonable when both sub and sup are 

much higher than iso. In addition, it is obvious from 
the figure that sub/ iso has a more significant 
influence than sup/ iso on 1. 1 varying with 

sub/ iso and sup/ iso is illustrated in Fig. 3. It is seen 
that 1 is proportional to sub/ iso, sup/ iso and rsub 
and gradually approaches iso when sub/ iso and 

sup/ iso become larger. Furthermore, sub/ iso has a 
more significant influence than sup/ iso on 1. L1 
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varying with sub/ iso and sup/ iso is illustrated in Fig. 
4. It is seen that the increases in rsub and sub/ iso 
result in the reduction of L1. sub/ iso has a more 
significant effect than sup/ iso on L1. Furthermore, L1 
becomes nearly a constant when sub/ iso is larger. 
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Fig. 2 1 with various sub/ iso and sup/ iso 
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Fig. 3 1 with various sub/ iso and sup/ iso 
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Fig. 4 L1 with various sub/ iso and sup/ iso 

It is seen from Fig. 5 that the third modal 
participation mass ratio L3 is nearly zero in the 
frequency ratio region where the second modal 
participation mass ratio L2 is effective and vice versa. 
The increases of rsub and sub/ iso result in the 
increases of the higher modal participation mass ratios. 
In between the two frequency ratio regions where 
either the second or the third mode is effective, there 
exists a frequency ratio bandwidth in which the 
coupling of higher modes occurs. Outside the modal 
coupling zone, the effective higher mode will be either 
the second mode or the third mode. Besides, 
corresponding to the effective higher mode 
categorized in Fig. 5, the modal natural frequency 
nearly coincides with sub, i.e. 2  sub or 3  sub. 
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Fig. 5 Higher modal participation mass ratios with 

various sub/ iso and sup/ iso 

The seismic responses were calculated using 
response spectrum analyses. It is found that the 
maximum inertia force exerting at the substructure is 
primarily attributed to the higher modal responses 
rather than the fundamental modal response. 
Therefore, the calculation of design force of the 
substructure (or the base shear force) should carefully 

consider the contribution of higher mode responses. 
The maximum inertia forces acting at the super-floor 
and superstructure are mainly attributed to the first 
modal inertial forces. However, significant response 
amplifications can be noticed when sub/ iso and 

sup/ is fall within the frequency ratio bandwidth in 
which the coupling of higher modes occurs, as shown 
in Fig. 6. 
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Fig. 6 Maximum acceleration response at super-floor 

with various sub/ iso and sup/ iso 

Experimental Study and Numerical 
Validations 

The superstructures of three seismically isolated 
structural models, Specimens A, B and C, as shown in 
Fig. 7, were all identical but, respectively, isolated at 
the base of the superstructure, the top of a one-story 
substructure, and the top of another two-story 
substructure. The four floors from bottom to top of the 
superstructure were sequentially denoted as SUP-1, 
SUP-2, SUP-3, and ROOF. In addition, the floor of 
the substructure of Specimen B was denoted as SUB-1 
and the two floors from top to bottom of the 
substructure of Specimen C were sequentially denoted 
as SUB-1 and SUB-2. The isolation system was 
composed of four HDRBs. Three earthquake records, 
denoted as 921TCU047, I-ELC270 and KJM000, were 
selected for earthquake inputs of the uniaxial shaking 
table tests. 

     
Fig. 7 Photos of Specimens A, B and C 

The modal quantities of all specimens can be 
identified by the system realization using information 
matrix (SRIM), as summarized in Table. 1. The first 
modal participation mass ratio of Specimen B is 
higher than that of Specimen C, which is reasonable 
since the first modal participation mass ratio is 
increased with a higher sub/ iso. The mid-story 
isolation design has more significant participation of 
higher modes and less fundamental modal damping 
ratio than the base isolation design, in particular, when 
the isolation system is at a higher story. 

Table. 1 Identified modal quantities of all specimens 
under 921TCU047 with PGA of 1.19g 
Test Specimen A B C 

1st mode 0.71 0.82 0.90
2nd mode 0.11 0.11 0.22
3rd mode - 0.09 0.13

Modal 
Natural 
Period 
(sec) 4th mode - - 0.04
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1st mode 99.88 77.16 67.63
2nd mode 0.01 2.41 14.96
3rd mode - 19.51 2.73

Modal 
Participation 
Mass Ratio  

(%) 4th mode - - 8.52
1st mode 17.92 16.70 13.74
2nd mode 2.54 2.24 8.07
3rd mode - 7.00 3.33

Modal 
Damping 

Ratio 
(%) 4th mode - - 3.40

It can be seen from test results that the mid-story 
isolation design without the coupling of higher modes 
reveals the excellent seismic performance since the 
story drift response is still dominated by the isolation 
layer and the acceleration responses transmitted to the 
superstructure can be reduced effectively. Besides, the 
maximum deformation response of the isolation system 
is increased when the isolation system is installed at a 
higher story. It is because that the fundamental modal 
damping ratio becomes smaller with a more flexible 
substructure. In addition, the significant phase lag 
existing between the displacement responses at the 
superstructure and substructure due to the higher mode 
contribution may not be negligible. 

The force and displacement responses vertically 
distributed along Specimen C at different moments are 
depicted in Figs. 8 and 9, respectively. It can be seen 
that there exists a phase lag of almost 180 degrees 
between the inertia force responses acting at the 
substructure and superstructure when the peak seismic 
responses occur at the superstructure and isolation 
system. Besides, when the peak seismic responses 
occur at the substructure, the inertia force responses 
acting at the superstructure are very limited compared 
with those at the substructure, and a phase lag of 
larger than 90 degrees is observed between the inertia 
force responses acting at the substructure and 
superstructure. When the maximum deformation of 
the isolation system and peak shear force response 
across the isolation system occur, a phase lag of larger 
than 90 degrees existing between the displacement 
responses at the superstructure and substructure of 
Specimen C is observed in Fig. 9. 
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Fig. 8 Vertical distributions of force responses of 

Specimen C at different instants under 
I-ELC270 with PGA of 0.70g 
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  Fig. 9 Displacement responses of Specimen C at 
different instants under 921TCU047 with 
PGA of 1.19g 

Conclusions 
1. The mass and stiffness of the substructure are more 

important than those of the superstructure in 
affecting the dynamic characteristics of a mid-story 
isolated building. 

2. The maximum inertia forces acting at the 
super-floor and superstructure are mainly attributed 
to the first modal inertial forces. However, the 
contribution of higher mode responses to the 
inertia force at the substructure is significant such 
that the design of substructure should carefully 
consider the higher mode contribution. 

3. The coupling of higher modes results in enlarged 
acceleration responses at the super-floor. 

4. A mid-story isolated building can be pictured as a 
vertically irregular building with a soft story. 
Therefore, the most rigorous situations should be 
considered carefully for the design demands of 
such building. 

5. As an alternative to the equivalent lateral force 
procedure, the modal response spectrum analysis 
may be applicable for the preliminary design of 
mid-story isolated buildings (Ramirez et al., 2000). 
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Abstract 
Considering the great quantity and variations of medical equipment in large hospitals, 

the simplified evaluation and seismic design methods for medical buildings should be 
efficient and accurate. Thus, this study aimed to determine the seismic performance of 
different categories of medical equipment and to verify the application of the existing 
simplified evaluation and design methods for such equipment. According to the results of 
shaking table tests on the modeled specimens of medical equipment, the simplified 
evaluation and seismic design forms were modified to be applicable for free-standing 
medical equipment.  

 

Keywords: freestanding medical equipment, shaking table test, simplified evaluation form, 
simplified seismic design  
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Introduction 
Due to the interruption of traffic after earthquakes, 

it is necessary that medical equipment and medicine 
supplies of a hospital within the affected area should 
be self-sufficient for at least 72 hours. However, from 
the experiences of the Hanshin-Awaji earthquake in 
Japan (1995) and the Chi-Chi Earthquake in Taiwan 
(1999), medical equipment (e.g. medicine cabinets 
and x-ray machines) was damaged seriously, and 
hence it resulted to significant shortage of emergent 
medical capacities of hospitals. Currently, the 
Department of Health (DOH) in Taiwan has 
completed the simplified evaluation of seismic 
capacity, electrical and mechanical systems of DOH 
hospitals, but the specific seismic capacity of various 
medical equipment was not considered yet. For large 
hospitals, a lot of medical equipment is attached to 
different types of structures with miscellaneous 
attachment types. Therefore, both the efficiency and 
accuracy should be considered for the simplified 
evaluation of seismic capacity and simplified seismic 
design of medical equipment.  

In cooperation with a large hospital (hereinafter 
referred to as N Hospital) in the southern part of 
Taiwan, this study used survey questionnaire to head 

nurses for the critical categories of medical equipment 
after a catastrophic earthquake. Vulnerable items of 
questionnaire results were selected then by simplified 
evaluation forms. The simplified design forms were 
presented for non-destructive seismic restraint devices 
as well. The evaluation and seismic design forms were 
verified and modified according to pull-out tests and 
shaking table tests.  

Survey of Critical Medical Equipment 
To simplify the evaluation range of equipment, at 

first, critical medical spaces were chosen according to 
SB 1953 and N Hospital managers’ opinion. Critical 
medical spaces in N Hospital included Emergency 
Room, Pharmacy, PET Center, Hemodialysis Room, 
Operating Room, Department of Nuclear Medicine, 
Department of Radiation Oncology, Department of 
Anesthesiology, and Department of Radiology. 

The critical medical equipment items with higher 
vulnerability during earthquakes were chosen from the 
results of questionnaires and from criterion stated in 
TBC and ASCE7-05, and the simplified evaluation 
form was then filled out for any selected item. Items 
identified as ‘seismic evaluation required’ or with 
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overturning or rocking responses, as shown in Table 1, 
should be strengthened by seismic-restraint devices.  

Table 1 Simplified evaluation results of 
Department of Radiology 

X-Ray
25 22 22 25

Fill -1~-3 if at B1F~B3F /            Fill R1~R2
if at R1F~R2F 1 1 1

2 1 1 1
2 1 1 4
1 0 0 9

4
720 1137 4460 X

1. length 3.08 2.31 1.88 0.95
2. width 1.11 0.79 1.67 0.61
3. height (included contents) 2.9 1.78 2.4 1.91

2.9 1.78 3 1.91

N N N N

Y Y Y Y

 

Seismic Design for Medical Equipment 
After filling out the simplified evaluation form, the 

reaction of each support of medical equipment can be 
automatically calculated by MS Excel software. 
According to [1] and ACI 318- 02 [2], as shown in 
Table 2, a simplified design form for post-installed 
anchorage was presented to guide designers or 
constructors. Based on the design parameters (e.g. 
number of anchors at each support, anchor size, and 
embedded depth), the attachments of equipment can 
be designed to satisfy the specified seismic demands. 

In Table 2, the seismic-restraint device of medical 
equipment is supposed to be post-install anchors. 
However, most supports of medical equipment are not 
designed with bolt holes in advance and it is unlikely 
to drill holes at the shell of equipment. In view of this 
situation, a seismic design form of non-destructive 
seismic-restraint devices for medical equipment was 
presented (Table 3). 

Pull-out and Shaking Table Tests 
Based on survey questionnaires and simplified 

evaluation for medical equipment at each critical 
medical space in N Hospital, medical equipment can 
be classified into three categories according to its type 
of attachment, namely, freestanding items (e.g. Safety 
Cabinet), wheel movable items (e.g. medical trolley, 
Pharmaceutical refrigerator, mass infuser, Hyperbaric 
Oxygen Capsule, Dialysis machine), and desktop 
items (e.g. Gamma Counter). Meanwhile, more 
vulnerable medical equipment in each category was 
subjected to shaking table tests. Non-destructive 
seismic-restraint devices, such as brakes, adhesive 
belts (such as Thumb Lock) and z-shape stoppers, 
were designed for equipment according to its daily use. 
As shown in Fig. 1, tensile strength of adhesive and 
clasp belts were confirmed by pull-out tests. 

Table 2 Simplified anchorage design form 

 

Table 3 Seismic design form of non-destructive 
seismic restraint devices  
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Because of the extremely high price of medical 
equipment, it was modeled by square pipe and steel 
plate for the shaking table test, except medical trolley 
and electrical stimulator. As shown in Figs. 2 to 5, the 
size, weight and support types of equipment was 
actually modeled according to the in situ survey. The 
input excitation that is compatible with the Required 
Response Spectrum as specified by AC-156 can be 
determined from the time histories of floor response 
acceleration at ChiaYi Potz Hospital in Chi-Chi 
Earthquake (Fig. 6). The amplitude of input time 
histories was scaled linearly to three levels, i.e. small 
earthquake and design earthquakes with SDS of 0.5 and 
0.8. Most locations of the critical medical equipment 
items in N Hospital were from B1F (basement one 
floor) to 3F (third floor). Therefore, shaking table tests 
were classified into two groups according to their 
location.  

For the equipment items without seismic-restraint 
devices, most responses in shaking table tests were 
quite consistent with the response identified by the 
simplified evaluation form (i.e. fixed well, rocking, 
sliding or overturning) 

  
Fig. 1 Pull-out tests for adhesive and clasp belts 

 
Fig. 2 Micro-Selectron specimen 

 
Fig. 3 Dialysis machine specimen 

 
Fig. 4 Safety Cabinet specimen 

 
Fig. 5 Pharmaceutical refrigerator specimen 
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Fig. 6 Input Accelerations and Test Response 

Spectrum (SDS=0.8, 1/3 to building height) 

From test results, it can be observed that 
seismic-restraint devices efficiently decreased 
displacement responses and possibilities of 
overturning or bumping with other items. However, 
restraint devices would inevitably increase the 
acceleration responses of equipment items. Take 
Dialysis Machine and Mass Infuser as examples, as 
shown in Fig. 7, Thumb Lock or belt devices can 
decrease the amount of sliding displacement, but 
result in a sharp increase of response acceleration 
because of the impact force. Besides, fundamental 
frequencies of medical equipment with restraint 
become generally higher than those without any 
restraint (Fig. 9). 

To reduce impact force and to avoid resonance of 
internal components in medical equipment, using 
ductile restraint devices or adding energy-dissipating 
devices (such as rubber pads) are suggested. 

Conclusions 
In this study, basic features of critical medical 

equipment in nine medical spaces in N hospital were 
surveyed and classified into three attachment types, i.e. 
wheel movable, freestanding, and desktop ones. 
According to the results of questionnaires and 
simplified evaluation forms, nine vulnerable medical 
equipment items were chosen for shaking table tests. 
Non-destructive seismic-restraint devices were also 
proposed for each equipment item. Test results 
revealed that restraint devices actually contribute to 
decrease displacement response, but it also increases 
acceleration response of the equipment. Besides, 
damages of adhesive layer between restraint devices 
and equipment or anchors at partition wall appeared 
under larger earthquakes. Therefore, the pull-out 

strength of partition wall and the adhesive strength of 
non-destructive devices might be the next research 
subjects for seismic design of medical equipment.  

  
Fig. 7 Test results of Mass Infuser with (left) or 

without (right) seismic restraint devices 

 
Fig. 8 Acceleration Responses of Dialysis Machine 

(left) and Mass Infuser (right) 
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Fig. 9 Transfer functions at top of Safety Cabinet  
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Experimental Study on Seismic Performance of Equipment 
with Vibration Isolation Devices 

Jenn-Shin Hwang 1 , Shiang-Jung Wang 2 and Min-Fu Chen 3 

黃震興 1、汪向榮 2、陳閔富 3 

Abstract 
The seismic performance of a building depends not only on the seismic capability of its 

structural components but also on the seismic capability of important equipment and 
nonstructural facilities inside the building. In order to maintain the desired functionality of a 
building during or after a major earthquake event, the important equipment and nonstructural 
facilities have to be always functional. In current practice, the important equipment, such as 
mechanical and electrical equipment, is usually mounted on the vibration isolation devices 
which are originally designed to prevent vertical vibration produced by the mounted equipment 
from transmitting to the building. However, these vibration isolation devices usually possess 
lower horizontal stiffness. If the natural frequencies of the building and the equipment with 
vibration isolation devices are too close during an earthquake event, there may have resonance 
that will cause severe displacement responses of vibration isolation devices and may even lead 
to serious collapse of the mounted equipment. For this reason, the dynamic hysteretic behavior 
and seismic capability of the commonly used vibration isolation devices were thoroughly 
investigated in this study through a series of shaking table tests. 

 

Keywords: Mechanical and electrical equipment, vibration isolation device, seismic 
performance 
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Introduction 
This study aimed to explore the seismic 

performance of electronic equipment mounted on the 
commonly used vibration isolation devices through a 
series of shaking table tests. A steel frame mounted 
with suitable mass blocks was used to simulate 
electronic equipment and its weight in this study. The 
artificial input excitations were compatible with the 
floor spectrum which was made in accordance with 
the regulations specified in AC156. Based on the test 
results, the dynamic hysteretic behavior and seismic 
capability of the vibration isolation devices can be 
thoroughly investigated.  

The past investigations indicate that the dominant 
failure mode of most vibration isolation devices is the 
pop-up condition of the inside spring, as presented in 
Fig. 1. It can be deduced that, in addition to 

insufficient strength of the vibration isolation device 
itself, the significant overturning behavior due to 
inappropriate arrangement of the equipment mounted 
on vibration isolation devices (e.g. improper aspect 
ratios) may result in the failure mode aforementioned. 

 
Fig. 1 Damaged vibration isolation devices due to 

earthquake.  

Experimental Study 
Two commonly used types of vibration isolation 
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devices in practice, denoted as Type A and Type B, as 
shown in Fig. 2, were studied in the shaking table tests. 
The coil springs of Type A and Type B devices are 
identical. Two screws and two zincked semicircle 
plates in both sides of the coil springs of Type A and 
Type B devices, respectively, can freely move (within 
± 5mm approximately) in the horizontal direction 
before an impact occurs. Two horizontal directions (X 
and Y) and one vertical direction (Z) of the test 
specimen (a steel frame mounted with mass blocks) 
equipped with four vibration isolation devices were 
subjected to a series of uniaxial earthquakes, as 
depicted in Fig. 3. The longitudinal and transverse 
directions of Type A and Type B devices were 
installed corresponding to X and Y directions of the 
test specimen. The input acceleration started at 30% of 
the original artificial earthquake and continued with 
30% increase until any of the vibration isolation 
devices are damaged apparently (i.e. 30%, 60%, 100%, 
120% and 150% of the original artificial earthquake). 

Gap size 5mm(a) (b)

Longitudinal direction

Transverse 
direction

Transverse 
direction

Longitudinal direction

Gap size 5mm(a) (b)

Longitudinal direction

Transverse 
direction

Transverse 
direction

Longitudinal direction  
Fig. 2 Commonly used vibration isolation devices 

(a) Type A; and (b) Type B. 

 
Fig. 3 The test specimen installed on the shaking 

table subjected to uniaxial earthquakes (a) X 
direction; (b) Y direction; and (c) Z 
direction. 

Experimental Results 
The acceleration histories, hysteresis loops and 

dominant failure modes of test specimens equipped 
with Type A and Type B devices subjected to X, Y 
and Z directional earthquakes are described as 
follows.  

The maximum input peak accelerations in the 
uniaxial tests along X and Y directions are about 1.0 
and 0.7g, respectively. Corresponding to the 
maximum input earthquakes, the measured 
acceleration responses transmitted to the test specimen 
equipped with Type A (Type B) devices in X and Y 

directions are 1.3g (1.66g) and 3.0g (2.0g), 
respectively. The acceleration histories are illustrated 
in Fig. 4. 
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Fig. 4 Input and transmitted acceleration histories 

of test specimens equipped with Type A and 
Type B devices in X and Y directions. 

 
When the test specimen equipped with Type A 

devices was subjected to X directional earthquakes, 
the significant plastic deformation of two screws in 
both sides of the coil spring can be observed. Once the 
screws were fractured, the lateral force was resisted by 
the coil spring only and the seismic damage potential 
to the test specimen may be induced by the severe 
deformation of the coil spring, as shown in Fig. 5(a). 
The hysteresis loop of one Type A device in X 
direction is depicted in Fig. 5(c). Moreover, when the 
test specimen equipped with Type B devices was 
subjected to X directional earthquakes, the zincked 
semicircle plates in both sides of the coil spring 
revealed the superior restrained capability in X 
direction such that there is no significant deformation 
of the coil spring, as shown in Fig. 5(b). The 
hysteresis loop of one Type B device in X direction is 
depicted in Fig. 5(d). 

 
Fig. 5 Dominant failure modes and hysteresis loops 

of Type A and Type B devices subjected to 
X directional earthquakes. 

It should be noted that the overturning behavior is 
more significant when the test specimen is subjected 
to Y directional earthquakes. This is because the 
aspect ratio of the test specimen in Y direction is 



71

 

71 

much larger than that in X direction. When the test 
specimen equipped with Type A devices was 
subjected to Y directional earthquakes, the screws in 
both sides of the coil spring provided the restrained 
capability in Y and Z directions. The significant 
overturning behavior leads to the fracture of the 
screws. Since there is no stopper for the coil spring in 
Y direction, the pop-up condition of the coil spring 
occurred eventually, as shown in Fig. 6(a). The 
hysteresis loop of one Type A device in Y direction is 
depicted in Fig. 6(c). Moreover, when the test 
specimen equipped with Type B devices was 
subjected to Y directional earthquakes, the zincked 
semicircle plates in both sides of the coil spring 
revealed the superior and limited restrained 
capabilities in Y and Z directions, respectively. The 
significant overturning behavior results in the 
unbalanced force exerting on the coil spring and the 
severe axial deformation of the coil spring, as shown 
in Fig. 6(b). The hysteresis loop of one Type B device 
in Y direction is depicted in Fig. 6(d). 

 
Fig. 6 Dominant failure modes and hysteresis loops of 

Type A and Type B devices subjected to Y 
directional earthquakes. 

 
When the test specimen equipped with Type A 

devices was subjected to Z directional earthquakes, 
the screws in both sides of the coil spring provided the 
restrained capability in Z direction such that the axial 
stiffness can be enhanced obviously, as shown in Fig. 
7(a). Moreover, when the test specimen equipped with 
Type B devices was subjected to Z directional 
earthquakes, only the coil spring sustained the vertical 
force since there is no restraint in Z direction. The 
relationship between axial force and axial deformation 
of one Type B is depicted in Fig. 7(b). 
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Fig. 7 Relationship between axial force and axial 

deformation for Type A and Type B devices 
subjected to Z directional earthquakes. 

Discussions 
The ratio of the peak acceleration response 

transmitted to the test specimen to the peak earthquake 
input is defined as “Acceleration Response Ratio 
(ARR)”, as given in Equation (1). Besides, the ratio of 
the peak displacement response of the vibration 
isolation device to the free movable distance without 
any restraint (i.e. ±5mm in Type A and Type B 
devices) is defined as “Displacement Response Ratio 
(DRR)”, as given in Equation (2). Since there is no 
restraint in Z direction for Type B devices, the test 
results under Z directional earthquakes are excluded 
for the following discussion of DRR. Moreover, when 
the test specimen is subjected to X or Y directional 
earthquakes, the overturning angle can be calculated 
based on the arctangent of the vertical displacement 
response of the boundary vibration isolation device to 
the horizontal displacement response of the boundary 
vibration isolation device plus the horizontal distance 
between the centroid of the test specimen and the 
boundary vibration isolation device. When the test 
specimen is subjected to Z directional earthquakes, the 
overturning angle can be calculated based on the 
arctangent of the difference between the vertical 
displacement responses of the vibration isolation 
devices installed at two boundaries to the horizontal 
distance between the two vibration isolation devices. 
It can be found that when the test specimen equipped 
with Type A or Type B devices is subjected to X or Z 
directional earthquakes, the overturning angles are 
less than 1 degree. However, when the test specimens 
equipped with Type A and Type B devices are 
subjected to Y directional earthquakes, the 
overturning angles are 2 to 6 degrees and 2 to 20 
degrees, respectively. 

max

max

IA
AR

ARR                            (1) 

where 
max

AR  is the peak acceleration response 

transmitted to the test specimen; and 
max

IA  is the 
peak earthquake input. 

SizeGap
DR

DRR
 

max                           (2) 

where 
max

DR  is the peak displacement 
response of the vibration isolation device; and 

SizeGap  is the free movable distance without any 

restraint (i.e. ±5mm in Type A and Type B devices). 

It can be seen from Figs. 8(a) and 8(b) that under 
X directional earthquakes, the increase in the 
earthquake input results in the reduction of ARR for 
the test specimen equipped with Type A devices, 
while ARR of the test specimen equipped with Type B 
devices is proportional to the scale of earthquake 
inputs. Furthermore, when test specimens equipped 
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with Type A and Type B devices are subjected to Z 
directional earthquakes, ARR values are proportional 
to the scales of earthquake inputs, as presented in Figs. 
8(e) and 8(f). 
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Fig. 8 ARR values of test specimens equipped with 

Type A and Type B devices under X, Y and Z 
directional earthquakes. 

DRR<1, DRR=1 and DRR>1 represent that the 
restraint is not engaged, the restraint works exactly 
and the restraint is engaged, respectively. As shown in 
Fig. 9, DRR values are proportional to the scales of 
earthquake inputs. 
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Fig. 9 DRR values of test specimens equipped with 

Type A and Type B devices under X, Y and Z 
directional earthquakes. 

Conclusions 
1. When the test specimen is subjected to X 

directional earthquakes, the overturning behavior 
is very limited since the test specimen in X 
direction possesses a smaller aspect ratio. 
Furthermore, the energy dissipation capacity of 
Type A devices is superior to that of Type B 
devices. It can be found from the comparison of 
ARR values under X directional earthquakes that, 
the increase in earthquake inputs results in the 
reduction of acceleration responses transmitted to 
the test specimen equipped with Type A devices, 
while the acceleration response transmitted to the 
test specimen equipped with Type B devices is 
proportional to the scale of earthquake inputs. 

2. When the test specimen is subjected to Y 
directional earthquakes, the overturning behavior 
is really significant since the test specimen in Y 
direction possesses a larger aspect ratio. It is 
worthy of noting that the overturning behavior of 
the test specimen equipped with Type A devices 
can be suppressed effectively compared with the 
test specimen equipped with Type B devices due 
to the restrained capability in the vertical 
direction. Furthermore, it can be found from the 
comparison of ARR values under Y directional 
earthquakes that, with the same earthquake inputs, 
the peak acceleration response transmitted to the 
test specimen equipped with Type B devices is 
smaller than that with Type A devices. 

3. It can be found from the comparison of DRR 
values under X and Y directional earthquakes that, 
with the same earthquake inputs, the peak 
displacement response of the vibration isolation 
devices in Y direction is much severer than that in 
X direction. It is because that the test specimen in 
Y direction possesses a larger aspect ratio. The 
test results indicate that the seismic damage 
potential to the mounted equipment may be 
induced by the severe displacement response of 
vibration isolation devices. 
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Implementation of Bio-informatics on           
Structural Health Monitoring 

Chang-Hung Ku 1 and Tzu-Kang Lin 2 

Abstract 
A structural health monitoring (SHM) mobile module based on bioinformatics is studied 

in this paper. An eight-story down-scale steel building located at the shaking table of the 
National Center for Research on Earthquake Engineering (NCREE) was used as the testing 
benchmark structure. In order to create a mobile SHM prototype as well as providing a 
platform for application on future control system, the system was developed by utilizing 
both advanced software and hardware in the related field.  

Keywords: Structural health monitoring, mobile module, bio-informatics 
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Introduction 
This study aimed to design, build and test a mobile 

SHM system that can be used easily. Considering the 
mobility of the SHM system and the goal to meet the 
expected performance, appropriate software, hardware 
interface and wireless transmission system were 
selected as the fundamental elements. To verify the 
feasibility of the SHM prototype system, a series of 
experiments has been conducted on the eight-story 
down-scale benchmark specimen at NCREE. The 
experimental data will also be established as a reliable 
reference for SHM system development. 

The selection of hardware 
The main part of the hardware is composed of a 

CompactRIO system with FPGA system, 
reconfigurable chassis, hot-pluggable type I/O 
modules, and LabView Real-Time (RT) System. The 
platform is expected to process real-time monitoring 
control. This embedded technology can access 
low-level hardware resources wide open to rapidly 
develop independent or discrete control system. 

Through the graphical programming design tool, 
the mobile type SHM system can be designed and 
optimized on different embedded monitoring projects 
for specific applications. As shown in Figs.1 and 2, As 
the FPGA system and the Real-Time system can 
operate independently for parallel computing, the 
execution efficiency of entire SHM system can be 
easily enhanced. 

 

Fig. 1 The concept of FPGA system 

 

Fig. 2 The Real-Time controller 

 

The Wireless Transmission System 
The WirelessPlug MA8-9i GPRS/CDMA 

communication platform providing a wireless solution 
on Machine to Machine application including the 
MA8-9i wireless platform and software Plug Master 
of central server was used in this research. The 
RS-232 RS-485 interface of industrial standard 
which can be connected directly with industrial 
acquisition equipment was utilized for data 
transmission. 
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Mobile SHM Prototype 
To implement the SHM concept in practice, a 

SHM prototype detection system has been developed. 
As shown on the left side in Fig. 3, three 
hot-pluggable type modules including the sensing 
input module, GPS module, and the data storage 
module were integrated to form the prototype system. 
Meanwhile, by using the customized rectangular tin 
on the prototype system, power for the sensing unit 
can be easily provided, and the sensor may operate 
normally to become a relay station to collect the data 
required. As designed, the micro-vibration data will 
first be measured by the sensor deployed and then be 
transmitted through the input module to the built-in 
microprocessor. Both acceleration and velocity of the 
structure can be measured simultaneously to evaluate 
the health condition of the structure. In addition, 
different SHM prototype systems can be extended to 
SHM network by connecting network wires between 
each prototype system. 

 
Fig. 3 The Prototype 

The SHM Software 
The software of this SHM system can be divided 

into two parts as the Onsite Program shown in Fig. 4 
and the Demonstration Program shown in Fig. 5.  

As mentioned above, the On-site program is then 
divided into four parts as shown in Fig. 4 including  
the Data Pre-Processing, the Coefficient Extracting 
Module, the Health Condition Diagnosis, and GPRS 
& Wireless Module. 

Fig. 4 The Onsite Program 

 

Fig. 5 The Demonstration Program 

The Pre-Processing program is composed of three 
parts including the collection of the input data, the 
design of the digital filter, and the settings of the data 
size for SHM processing. By using the Pre-Processing 
program, the unnecessary noise from the ambient 
environment can be successfully avoided to ensure the 
accuracy of the input data.  

In this study, the sample rate of the data was 
selected as 200Hz, and the filter was chosen as 
band-passed filter to filter out the unwanted high and 
low frequency set as 90Hz and 0.1Hz, respectively. 
The errors caused by the voltage conversion between 
the analog and digital signals can also be eliminated to 
collect the proper data required while the accuracy of 
the data is also guaranteed. The setting and selecting 
of filter parameters is indicated in Fig. 6. 

 

Fig. 6 The Data Pre-Processing 

The Coefficient Extracting module was designed 
based on the specific SHM algorithm developed for 
the monitoring objective, the eight-story down-scale 
steel structure. In this study, the AR-ARX model was 
first established and then implemented by codes 
written with the LabView program, and the settings of 
the order required is shown in Fig. 7. By using the 
Coefficient Extracting module, the time history of the 
structure response can be quickly transformed into the 
AR-ARX array form and the damage condition of the 
structure can be evaluated by comparing with the 
deposited database in the next stage. 
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Fig. 7 Coefficient Extracting Module 

The Naïve Bayes-based SHM algorithm was 
applied in Fig. 8. By comparing the AR-ARX array 
calculated from the previous block with the stored 
database, the occurrence probability of all 19 damage 
cases was estimated by a designated loop, and the 
structural damage condition and location can be easily 
determined. The detail of the Health Condition 
Diagnosis module is shown in Fig. 8. 

Fig. 8 Coefficient Extracting Module 

In order to achieve the goal of real-time 
monitoring after determining the damage condition 
and location, the GPRS Module was utilized to 
transfer the data back to the monitoring server. For the 
purpose of the safe-transmission of data and the 
accuracy of reception, data transmission is transmitted 
with encryption. In this study, the skill to encrypt and 
decrypt is achieved by adding an AA string in the 
beginning of the data transmitted. Signals are received 
once the AA string is detected, and the result is 
displayed. The details of the transmitter and receiver 
software are shown in Figs. 9 & Fig. 10. 

 

Fig. 9 The Transmitter 

 

Fig. 10 The Receiver 

In order to test the performance and the 
consistency between the software and hardware of the 
SHM prototype, an experimental verification was 
arranged. The scaled-down six-story steel building 
mounted on the shaking table at NCREE was again 
used as the practical testing structure. The structural 
damage was simulated by loosening four bolts on the 
third floor, which is damage case 4, and then the 
ambient vibration response measured by the sensor of 
the roof was analyzed by the on-site SHM prototype 
for testing. By comparing the AR-ARX array obtained 
from the micro-vibration data with the database 
deposited in the SHM system, the results of the 
structural health condition can be evaluated 
immediately. 

The real-time monitoring result is shown in Fig. 11 
where the SHM results can be determined every 20 
seconds on the left side of the figure. The numbers 
shown in the panel represent the classification result. 
To avoid false alarm in practical application, the SHM 
algorithm was designed to operate three times per 60 
seconds to determine the damage condition and 
location of the structure which is shown on the right 
side of Fig. 11. The damage level of the structure, 
which is either none, slight, moderate, severe, ultimate, 
or nonlinear is shown in the middle of the figure. 
Furthermore, not only the real-time structural damage 
can be monitored by the mobile type SHM system, but 
the software parameters can also be remotely 
controlled. This flexible monitoring design can make 
the SHM system optimal to fit all kinds of conditions 
and evaluate the structural damage immediately. The 
high mobility and prompt execution concepts of the 
proposed mobile SHM prototype can then be finally 
implemented. 
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Fig. 11 The Real-Time Monitoring Interface 

Conclusions 
In this study, a SHM prototype was designed, 

developed, and verified on real structures. Advanced 
software and hardware were integrated. The result has 
demonstrated the feasibility of the proposed SHM 
system in practice.  
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Cyclic Test of a Coupled Steel Plate Shear Wall 
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Abstract 
This research aimed to investigate the seismic behavior and design of the Coupled Steel 

Plate Shear Wall (C-SPSW). A prototype six-story C-SPSW building was designed based 
on the model building code. A 40% scale specimen was constructed as the bottom 
two-and-half-story substructure of the six-story C-SPSW prototype. The reduced scale 
sub-structural specimen was cyclically tested using the Multi-Axial Testing System (MATS) 
at the National Center for Research on Earthquake Engineering (NCREE). In addition to 
the cyclic lateral forces, the constant vertical loading and cyclic overturning moments were 
applied on the specimen simultaneously. The test results show that the C-SPSW specimen 
behaved in a ductile manner and dissipated significant amounts of hysteresis energy during 
the cyclic loadings. Finally, based on the experimental results, the implications in the 
capacity design for the bottom boundary column are discussed. 

Keywords: Steel Plate Shear Wall , Coupled Steel Plate Shear Wall, Coupling Beam, Capacity Design 
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Introduction 
Steel plate shear wall (SPSW) has seen increased 

usage in North America and Asia in recent years. An 
SPSW is composed of a structural frame and infill 
steel plates. The beams and columns surrounding the 
infill panels are named as boundary beams and 
boundary columns, respectively. SPSW can effective- 
ly resist horizontal earthquake forces by allowing the 
development of diagonal tension field action after the 
infill plate buckles in shear. The energy is then 
dissipated through the cyclic yielding of the infill 
plates in tension. However, infilling the steel plate into 
the structural frame would conflict with the archi- 
tectural demand for doorways. In a tall and slender 
SPSW, the significant overturning moments will result 
in high axial force demands in the boundary columns. 
Moreover, the tall SPSWs likely behave in the flexure 
-dominated deformation mode under the lateral forces. 
It would cause the steel plates in the top stories of the 
wall to fail in developing the plastic tension field 
action. Thus, this research proposed Coupled Steel 

Plate Shear Wall (C-SPSW) as a solution to the 
application of SPSW in high-rise building. 

 
Fig. 1 Plastic mechanism of the C-SPSW 

As shown in Fig. 1, a C-SPSW consists of two or 
more SPSWs in series coupled by the coupling beams 
between the walls at the story levels. The coupling 
beams restrain the individual cantilever action of each 
wall by forcing the system to work as composite 
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section. The total stiffness of a C-SPSW exceeds the 
summation of its individual wall stiffness. 

Plastic Mechanism of C-SPSW 
For the Reinforced Concrete Coupled Shear Wall, 

which is commonly seen in practice, the desired 
plastic mechanism consists of flexural yielding in the 
coupling beams and at the base of the wall. However, 
when a C-SPSW develops plastic mechanism under 
lateral forces, as shown in Fig. 1, the infill plates at all 
stories develop the plastic tension field and the plastic 
hinges forms on the coupling beams, boundary beams 
and the column bases. The difference in plastic 
mechanism between RC and steel coupled shear wall 
prevents the extension of the research results for 
concrete systems to the steel systems. 

By extending the current seismic provisions (AISC, 
2005) for the link beam of the eccentrically-braced 
frame to the prediction for the yielding mechanism of 
the coupling beam, the coupling beam will yield in 
shear when its length, e, is smaller than 1.6Mp/Vp, 
where Mp and Vp are the plastic flexural strength and 
plastic shear strength of the coupling beam, 
respectively; and the coupling beam will develop 
flexural plastic hinges at its both ends when e > 2.6 
Mp/Vp. 

 
Fig. 2 Schematic of the calculation of the ultimate 

axial forces in the columns 

As shown in Fig. 2, when a C-SPSW is subjected 
to the lateral forces, the ultimate axial forces on the 
outer columns come from the plastic panel forces and 
shears of the boundary beams. For the inner columns, 
the axial forces due to the coupling beams are 
opposite to those from the steel plates and boundary 
beams. Thus, the ultimate axial forces in the inner 
columns will be less than those in the outer columns. 

Design of Prototype 6-story C-SPSW 
A prototype 6-story C-SPSW building was 

designed based on the model building code and some 
design recommendations from the past researches. 
The site is located at the east zone of the Chiayi City 
in Taiwan. As shown in Fig. 3(a), the floor dimension 
is 54 m × 28 m. The total height is 24 m. The first 
story has a height of 5 m and the others are 3.8 m high. 
In the longitudinal direction, there were four six-bay 

moment resisting frames (MRF). In the transverse 
direction (the direction of interest here), there were 
two C-SPSW frames (located on the middle bays of 
the frame lines B and F) acting as the primary lateral 
force resisting system. As shown in Fig. 3(b), each 
C-SPSW is composed of two 3.5 m wide SPSWs and 
3 m long coupling beams between the SPSWs. 

9
10

9

(b)(a)  
Fig. 3 (a) Floor plane of the 6-story prototype 

building and (b) elevation of the C-SPSW 

The analytical strip model (Thorburn et al., 1983) 
of the C-SPSW was constructed to check that the 
whole structure remains elastic under the code pre- 
scribed load combinations. The coupling beams were 
designed to be shear links. The selection of the 
boundary beams was based on the capacity design 
method proposed by Vian and Bruneau (2005). The 
determination of the boundary column was based on 
the capacity design method proposed in this research. 
The design objective was to limit the plastic hinge on 
the compressed bottom column to form within the 
lowest quarter column height. The proposed flexural 
demand Md for the bottom boundary column is: 

2
1 1

(3 1) 1
16( 1) 96d chM h        (1) 

The  is the ratio of moment due to the frame sway 
action at the top end to that at the bottom end of the 
compressed bottom column. The h1 and ch1 are the 
column height and the horizontal component of the 
yielding panel forces in the 1st story, respectively. The 
calculations of  and ch1 were introduced in the past 
research. (Tsai et al., 2010) 

Test Specimen Design and Test Program 
Using the 6-story C-SPSW prototype as a basis, a 

40% scale specimen was constructed as the bottom 
10.5 m high substructure of the original C-SPSW. The 
region of the substructure contains the lowest tow 
stories and the bottom half third story of the original 
structure (shown in Fig. 4). The infill plates were 3.5 
mm thick low yield strength (LYS) steel (measured Fy 
= 220MPa). All the boundary elements and coupling 
beams were made of A572 Grade 50 steel. The design 
results of the test specimen are shown in Fig. 5. The 
Reduced Beam Section (RBS) detailing was employed 
at the ends of the boundary beams. The infill plates 
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were welded at the edges to the boundary elements 
using 7 mm thick fishplate connection details. 

In order to simulate the effects of the upper 
structure acting on the substructure, as illustrated in 
Fig. 4, the specimen was subjected to the cyclic lateral 
forces FH, the cyclic overturning moments MOT, and 
the constant vertical loadings PV representing the 
gravity load effects. The specimen was tested using 
the Multi-Axial Testing System (MATS) at the 
National Center for Research on Earthquake 
Engineering (NCREE). The specimen was set upside 
down in the MATS. The base beam of the specimen 
was mounted on the cross beam of MATS. The top 
boundary of each SPSW was connected with a transfer 
beam. The column top ends were pin-connected with 
the transfer beam ends; and the top steel plate was 
welded to the transfer beam using the fishplate 
connection. The mid-span of transfer beam was 
pin-supported on the platen. A lateral support system 
was constructed on the platen and the reaction frame 
(A-frame) of MATS. Lateral supports were provided 
at each beam-to-column joint for both the boundary 
beams. Thus, the unbraced length of the columns was 
equal to the story height. 

4.34m10.5m

 
Fig. 4 Schematic of the substructure and test setup 

The actuator system applied forces on the platen. 
Two horizontal actuators were employed to apply the 
lateral displacement on the specimen. Two cycles of 
0.1%, 0.2%, 0.3%, 0.5%, 0.75%, 1.0%, 1.5%, 2.0%, 
3.0%, 4.0% and 5.0% radian roof drifts were imposed 
sequentially on the specimen. The vertical actuators 
can be classified into 3 categories: (1) two rows of 
pancake-type actuators pushing the bottom of the 
platen. The difference in the applied forces between 
the two rows of actuators induced the overturning 
moment effects on the platen; (2) two hold-down 
actuators which were mounted on the A-frame of 

MATS and pushing on the top of the platen; and (3) 
two additional actuators which were anchored 
between the platen and the cross beam. The additional 
actuators pushed the platen downward. The resultant 
forces of these vertical actuators applied a constant 
vertical force (PV=1400 kN). The relationship between 
the resultant moment MOT of these vertical actuators 
and the lateral forces FH applied by horizontal 
actuators is: MOT = FH × (2.51m). The relationship is 
calculated based on the assumption that the vertical 
distribution of the lateral forces acting on the original 
6-story building is con- stant during the cyclic loading. 
The vertical distribution of the lateral forces was 
determined from the recommendations of the current 
Taiwan’s seismic code. 

 
Fig. 5 Schematic of the test specimen 

Test Results and Design Implications 
Fig. 6 illustrates the force versus displacement 

relationship of the specimen. The C-SPSW specimen 
exhibited an excellently ductile behavior and 
dissipated significant amount of hysteresis energy 
during the cyclic loading test. The lateral and vertical 
load-carrying capacities did not notably deteriorate 
when the overall drift of the specimen reached 5% rad. 
The expected plastic mechanism was developed. The 
procedure of the test is stated in the following two 
paragraphs. 
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Fig. 6 Force versus displacement relationship of 

the specimen 
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The visible local buckling of the infill plates 
occurred at 0.3% rad. drift level. At a roof drift of 
0.5% rad., the infill plates and the coupling beam web 
slightly yielded. The specimen initiated the notable 
hysteresis behavior at the 0.75% rad. drift level. At a 
roof drift of 1.0% rad., the fillet weld between the 
fishplate and the transfer beam in the 3rd story of the 
southern SPSW started to tear. In addition, a lot of 
horizontal yield lines appeared on the whitewash on 
the outer flanges of the outer column. It suggested that 
the flange yielded in axial force. At the drift level of 
1.5% rad., the yielding of the column became more 
severe. The flaking of the whitewash was found at the 
outer flanges of the inner columns and at the webs of 
the outer columns. 

At the 2.0% rad. roof drift, the fishplate was torn 
away from the transfer beam at the 3rd story of the 
southern SPSW. Notable flaking of the whitewash was 
found at the column webs. The locations of the flaking 
indicated that plastic zones on the inner columns’ 
webs concentrated at the column base. In contrast, the 
plastic zones on the outer columns’ webs spread over 
a wider region which is located at 50 to 80 mm away 
from the column base. At a roof drift of 3.0% rad., the 
flange local buckling developed at the RBSs of the 
boundary beams. As the roof drifts increased to 4% 
and 5% rad., the flange and web local buckling of the 
RBSs of the boundary beams became more severe. 
Except for the fracture of the weld between the 
fishplate on the transfer beam and the 3rd story infill 
plate of the northern SPSW, no other notable fracture 
occurred. 
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Fig. 8 Residual pull-in deflections of the 1st story 

columns in the northern SPSW after the 
various drift levels 

Fig. 8 shows the relative deflections of the 1st story 
columns in northern SPSW when the lateral forces 
approached zero during the second cycle of the 
various drift levels. The relative deflection was 
obtained by subtracting the deflection due to the rigid 
body motion from thee total deflection. The relative 
deflection can be utilized to estimate the inward 
flexural deformation of the column induced by the 
panel forces. It can be found that residual “pull-in” 
deformations on the outer column were much larger 
than those on the inner column. This should be 
attributed to that the axial forces in the outer column 
were much higher, thus, the flexural strength of the 

outer column is smaller due to the axial-flexural inter- 
action effect. However, form the Fig. 7, it can be 
found that the maximum residual deflection of the 1st 
story outer column was about 10 mm (=h1/200) after 
the specimen had suffered two cycles of 3.0% rad. 
roof drift (2.1% rad. 1st story drift). The 1/200 of the 
story height can serve as the deflection index limiting 
the development of large secondary forces in the 
columns (Ellingwood, 2003). Moreover, the past test 
(Tsai et al. 2006) has shown that peak story drift a 
well-designed SPSW specimen during the collapse 
prevention level (2/50 hazard level) earthquake was 
about 2.0 to 2.5% rad. The test result suggests that, as 
the plastic hinge on the compressed bottom column 
form within the lowest quarter column height, the 
residual pull-in deflection of the column would not 
cause a severe second order effect after a collapse 
prevention level earthquake. 

Conclusions 
The test results show that the C-SPSW specimen 

behaved well in the cyclic test. The limited residual 
pull-in deflections of the columns suggest that the 
proposed capacity design for the boundary column 
could be a choice of design in the practice. Further 
design issues of C-SPSW will be explored based on 
the test results and additional analytical studies. 
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Abstract 
Structural health monitoring of reinforced concrete (RC) structures under seismic loads 

has recently attracted attention in the earthquake engineering research community. In this 
paper, a piezoceramic-based device called “smart aggregate” was used for the health 
monitoring of RC frame structures under earthquake excitations. Four RC moment frames 
instrumented with smart aggregates were tested using a shake table. The distributed 
piezoceramic-based smart aggregates embedded in the RC structures were used to monitor 
the health condition of the structures during the tests. The sensitiveness and effectiveness 
of the proposed piezoceramic-based approach were investigated and evaluated by analyzing 
the measured responses. The displacement ductility demand of the structural members was 
calculated and compared with the damage index determined from the health monitoring 
technology using the smart aggregate. The comparison has shown that the damage index is 
compatible with the calculated ductility demand. 

Keywords: piezoceramic, smart aggregate, health monitoring, RC moment frame 
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Introduction 
There are two major categories of piezoelectric 

based health monitoring: 1) The impedance-based 
approach, in which the impedance of piezoelectric 
transducers can be applied to the health monitoring of 
concrete structures (Sun et al. 1995, Ayres et al. 1998, 
Tseng and Wang 2004), and 2) Vibration-based health 
monitoring approach, in which the wave-propagation 
properties are studied to detect and evaluate the cracks 
and damages inside the concrete structures (Okafor et 
al. 1996, Saafi and Sayyah 2001, Song et al., 2007, 
Liao et al., 2008).  

In this paper, piezoelectric based-smart aggregates 
were developed to form a distributed intelligent sensor 
network in perform structural health monitoring for 
concrete structures after earthquake excitation. 
Through a series of shaking table tests of four 
one-story two-bay reinforced concrete frames 
subjected to different level of base excitation, the local 
damage status was identified from the response 
measurements. The ground motion record TCU082 
from the 1999 Taiwan Chi-Chi earthquake was used 
as the excitation source for the shake table under 
different acceleration levels. On the other hand, the 

simulation of nonlinear dynamic behavior of the RC 
member is important for predicting the response of the 
structure before an earthquake. A simple but accurate 
method is proposed in this paper for the simulation of 
the responses of the RC frames when subjected to 
earthquake excitations. The displacement ductility 
demand of the structural members calculated by the 
proposed method was compared with the damage 
index determined from the health monitoring 
technology using the smart aggregate. The comparison 
has shown that the damage index has a good 
agreement with the calculated ductility demand.  

Experimental Setup 
Four 1-story 2-bay reinforced concrete frames 

RCF2, RCF3, RCF4 and RCF5, designed with Taiwan 
Building Code, were constructed under identical 
design details and construction qualities. Each frame 
was tested on the NCREE’s shaking table with 
different intensity levels of earthquake excitation. 
Figure 1 shows the dimension of the RC frame 
structure. Figure 2 shows the test setup on the shake 
table. Each span of the frame is 2 m and the height is 
2.3 m. Dead load (lead ballistic) of 4 t was added to 
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the top of the floor of the specimens RCF2-RCF4, and 
5.5 t was added to the specimen RCF5 to ensure a 
significant inertia force on the frame. The cross 
section of the column and the beam were 20x20 cm 
and 16x20 cm, respectively. The rebar arrangement of 
the central column was 8-#4 longitudinal steel rebars 
with #3@10cm stirrup, and 4-#4 longitudinal steel 
rebars with #3@10cm stirrup for side columns. The 
average concrete strength was 210 kg/cm2. The 
average yielding stresses for rebar was 4100 kg/cm2. 
The foundation was designed to remain elastic when 
the failure of the reinforced concrete column or beam 
occurs. The horizontal displacements and response 
acceleration of the walls were measured by LVDTs 
and accelerometers, respectively. Furthermore, to 
prevent the accidental torsional motion of the concrete 
frame, lateral supporting steel frame were equipped in 
the four corners of concrete slab. The steel roller was 
designed to be located between the concrete slab and 
the supporting frame to reduce the friction force. The 
input ground acceleration history for all tests was the 
E-W component of the TCU082 station of the 1999 
Taiwan Chi-Chi earthquake (denoted as TCU082EW). 
The first fundamental frequency of the frame in 
longitudinal direction was designed to be about 6.0 Hz. 
White noise excitations were also applied to these 
tested structures before and after the earthquake 
excitation from the shaking table. As shown in Table 1 
each RC frame was tested with different intensity 
levels of ground excitation. 

Table 1 Measured and identified four test frames 
from the test results. 
Specimen Excitation 

Name 
Input 
PGA (gal) 

Identified 
frequency 
(Hz) 

RCF2 White noise 
TCU082 
White noise 

27 
840 
31 

6.0 
 
3.0 

RCF3 White noise 
TCU082 
White noise 

24 
1310 
36 

6.0 
 
2.1 

RCF4 White noise 
TCU082 
TCU082 
White noise 

30 
1186 
668 
33 

6.0 
 
 
2.1 

RCF5 White noise 
TCU082 
White noise 

30 
1248 
30 

5.1 
 
2.0 

 
The adopted smart aggregate of this study was 

proposed by Song et al. (Song et al., 2007). It was 
fabricated by embedding a water-proof coated 
piezoceramic patch into a small concrete block as 
shown in Figure 3. This configuration offers 
protection to the fragile piezoceramic patches. The 
smart aggregates were embedded at the desired 
distributed locations before the casting. Figure 4 
shows the embedded locations of smart aggregates in 
the tested column. The adopted smart aggregates 
sensing unit has the advantages of low cost and active 
sensing. Active sensing means one smart aggregate is 

actively excited by a desired wave form so that other 
distributed smart aggregates detect the responses. By 
analyzing the sensor signals, many important 
properties of the structures can be monitored and 
evaluated. 

A

A

B

B

Lateral View

B

B

 
Fig. 1  Configuration of the test RC frame. 

 
Fig. 2  Photo of test setup. 

 

 
Fig. 3  Fabricated smart aggregates. 

 
  

A8 A7
 

Fig. 4  Locations of smart aggregates. 

Health Monitoring  

The energy of smart aggregate sensor is calculated as 

0

2ft

t
E u dt                 (1) 

where 0t  is the starting time, ft  is the finish time, 
and u  is the sensor voltage. The energy vector for 
the healthy data is hE . The energy vector for the 

Water-proof coating 

Electric wires 

Piezoceramic patch 
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damage status at time index i is defined as iE . The 
damage index at time index i is defined as  

| |h i

h

E EI
E

               (2) 

The proposed damage index represents the 
transmission energy loss caused by damage. When 
the damage index is close to 0, it means the structure 
is in a healthy state. When the damage index is 
greater than a certain threshold, it means damage has 
appeared. In this case, the greater the index, the more 
serious the damage is. When the damage index is 
very close to 1, it means the concrete structure is 
near failure. A Sensor-History Damage Index Matrix 
(SHDIM) m nM  is defined as 

,M Im n i j m n
 ( 1, 1,i m and j n )   (3) 

where the matrix element at the ith  row and the jth 
column, ,i jI , is the damage index of the ith smart 

aggregate at the time of the jth test (i.e. i is the sensor 
index, j is the time index); m is the total number of 
smart aggregates and n is the total number of tests. 
The damage status at different locations at different 
test time of the concrete specimen can be represented 
by a 3-dimensional damage index matrix plot.  

The severity of the damage at RCF5 is more than 
the damage at RCF2. After the shake table tests, the 
smart aggregates were utilized for the structural health 
monitoring of the concrete column. The PZT-A8 
shown in Figure 4 behaved as an actuator with 
excitation frequencies 1 kHz and 5 kHz; PZT sensors 
located in the column and beam behaved as sensors. 
The damage index matrix proposed was utilized in the 
structural health monitoring of tested RC frames. The 
damage index matrix of sensors is shown in Fig. 5. 
The sensor numbers were as according to the 
description of Fig. 4. From the damage index matrix 
shown in Fig. 5, the damage index values of each PZT 
sensor have an increased trend that related to the 
inertia force of the RC frames. This shows the 
effectiveness of the proposed damage index matrix to 
evaluate the severity of the damage at different 
frames. 

Simulation of the Nonlinear Behaviors of 
Frames 
A finite element model was established by using 
SAP2000 in the simulation of the dynamic behavior 
of the RC frame structure when subjected to different 
levels of earthquake ground excitations. In the 
simulated model of the RC frame, the beam and 
column were modeled as the linear elastic element 
with a nonlinear link at the ends of the element; the 
cracking moment, yielding moment, ultimate 
moment strength and corresponding curvatures were 
obtained by the software XTRACT. The hysteretic 
model for the analysis is the Takada model. The 

effective moment of inertia of the beam-column 
element adopted herein is the average of the cracked 
and uncracked moment of inertia. Figure 6 shows the 
simulated displacement time histories at the slab of 
the test RC frames and in comparison with those 
results measured in the test. From these figures, it 
cab be seen that the simulated method proposed in 
this study can accurately predict the maximum 
displacement and residual displacement of RC frame 
structures. The damage state of each member is 
important as well as the whole behavior of the 
structure. Ductility demand is a suitable and common 
index to represent the damage state of beam-column 
members. Table 2 shows the ductility demand of 
columns C1, C2 and C3 of RC frames. The 
comparison of calculated ductility demand and the 
damage index obtained by smart aggregates is shown 
in the table. The increasing trend of the damage 
index is consistent with the trend of calculated 
ductility demand. This demonstrates again the 
effectiveness and accuracy of the health monitoring 
by smart aggregates. 

 
(a) excitation frequency=1 kHz 

 
(b) excitation frequency=5 kHz 

 
Fig. 5  Damage index matrix of sensors. 

Conclusions 
In this paper, a smart aggregate-based sensor 

network has been applied to the health monitoring of 
concrete frames under different levels of intensity of 
earthquake excitation. From the experimental results, 
the smart aggregate-based sensors can monitor and 
predict the health status of the tested frame through 
the proposed damage index matrix. The smart 
aggregate-based sensor has the potential to be 
implemented to real concrete structures to enhance 
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safety. A method was proposed for the simulation of 
the responses of the RC frames subjected to 
earthquake excitations. The displacement ductility 
demand of the structural members was calculated and 
compared with the damage index determined from the 
health monitoring by smart aggregates. The 
comparison has shown that the damage index is 
compatible with the calculated ductility demand. 
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(b) RCF3 

Fig. 7 Simulated displacements and test displacements 
of RC frames.  
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Table 2(a)  Damage index and ductility demand of 
columns(1 kHz) 

RCF2 RCF4  specimen
 
column Damage 

index 
Ductility 
demand  

Damage 
index 

Ductility 
demand 

C1(Pzt32) 0.418 1.203 0.444 1.837 
C2(Pzt31) 0.410 1.276 0.439 1.909 
C3(Pzt30) 0.385 1.213 0.453 1.861 

 

Table 2(b)  Damage index and ductility demand of 
columns(5 kHz) 

RCF2 RCF4 specimen
 
column Damage 

index 
Ductility 
demand  

Damage 
index 

Ductility 
demand 

C1(Pzt32) 0.134 1.203 0.505 1.837 
C2(Pzt31) 0.170 1.276 0.506 1.909 
C3(Pzt30) 0.151 1.213 0.560 1.861 
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Abstract 

This paper presents the system identification of the Fei-Tsui arch dam using the recorded seismic 
data and ambient vibration data. The modal properties of the dam under different reservoir water levels 
were identified using the recorded seismic data from 84 earthquake events. Considering the spatial 
variability of input excitation, both multi-input and single-input system models were employed in the 
input/output subspace identification. The regression curves between the natural frequencies and the 
reservoir water level were developed from the statistical analysis of identification results. In order to 
compare the current behavior of the dam to its past, an ambient vibration experiment was performed and 
the output-only stochastic subspace identification method was used to identify the current modal 
properties of the dam. Finally, a safety evaluation was made by pointing the current identification result 
on the developed regression curve. Furthermore, the comparison between different identification 
algorithms in this study was made. From the stability diagram of the identification, the output-only 
stochastic subspace identification (using ambient data) provides clearer system characteristics than the 
input/output subspace identification (using seismic data). Discussion on the single-input model and the 
multi-input model for subspace identification is also made in this study. 

Keywords: Structural Health Monitoring, System Identification, Fei-Tsui Arch Dam, Ambient 
Vibration 

 
Introduction 

Monitoring technology plays an important role in 
securing the integrity of structural system and 
maintaining the longevity of the structure. It consists 
of three aspects: (1) instrumentation with sensors, (2) 
methodologies for obtaining meaning information 
concerning the structural health monitoring, and (3) 
early warning from the measured data. Various 
methods based on the dynamic and static tests have 
been applied in addressing the structural health 
monitoring and damage identification. One important 
problem in the seismic safety analysis of dams is the 
evaluation of the hydrodynamic-forces-induced 
reservoir-dam interaction during strong earthquakes. 
Generally, the damage of structure such as dam may 
be detected from the variation of structural features; 
however, these features may be affected by the 
changing environmental conditions such as 
reservoir’s water level and temperature. Around the 
world, very few major dams had enough seismic 
response data for developing the safety evaluation 
guideline of dams. The problem is even more 
complicated in case of concrete arch dam because of 

the geometry of the dam’s cross-section. Therefore, 
continuous monitoring as well as seismic monitoring 
of an arch dam becomes one of the important 
objectives in conducting safety assessment of the 
dam. 

In this study the discrete-time system 
identification of Taiwan’s Fei-Tsui arch dam, using 
both the recorded seismic data and the ambient 
vibration data were studied. Discussions are  made on 
the results of the conducted study. 

Description of the Fei-Tsui Arch Dam 
The sections of Fei-Tsui arch dam is shown in Fig. 

1. The level of the water in the reservoir normally 
varies between elevation of 170 m and 120 m. The 
local temperature normally varies between 50  to 
86 . According to previous research, the reservoir 
level is the most important factor in changing the 
dynamic features of the arch dam. Therefore, the 
relationship between reservoir water level and 
features must be clarified and regressed before the 
structural health monitoring of the arch dam. 
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Fig. 1 The Fei-Tsui arch dam; (a) Front view, (b) 
Photograph, (c) Cross-sections at NPL1, NPL2 and NPL3. 

System Identification from Seismic Data 
To monitor the dynamic properties of the dam 

during earthquake, eleven tri-axial accelerometers 
were deployed in the Fei-Tsui dam as shown in Fig. 
1(a). The strong motion accelerometers in Fei-Tsui 
dam were upgraded in 1998. The strong motion 
records of 84 earthquakes collected after the upgrade 
in 1998 (from 1999 to 2008) were chosen and used in 
this study. The most intense of these earthquakes 
occurred on March 31, 2002 and it was called as the 
331 Earthquake in Taiwan. The recorded PGA of 331 
Earthquake was up to 0.028g which is greater than 
921 Chi-Chi Earthquake (0.025g). The strong motion 
instrumentation of Fei-Tsui arch dam includes eleven 
GeoSIG AC-63 tri-axial accelerometers on the dam 
body since 1998. The analogue signals were digitized 
by using a 16-bit ADC and the corresponding 
sampling rate is 200Hz. The specification of the 
accelerometer is shown in Table 1. 
AC-63 tri-axial accelerometer VSE-15D velocity sensor 

Full-scale ± 2 g   Full-scale ± 0.1 m/s 
Type Force balanced 

accelerometer 
Type Force 

balanced 
accelerometer

Sensitivity 10V/g Sensitivity 1000V/m/s 
Dynamic 
Range 

> 120 dB Dynamic  
Range 

approximately 
140 dB 

Bandwidth DC ~ 100 Hz   Bandwidth 0.2 ~ 100 Hz 
Damping 70 % of critical Damping 100.% of 

critical 
Table 1 Specification of tri-axial accelerometer and VSE-
15D velocity sensor. 

Numerical model of the arch dam 
According to the previous research of Loh et al. 

(2000), the input ground motion for the Fei-Tsui arch 
dam was found to be varied along the abutment of the 
dam and it has been suggested that the dam should be 
considered as a multi-input system for system 
identification. As long as the ground motion was 
measured at finite locations (SD1~SD5), the dam was 
naturally considered as a dynamic system with 
multiple support excitations [5]. The equation of 
dynamic equilibrium for such a system can be written 
in partitioned form: 

                    (1) 
The total displacement vector now contains two parts: 
(1)  includes the DOFs of the supports (such as 
SD1~SD5); and (2)  includes all DOFs of the dam 
except the DOFs of the supports. For earthquake 
loading, it can be observed that only the support 
forces  are applied to the system. Eq. (1) then can 
be rewritten by focusing on the dynamic 
displacements  on the DOFs of the dam: 

                (2) 
where the effective earthquake forces is: 

   (3) 
where  is the quasi-static displacement. 
Eq. (3) can be further simplified by considering two 
“possible” assumptions for real application: (1) small 
damped system; and (2) lump mass system. Based on 
the first assumption, the damping force is relatively 
smaller than the inertia force thus it can be neglected. 
For the second assumption, the non-diagonal term 

 will be a null matrix and therefore can be 
dropped. After the simplifications of the effective 
earthquake forces, Eq. (2) can be rewritten as: 

              (4) 

where  is the influence matrix because 
it describes the influence of support displacements on 
the structural displacements. Eq. (4) defines a 
numerical model for a dynamic system with multiple 
support excitations. On the other hand, the input 
ground motion was assumed to be uniform and one of 
the records from SD1~SD5 has been selected to be 
the representative ground motion. The motion 
equation will be simpler than Eq.(4) base on 
assumption of uniform input: 

              (5) 
where  is a scalar of the uniform input and  is a 
vector with each element equal to unity. A multi-
support excitation system may use more input 
excitations to model the non-uniform input ground 
motions but it also needs to discrete the boundary of 
the dam in order to get the equivalent earthquake 
forces. And also, there are two assumptions needed to 
be satisfied for the simplification of effective 
earthquake forces in Eq. (3). As for the single-input 
system, there is only one assumption that should be 
satisfied but this assumption is not “completely” true 
for real applications. 

Input/output subspace identification 

The input/output subspace identification algorithm 
starts from the continuous-time state space model, 
which is a different form of the motion equation: 

                  (6) 
                         (7) 
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where  

 
 

 is the process noise due to disturbances or 
modeling error and  is the measurement noise due 
to disturbances or sensor noise. It is assumed that 
they are zero mean and white vector sequences. In 
Eqs. (6) and (7), the inputs of this system are the 
absolute accelerations of all supports  and the 
outputs are the absolute accelerations of all degree-
of-freedoms (DOFs) of the dam . The basic 
concept of subspace algorithms is exploitation of the 
state as a finite-dimensional interface between the 
past part and the future part. First, the input and 
output data are arranged into the Hankel matrices. 
Then projection theorem is employed to extract the 
observability matrix : 

                      (8) 
After extracting the observability matrix using 
singular value decomposition, the system parameters 

 and can now be computed easily. Finally, the 
natural frequencies and mode shapes of the dam can 
be identified. 

For the multi-input case, the absolute acceleration 
records at stations SD1, SD2, SD3, SD4 and SD5 
were defined as the input excitations. The absolute 
acceleration records at SD6, SD7, SD8, SDA, SDB 
and SDC were defined as the outputs. In order to 
consider the canyon phenomenon, either SD1 or SD5 
was chosen as the uniform input in the single-input 
case and the outputs are the same as above. The 
identification results of 331 Earthquake are presented 
as stability diagrams and shown in Fig. 2. 

 
Fig. 2 Stability diagrams of the multi-input case using 
seismic data of 331 Earthquake. 

Following the subspace identification, the stability 
diagram describes the identified modal frequencies 
under different choice of the number of block row. 
Including 331 Earthquake, a total of 84 earthquake 
events (from 1999 to 2008) were used to identify the 
modal frequencies under different reservoir water 
level. Finally, the relationships between the reservoir 
water level and modal frequencies were developed 
and regressed by using the curve fitting tool. As 
shown in the Fig. 3, the modal frequency can be 
calculated from the reservoir level according to the 

general power-2 function:  
                           (9) 

where  is the modal frequency (in Hz) and  is 
the corresponding reservoir level. It is observed that 
the modal frequencies of dam decreases when the 
reservoir level increases. 

 
Fig. 3 Regression analysis of the relationship between 
reservoir level and natural frequencies of the Fei-Tsui arch 
dam. (  points the result from force vibration test; points 
the result from ambient vibration test). 

System Identification from Ambient Data 
An ambient vibration test was conducted in the 

dam on October 30, 2009, and the corresponding 
reservoir water level was 164.0 m. There were 17 
positions selected as measurement locations of the 
ambient vibration tests (AT1~AT17 as shown in 
Figure 1(a)). It required four steps to complete the 
ambient vibration test to cover all the desirable 
measurement points. For ambient vibration tests, a 
total of eight VSE-15D velocity sensors were used at 
the same time. Table 1 shows the specification of the 
sensor. It must be noted that the resolution of the 
sensor for ambient vibration test is 10-8 g and the 
resolution of AC-63 accelerometer is about 10-5 g. 

Output-only stochastic subspace identification 

Stochastic subspace identification algorithm was 
used to the ambient vibration data. This method 
computes the state space model of the stochastic 
system using output data. A stochastic system is 
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similar to  Eqs. (6) and (7) but its inputs are zero 
mean, white vector sequences denoted as  and : 

                       (10) 
                        (11) 

The white noise excitation is the most important 
assumption of this theory which is somehow the 
difficulty of the ambient vibration test. The 
computation procedures of stochastic subspace 
identification are very similar to the general subspace 
identification expect for the application of orthogonal 
projection defined as follows: 

                       (12) 
Following the procedure in subspace identification, 
the stability diagrams of the system identification 
from each step can be attained, as shown in Fig. 4. 
These stability diagrams from each test step clearly 
mark out the locations of the dam’s natural 
frequencies and the results are consistent with the 
dominant frequencies of the Fourier spectrum of the 
responses.  

 
Fig. 4 Stability diagram from stochastic subspace 
identification. 

The global mode shapes can also be determined from 
the measurement of each data set. Figure 5 shows the 
global mode shapes from ambient vibration test and 
the mode shapes estimated using seismic response 
data of 331 Earthquake are also shown. 

 
Fig. 5. Mode shapes of Fei-Tsui arch dam identified from 
seismic vibration data (SD1 input case) and ambient 
vibration data. 

Conclusions 
Based from the results, the analysis of ambient 

vibration data will have a significant effect on the 
improvement of the stability diagram by means of 
using the stochastic subspace identification. In order 
to compare the accuracy of multi-input and single-
input identifications, the result from ambient 
vibration test was plotted as a circle (see Fig. 3). 

Another result from the forced vibration test was also 
plotted as the star in the same figure. This force 
vibration data are quoted from reference [1] which 
shows the first two modal frequencies (i.e. 2.26 Hz 
and 3.02 Hz). The regression curves from single-
input identification accurately fit the results from 
both ambient vibration test and force vibration test.  

A brief conclusion can be made further based 
on the discussed comparisons. The output-only 
stochastic subspace identification has been found 
to be a more reasonable approach in identifying the 
modal properties of the arch dam. Moreover, it can 
be suggested that ambient vibration measurement 
system may be a better solution for monitoring the 
dynamic characteristics of dam yet, it needs 
continuous recording of ambient vibration to 
conform the reliability of the said approach. 
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Abstract 
This paper presents the benchmark building model for structural control and 

damage identification. The three-storey benchmark building model (almost full 
scale) was designed, simulated in FEM and been tested on the shaking table. With 
the modular design concept, various type of structures (with or without bracing, 
stiffness eccentric, earthquake excitations) were studied. The structural parameters, 
mathematical model, simulation results and shaking table test data were collected 
in the data bank. The data bank is open to public and can be used to develop and 
verify the system identification and damage detection algorithms. At the same time, 
the benchmark building model was used as the benchmark problem for the 
structural control system. The modular bracing system can fit various types of 
control devices. Different control devices and control algorithms can be applied to 
perform back-to-back comparison of the control systems. The design detail, 
connection of the control device, responses of the bare frame and the passive 
controlled responses are shown in this study. All these data is open to public, and 
researchers can use it to develop and verify their control system. Moreover, this 
study aimed to propose the benchmark models and support the development of 
structural control and damage identification. 

Keywords: benchmark model, Structural Control, Damage Identification 
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Introduction 
During the last decade, several benchmark 

structural control models have been developed 
through the sponsorship of the ASCE Committee on 
Structural Control and the International Association of 
Structural Control and Monitoring (IASCM). The 
main objective of developing these models has been 
the standardized evaluation of the performance of 
various control systems/ algorithms when applied to 
different structural systems. An extensive analysis of 
benchmark structural control problems formed the 
basis for a special issue of Earthquake Engineering 
and Structural Dynamics. Recently, the well-defined 
analytical benchmark problems have also been 
developed for bridge structures subjected to seismic 
excitation through the sponsorship of the ASCE 

Structural Control Committee. 

This study aimed to propose the benchmark 
models and support the development of structural 
control and damage identification. To achieve this 
objective, a serious FEM analysis was done to get a 
suitable design of the benchmark building structure 
which can provide suitable and obvious nonlinear 
behavior under the capacity of the shaking table at the 
National Center for Research on Earth quake 
Engineering (NCREE). After the structural element 
was designed, the modular concept was introduced to 
the construction of the benchmark model. More 
structural types (such as stiff eccentric, soft floor, 
torsion coupling, rapid switch column, etc.) can 
provide more information to be used and be stored on 
the data bank. As a result, the modular design make 
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the benchmark model be transformed into different 
structural types and allowed the model to have 
nonlinear behavior. Since all the nonlinear behaviors 
were concentrated on the rapid-switch column, the 
shaking table tests were done in series and rapidly. All 
the structural parameters, mathematical model, 
simulation results and shaking table test data were 
collected in the data bank, thus researchers can use it 
for free to develop and verify their damage 
identification algorithms. 

Furthermore, the benchmark model for structural 
control was designed and tested on the shaking table. 
In the past four years, various kinds of control devices 
have been tested on this benchmark model. This study 
wanted to achieve its main objective, i.e. to set 
analytical benchmark models based on large 
experimental models allowing researchers in structural 
control to test their algorithms and devices and to 
directly compare the results. Thus, both the bare frame 
and the passive controlled benchmark structure were 
tested and all the tests data were collected in the data 
bank. Researchers on structural control system can use 
the stored data to develop their established control 
system and have it correlated with others. 

Design of the Benchmark Building Model 
To obtain the real structural responses of the 

full-scale structure, the benchmark model was 
designed. There were several design points considered: 
1) The benchmark model needs to have obvious 
nonlinear behavior under the capacity of the shaking 
table in NCREE (Size: 5m x 5m, Load: 50tons, PGA: 
2g); 2) The benchmark model must be adjusted to fit 
various structural types easily and quickly; 3) The 
nonlinear elements must be easily changeable; and 4) 
The dead load of the benchmark model must reflect 
realistic loading. According to these points, serious 
FEM simulations were done through the “ABAQUS” 
program. Finally, the three-storey benchmark model 
was designed to be 3m long, 2m wide, and 3m high 
for each story, with a total structural height of 9m. The 
mass of each floor (including the columns) was 6 tons 
and the total mass was 18 tons. The size of columns 
was selected as H150 150x7x10 and the size of beams 
was H150x150x7x10. 

The corresponding frequencies and mode shapes 
are shown in Fig. 1. The elements which have 
nonlinear deformation under various PGA levels of 
excitation (El Centro NS) are listed in Table 1. 

 

 

     Mode 1: Freq.=1.0778 Hz      Mode 2: Freq.=1.400 Hz 

Fig. 1 The mode shape and modal frequencies 
from the FEM. 

Table 1 Nonlinear deformation under various PGA 
levels of excitation. 

Shaking Table Tests for Damage 
Identification  

After the benchmark model was designed and 
simulated in the FEM simulation, two benchmark 
modes were build according to the design plots shown 
in Fig. 2, and been tested on the shaking table in 
NCREE. Seven structural types were tested on the 
shaking table tests as shown in Fig. 3. 

  
Fig. 2. Front-view, side-view and 3D-view of the 

three-stories benchmark model 
 
Benchmark model A: The long-direction was the 

strong direction of the column. The linear tests (El 
Centro, ChiChi/TCU076, ChiChi/TCU082, and white 
noise) were done first and then the nonlinear tests 
(nonlinear excitation cases : 300 500 1000 1500
1000 1200gals El Centro NS; The white noise tests 
were done before and after the nonlinear test.). 

Benchmark B: The longitudinal direction is the 
weak direction of the column. The linear tests (El 
Centro, ChiChi/TCU076, ChiChi/TCU082, and white 
noise) were done first followed by the nonlinear tests 
(nonlinear excitation cases: 100 1000 500 300
100gals ChiChi/TCU082 NS; the white noise tests 
were done before and after the nonlinear test.). The 
test cases were listed in Table 2. 

Benchmark C1: The longitudinal direction is the 
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weak direction of the column. Only the linear tests (El 
Centro, ChiChi/TCU076, ChiChi/TCU082, and white 
noise) were done. For each excitation, both 50 gals 
and 100 gals of intensities were tested. 

Benchmark C2: The longitudinal direction is the 
weak direction of the column. The bracing system 
(L150x150*2) was installed as shown in Fig. 3 to 
simulate the stiff eccentric condition. Only the linear 
tests (El Centro, ChiChi/TCU076, ChiChi/TCU082, 
and white noise) were done. For each excitation, both 
50 gals and 100 gals of intensities were tested. 

Benchmark C3: The longitudinal direction is the 
weak direction of the column. The bracing system 
(L150x150*2) was installed as shown in Fig. 3 to 
simulate the soft floor condition (2F). Only the linear 
tests (El Centro, ChiChi/TCU076, ChiChi/TCU082, 
and white noise) were done. For each excitation, both 
50 gals and 100 gals of intensities were tested. 

 

    
Fig. 3. Structural types of the three-storey 

benchmark model. 
 

Benchmark C4: The longitudinal direction is the 
weak direction of the column. The bracing system 
(L150x150*2) was installed as shown in Fig. 3 to 
simulate the full brace condition. Only the linear tests 
(El Centro, ChiChi/TCU076, ChiChi/TCU082, and 
white noise) were done. For each excitation, both 50 
gals and 100 gals of intensities were tested. 

The sensor arrangement of the shaking table test is 
shown in Fig. 4. The displacement, velocity, 
acceleration, and strain of the column were measured. 
All the test data were collected and stored in the 

databank. In addition to the original data, the data 
bank also provided the simple drawing of the 
structural responses and the FFT amplitude. 

Benchmark D: The longitudinal direction is the 
weak direction of the column. The linear tests 1 (El 
Centro, ChiChi/TCU076, ChiChi/TCU082, and white 
noise) were done first followed by the linear tests 2, 
where which the column in the 1st floor had a weak 
points, were done with the same excitation cases. 
Lastly, the nonlinear tests (nonlinear excitation cases: 
100 1000 500 300 100gals ChiChi/TCU082 NS; 
the white noise tests were done before and after the 
nonlinear test.) were performed. 

Table 2. List of the test cases of Benchmark model 
B in the shaking table test. 

 

    
Fig. 4. Sensor arrangement of the three-stories 

benchmark model. 



92

 

92 

Shaking Table Tests for Structural 
Control 

To expand the usage of the benchmark model, the 
three-storey benchmark building model was also used 
as the standard reference problem for the structural 
control system. The modular bracing system can fit 
various types of control devices. Different control 
devices and control algorithms can use it to perform 
back-to-back comparison of control systems. The 
design details, connection of the control devices, and 
responses of the bare frame and the passive controlled 
responses are shown in this study. All the data were 
made available to the public, and even researchers can 
utilize them to develop and verify their control 
systems.  

To install the control devices for the structural 
responses induced by earthquake excitations, a strong 
middle bracing system was designed as shown in Fig. 
5. The element size of the middle bracing was selected 
as H200x200. The modular design detail made the 
possible use of various kinds of control devices. 
Various control devices were install onto the 
benchmark model and been tested on the shaking table 
tests. Figure 6 shows the photos of the shaking table 
test of the three-storey benchmark structure with 
passive damper in the first story. All test results and 
performance tests of the control devices were 
collected and stored in the databank. The researchers 
can use these data and the original data of the 
benchmark model to perform possible back-to-back 
comparison of their control systems. In addition, the 
semi-active controllable MR damper manufactured by 
NCREE was tested too. Researchers can use the 
mathematical models (provided in the data bank) of 
the benchmark model and the nonlinear MR damper to 
simulate their semi-active control algorithms. The 
succeeding shaking table tests of the semi-active 
control system can be done through the international 
cooperation program. 

 
Fig. 5. Front-view, side-view and 3D-view of the 

three-stories benchmark model 
 

  
Fig. 6. Photos of the three-story benchmark 

structure with passive damper in the fist 
story. 

Conclusions 
This paper presents the benchmark building model 

for structural control and damage identification. The 
design procedure, test cases, sensor arrangements and 
materials of the databank were illustrated. Both the 
benchmark model for system identification and 
structural control were presented. The databank 
include the structural parameters, shaking table test 
results of various structural types performance test 
results of the control device, mathematical model of 
the benchmark model and the control devices and the 
test results of the benchmark model with control 
systems. Not only the raw data, but also the simple 
drawings of the test data were provided.  
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Damping Identification of Cable Vibration with and 
without MR Dampers 
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Abstract 
Vibrations of stay cable under specific loading, such as wind loading and heavy rainfall, always 

induced large vibration amplitude which may lead to first passage failure or fatigue failure of cable. 
Therefore, vibration control using passive or semi-active control devices had been used. The 
objective of this study is to investigate the dynamic characteristics of stayed cable with and without 
dampers from laboratory experiments. First, the relationship between the cable tensile force and 
vibration frequencies were examined, and comparison of the result with string theory, the flat taut 
string theory, axially-loaded beam theory, and M. Irvine’s theory was made. Estimation of cable 
damping ratio was then conducted using the free vibration data of the cable. Methods including 
logarithmic decrement method, half-power bandwidth method, Ibrahim time domain method and 
wavelet transform method were used to extract damping ratio. Comparison on the estimated cable 
damping with and without damper is finally discussed. The result provides valuable information on 
the cable control using passive or semi-active devices. 

Keywords: MR Damper, Magneto-Rheological, Damping Ratio, Cable Control 
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Introduction 
Because of economic advantages and aesthetic 

qualities, cable-stayed bridges have been increasing 
popularity over the last three decades. However, 
vibrations of stay cables under specific loading always 
induced large vibration amplitude. For example, 
moderate wind (speed of 10 to 20 m/s) and light rain 
would cause a large vibration (on the order of 1 to 2 
m). This phenomenon is well- known as a rain-wind 
vibration, and has been observed from a number of 
cable-stayed bridges [1, 2]. The extremely low 
inherent damping in such cable, typically in the order 
of a fraction of percent [3], is insufficient to eliminate 
this vibration. Sometimes, it may lead to fatigue in the 
cables and their anchors. To reduce these vibrations, 
many researchers have investigated several solutions, 
such as adding crossing ties/spacers, treating cable 
surface with different techniques, or providing 
mechanical dampers. However, it is commonly 
recognized that the vibrations can be eliminated by 
providing mechanical dampers [4, 5]. 

Magneto-Rheological damper (MR damper) are 

made from MR fluids, which typically consist of 
micron-sized, magnetically polarizable particles 
dispersed in a carrier medium such as water, oil or 
silicone. Most conveniently, it can achieve the 
required forces in a few milliseconds for transition. 
Therefore, the MR dampers have been widely used to 
increase the damping of cable in many researches. In 
order to design MR dampers for stay cables, it is 
necessary to study experimentally the dynamic 
properties of those cables with and without dampers. 
This report concentrates on the tests of stay cable, 
aimed at identifying the dynamic characteristics and 
comparing the damping performance. The free 
vibration response data of the stay cable as well as the 
force vibration responses were used to identify the 
amplitude-dependent natural frequencies and damping 
ratios of stay cable with and without damper. From the 
results, these realistic model parameters can be 
generated for research on cable control. 

 

Formulations of Cable Vibration 
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Considering an inclined cable with a damper 
transversely attached at a location dx  away from 
the lower end, as shown in Fig. 1, for numerical 
analysis, the stay cable typically has some 
assumptions that: (i) the cable has a uniform cross- 
section; (ii) the sag-to-length ratio is small and the 
tension-to-weight ratio is high; and (iii) the cable 
vibrates only in the xy-plane and the vibration can be 
negligible in the x-direction. Irvine [6] recommended 
a simple procedure for the effect of inclination that 
only the component perpendicular to the cable chord 
is used in evaluation, as shown in Fig. 1b. Therefore, 
the governing equation can be described by the 
following partial differential equation of motion: 
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where ( , )v v x t  is transverse deflection due to 
vibration; EI  is flexural rigidity; coshT T  is 
tension force; c  is the inherent damping coefficient; 
m  is mass per unit length; ( , )f f x t  refers to 
load applied on cable; df  refers to force of attached 
damper; (.)  is Dirac delta function; 2  is the 
sag-extensibility parameter expressed as 
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The transverse deflection due to vibration can be 

presented by separation of variables as 
 ( , ) ( ) ( )v x t x q t  (4) 
where ( )x  and ( )q t  is time-independent and the 
time-dependent components of ( , )v x t ,  respectively. 
Therefore, the Eq. (1) can be solved using finite 
difference method (Tabatabai et al. [7, 8]) or Galerkin 
method (Pacheco et al. [9]). 

 
(a)                   (b) 

Figure 1. Inclined cable with mechanical damper 

 
Experimental Setup 

To study the effect of MR damper on stay cables, 
a scaled-down cable was designed and constructed at 
the National Center for Research on Earthquake 
Engineering (NCREE) in Taipei, Taiwan. This 
scaled-down cable has adjustable tension force to 

change its dynamic characteristics, and can install 
MR damper to mitigate cable’s vibration. 

Figure 2 shows the schematic diagram of 
experimental cable, the specimen has one steel strand 
with seven steel wires suspended between two 
anchors. The cross-sectional area is 140 mm2 and the 
yielding stress is 1,670 N/mm2. In addition, the 
suspended cable was 13.5m in length, and each end 
was anchored to the reaction wall or strong floor 
since these ends were considered fixed. The two ends 
were inclined by about 26 degrees. To maintain a 
similar dynamic characteristic with the prototype of 
stay cable, 19 sets of mass block were attached to the 
suspended cable. Each mass block is 16 kg in weight. 
Furthermore, to apply an adjustable tension force to 
the cable, the lower end went through a hydraulic 
jack before anchoring. 

One MR damper was connected perpendicularly 
to the stay cable on 10% of total length form lower 
end, and used to advance damping ratio of cable 
specimen. This MR Damper (RD-1005-3) was 
provided by LORD Corporation. The maximum 
output force of the damper is 3kN, maximum input 
voltage is 0.8V, maximum input current is 2.0A, and 
the stroke is +/-20mm. Performance test of a damper 
was conducted under random stroke with constant 
voltage. and plotted in Fig. 3. The 
force-displacement and force-velocity relationships 
of the MR damper under different applied voltages 
are clearly shown in this figure, and two important 
properties should be noted here. One is that the 
dissipated energy increases as provided voltage 
increases (as shown in Fig. 3a). Another is the initial 
stiffness and Coulomb friction (as shown in Fig. 3b). 

 
Figure 2. Schematic diagram of cable specimen 

 
(a)                 (b) 

Figure 3. Voltage dependent force-displacement and 
force-velocity relationship of MR damper 

Dynamic Characteristics of CABLE 
Theoretically, the natural frequency of a stay cable 

can be estimated based on several theories, such as the 
flat taut string theory, axially loaded beam theory, and 
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Irvine’s theory [6]. Also, it can be evaluated using 
finite difference method and Galerkin method. 
Experimentally, a force is applied to the middle node 
of a stay cable to generate free vibration responses. 
The first natural frequencies under different tensile 
forces are shown in Fig. 4. The theoretically estimated 
natural frequencies are also presented in this figure. 
Because the flat taut string theory, axially loaded 
beam theory, ABAQUS, and Galerkin method do not 
consider the phenomenon well known as “modal 
crossover” [6], the natural frequencies increase 
linearly as the tension force. Considering modal 
crossover, Irvine’s theory estimated natural 
frequencies by solving these equations: 

 
3

2

4tan 2
2 2 2

mf L
T

 (5) 

where   is the sag-extensibility parameter, which 
is proportional to the ratio of the axial stiffness to the 
geometric stiffness. In addition, Galerkin method is a 
well proposed method for cable control research 
because this method can efficiently reduce the 
dimension of matrix, and the finite difference method 
is more accurate while sag-to-length ratio is a little 
larger (on the order of 0.5%). Fortunately, both 
methods are more accurate if sag-to-length ratio is 
diminished. 

Generally, damping ratio is the most critical 
parameter to be estimated in a dynamic system. There 
exist many methods in estimating damping ratio. 
Logarithmic decrement method and half-power 
bandwidth method are classical methods. Ibrahim time 
domain method calculates damping ratio by 
minimizing error between the mathematical model and 
physical model [12]. Hilbert transform method 
evaluates damping ratio according to the decay of 
envelopes [13, 14]. Wavelet transform method 
extracts damping ratio from wavelet coefficients of 
free vibration responses [15, 16]. Figure 5 shows 
damping ratios extracted from free vibration responses 
(only the result of wavelet transform method was 
considered here). The said figure represents that 
damping ratio slightly increased when vibration 
amplitude decreased. To examine the nonlinear 
property of cable inherent damping, the results of four 
different initial displacements, including 10mm, 
15mm, 20mm, and 25mm, are shown in Fig. 5a. Then, 
the damping ratios under different tension forces are 
shown in Fig. 5b. Apparently, the damping ratio 
increased as tension force decreased. In the case of 
16kN, the damping ratio averages 3.3%, but it 
averages 1.2% in the case of 45kN. 

Those results indicate that a stay cable provides 
higher damping value when vibration amplitude is 
smaller, and provides smaller damping value when 
vibration amplitude is larger. This is very unique 
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Figure 4. Estimated nature frequency of stay cable 

using different approaches 
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(a)                  (b) 

Figure 5. Estimated damping ratio of cable with 
respect to the vibration amplitude 

because a stay cable should have a high damping ratio 
to dissipate energy while vibration amplitude is large. 
Therefore, the MR Damper must provide additional 
damping in mitigating vibration. 

Damping With and Without MR Damper 
To provide additional damping on the stay cable, 

the MR damper with constant voltage (to act as a 
passive control device) was attached at node ‘A’ in 
Fig. 2. Again, estimated damping ratio is shown in Fig. 
6. Different from the previous subsections, the 
damping ratio is larger when vibration amplitude is 
larger when the MR damper was added. It solved the 
problem that the cable has insufficient inherent 
damping to dissipate vibration energy, especially 
when it has large vibration amplitude. In Fig. 6, the 
‘--  can represent the damping provided by MR 
damper, and the  represented the damping of 
cable, as shown in Fig. 6b. It is clear that MR damper 
always provides higher damping while the vibration 
amplitude is large. While the vibration amplitude 
reduced, the MR damper stopped dissipating energy, 
and allowed the cable diminishes vibration alone. In 
this test, the MR damper provides about 2% damping 
ratio to the stay cable. 

Pacheco et al. (1993) proposed universal curve 
using Galerkin method to design an optimum damper 
[9]. However, finding optimum MR damper is 
difficult because the said universal curve has been 
developed based on an idealized cable and damper by 
ignoring factors such as cable sag, flexural rigidity of 
the cable, nonlinear cable damping, stiffness of the 
damper, or nonlinear damper characteristics. Figure 7 
shows the first mode damping ratio on large vibration 
amplitude (over than 1 cm in these tests). Since the 
voltages are increased, the initial stiffness and 
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Figure 6. Comparison on the estimated damping ratio 
with and without MR damper 
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Figure 7. Estimated damping ratio with MR damper 

Coulomb friction are so obvious that the MR damper 
will lock up the cable which may increase the natural 
frequency of the cable and might reduce the damping 
ratio of the cable. 

Conclusions 
In this report, the estimation of damping ratio of 

stay cable was used and examined. From experimental 
test results, it shows that the estimated damping ratio 
of stay cable decreases as the vibration amplitude 
increases. Hence, using damper has been an effective 
means in suppressing vibration’s amplitude. MR 
damper can provide considerable damping force and 
has a wide range of dynamic response. Especially, it 
can reduce cable vibration under a variety of 
excitation frequencies. The reduction effect is 
extraordinarily good for the resonance case. Although 
MR damper is a good choice in increasing cable 
damping so as to reduce the cable vibration, there also 
exists a damper current saturation in which the 
reduction effect will be kept equal with increased 
current. Additionally, the stiffness of stay cable will 
increase with the installation of MR damper, because 
MR damper has an initial stiffness. 
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Shaking Table Test of Semi-active Mass Damping System 
using MR Damper  

Pei-Yang Lin1 
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Abstract 
A semi-active mass damping system (SMD) utilizing magnetorheological (MR) damper is 

proposed in this paper. This study aimed to integrate the reliable characteristic of the traditional tuned 
mass damper (TMD) and the superior performance of the active mass damper (AMD). A full-size 
three-story steel building was used as the benchmark structure to verify the proposed damper’s 
performance in both the numerical simulation and shaking table tests. To predict accurately the 
behavior of the MR dampers, a series of performance tests with various excitation and command 
voltages were done. According to the performance test data, a modified Bouc-Wen model was 
identified and has been used to represent the nonlinear behavior of the MR damper. Unlike the 
clipped-optimal control, the LQR with the continuous-optimal control, which can generate the 
continuous varying command voltage, was used to calculate online the optimal command voltage to 
the MR damper. Both numerical simulation and shaking table test results demonstrated the superior 
mitigation ability of the proposed SMD. In addition, the control effect of the proposed SMD system is 
compatible to the traditional bracing system with passive dampers. The proposed SMD system 
provides an alternative solution and can be implemented easily during construction. 

 

Keywords: Semi-active control, MR damper, shaking table test 

 

Introduction 
Over the last decade, the concept of semi-active tuned 
mass dampers (STMD) has been widely discussed. 
The idea of the STMD is to apply and integrate the 
advantages from both the TMD and the ATMD, 
thereby optimizing the frequency and the damping 
ratio in an adaptive and reliable manner. Based on this 
premise, a large amount of research was conducted 
that offers protection for civil structures [1~8]. The 
research by T. Pinkaew [9] proved that the utilization 
of STMDs can be equivalent to increasing the TMD’s 
mass in the structure, which is the main constraint in 
designing a TMD system [10]. Even though all the 
numerical studies have shown satisfactory results for 
the STMD [11~13], one basic condition has always 
been assumed in the research, i.e. the stiffness and the 
damping of the STMD must be varied in a reasonably 
short period of time. This has proven to be the 
bottleneck on the use of the STMD.               

A series of researches including investigation and 
simulation of the MR damper, as well as applying 
specific MR dampers to control an isolated structure 
were conducted by the authors. Kim et al [14] 
proposed a neuro-fuzzy model to describe the 
behavior of a hybrid system with friction pendulum 
system (FPS) bearings and MR damper. Different 
control algorithms were then compared in order to 
offer strong protection to the main structure. Moreover, 
the possibility of utilizing resettable semi-active 
stiffness dampers was also investigated [15]. Although 
the results have shown that the utilization of MR 
dampers can provide a vastly superior next generation 
control system, however, the MR dampers were 
mainly considered as bracing-type equipment and may 
not be feasible to practice when a large amount of MR 
damper is needed.     
A semi-active mass damping system (SMD) using MR 
dampers is proposed in this paper. With the 
implementation of varying the stiffness and the 
damping of the MR damper in a short interval, the 
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mass block on the top of the structure does not need to 
be tuned precisely in advance as the aforementioned 
STMD system while satisfactory control result can 
still be achieved. The remainder of this paper is 
organized as follows. First, the main concept of the 
proposed system was described. Next, in order to 
precisely evaluate the behavior of the MR damper 
used in the research and to guarantee its application 
the performance test result of a specific MR damper 
was compared with the numerical model developed. 
Then, a numerical analysis and experimental 
verification were carried out to demonstrate the 
performance of the proposed SMD system. Summary 
and conclusions were drawn in the final section. 
 
Performance Test of MR Dampers 
The primary concept of the smart SMD is to suppress 
the response of the main structure by sacrificing as 
much as possible the reaction of the mass added on 
top of the building. To achieve this goal, the stroke of 
the MR damper used serves as the most critical point 
in the system. A designated MR damper (7kN/300mm) 
manufactured by the National Center for Research on 
Earthquake Engineering (NCREE) was used in this 
research. The basic property of the MR damper is 
shown in Table 1.  
The robust numerical model of the MR damper in 
describing its hysteresis behavior under arbitrary 
excitation is essential for the development of the smart 
system. Unlike the previous neuro-fuzzy model 
proposed by the authors [14], a modified Bouc-Wen 
model was developed in this study for both the 
theoretical and the experimental stages. According to 
the previous studies by Spencer et al. in 1997[16], the 
Bouc-Wen model is suitable to describe the nonlinear 
behavior of the MR damper. To simplify the 
mathematical model, a modified Bouc-Wen model, as 
shown in Equations (1) and (2), was used. Four 
parameters (C, , and ) were used to express the 
performance of the MR damper under a fixed 
command voltage.  

)()(*)( tztxCtFMR                   (1) 
2)()()()()(*)( tztxtztxtxtz     (2) 

where FMR represents the force, and )(tx represents 
the velocity of the MR damper. 
Generally the nonlinear curve fitting method is used to 
find the relationship between the model parameters 
and the command voltages. However, the time 
required as well as the complex coefficients make this 
method impractical. Therefore, this study simplified 
the relationship between the model parameters and the 
command voltage using a new technique of 
interpolation. First, the performance test data of the 
MR damper with random displacement and seven 
constant voltage levels (0, 0.2, 0.4, 0.6, 0.8, 1 and 1.2 
V) were used to identify the individual model 
parameters (C, ,  and ) for each constant command 
voltage level. These parameters can be identified 

using Matlab/Optimization toolbox [17]. The 
identified model parameters of the seven constant 
voltage levels are shown in Table 1. The theoretical 
force of the MR damper with command voltage 
different from these seven levels can then be obtained 
by interpolating the model parameters from the two 
adjacent levels it locates.  
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Figure 1. Comparison of the real and the simulated 
MR damper force in the performance test (random 
displacement and random voltage): (a) the whole 
history; (b) the time history 60~75 sec; (c) command 
voltage to the MR damper 

 
The numerical model of the MR damper 

established was verified through a performance test of 
the MR damper at NCREE. A banded white noise 
(0-5Hz) was used as the velocity and voltage of the 
MR damper. Ninety seconds of damping force were 
recorded, and the result is shown in Figure 1 where 
subplot (a) shows the time history of the damping 
force; subplot (b) focuses on the period between 60 to 
75 seconds; and subplot (c) indicates the given 
command voltage. The numerical simulation, shown 
in red color, substantially matches the measured 
response in blue color, and the peak values and phases 
of the damping force can be expressed precisely by 
the proposed method. This result strongly supports the 
understanding that the modified Bouc-Wen model can 
be applied in the present study.  

 
Semi-active control algorithm of the SMD 
System 

A four degree-of-freedom (DOF) model was used 
to express a three-story structure representing a typical 
low-rise building with rolling pendulum system (RPS) 
and MR damper in this research. The first three 
fundamental frequencies of the main structure were 
set to 1.085, 3.277, and 5.165 Hz, and the mass on the 
first and second floor was 6t (m1, m2). The total mass 
of m3 and m4 was also set to 6t, where m4 is the 
tunable mass block of the control system. The 
stiffness and period of the RPS used in this study were 
1.049 kg/mm and 2.77 s.  
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To offer a strong protection to the structure, a 
special control algorithm combining the LQR method 
and a continuous–optimal control concept was 
proposed. In this study, the most common active 
control algorithm, the LQR method, was used to 
calculate the optimal control force with designated 
control objectives to make the SMD system both 
simpler and more flexible. Meanwhile, unlike the 
previous developed neural network-based MR damper 
model, the continuously-optimal control concept was 
utilized to transfer the desired control voltage from the 
optimal active control force obtained and to improve 
the time-consuming and extrapolation problems. To 
reach this goal, seven modified Bouc-Wen models 
with different constant voltages were built to form the 
database for a comparison. Seven damper forces 
calculated from these voltages were compared to the 
optimal control force. The command voltage was then 
interpolated proportionally from the two adjacent MR 
damper models it located. The LQR method with the 
continuous–optimal control concept will be able to 
provide an easy and stable way in calculating the 
suitable command voltage in each time step. The 
traditional LQR control algorithm was used to 
calculate the desired control force (active control 
force). Then, the continuous–optimal control was used 
to translate the desire control force to the command 
voltage in driving the MR damper.   

 
Shaking Table Test of the SMD System 

The feasibility of implementing the proposed 
system in practice was verified through a shaking 
table test conducted at NCREE. A full-size three-story 
steel structure measuring  3m (length) x 2m (width) x 
3m (height) in each floor with the MR damper on the 
roof was used to form the four degree-of-freedom 
model in the theoretical analysis. In order to approach 
the assumption of a shear-type structure, the beams 
and the columns of the specimen were constructed 
using H-beams measuring 150mm x 150mm x 7mm x 
10mm while the floor thickness was set as 25mm and 
was welded on extremely strong diaphragms.  
Additional blocks with a mass of 3.5 tons were 
mounted on every floor to satisfy the requirement of 
fundamental frequency. The first three fundamental 
frequencies of the main structure were set to 1.085, 
3.277, and 5.165 Hz. The mass of the SMD system 
was 2 tons. The SMD system combined the Rolling 
Pendulum System (RPS) and semi-active controlled 
MR damper. The stiffness and period of the RPS used 
in this study were 1.049 kg/mm and 2.77 seconds, 
respectively. The set-up is shown in Fig. 2. 

A traditional instrumentation system was deployed 
for the specimen to measure the response of the 
structure during earthquake excitation. As shown in 
Fig. 2, the absolute displacement, velocity, and 
acceleration of each floor of the main structure as well 
as the reaction of the MR damper were recorded by 
the linear variable differential transformer (LVDT) for 

comparison. The stroke of the MR damper was 
carefully monitored to avoid any collision between the 
MR damper and the specimen. The optimal control 
voltage was calculated by the embedded 
Simulink/dSPACE code [18] with the necessary 
feedback signals and then sent to the MR damper. The 
Control flow-chart of the smart SMD system is shown 
in Fig. 2.     

 
 

Fig. 2: Set-up of the three-storey benchmark structure 
(left) and control flow-chart of the SMD damping 
system (right). 
 

   Four diverse earthquakes including the 1940 El 
Centro earthquake (NS direction), the 1995 Kobe 
earthquake, the TCU 068 site record, and the TCU129 
site record in the 1999 Chi-Chi earthquake, 
representing the typical far-field and near-fault 
earthquakes, were used to examine the practical 
performance of the smart SMD system. For each 
testing case, the PGA value started from 50 gal with 
increments of 50 gal until the maximum allowable 
stroke of the MR damper, set to be 12 cm in the 
experiment, was reached. To demonstrate the 
advantage of applying the smart system, all four 
control modes comprising of the UC (uncontrolled 
structure), PMD (passive mass damper / max. power 
of MR damper ), PMD-off (passive mass damper / 
power-off of MR damper ), and the SMD (Semi-active 
mass damper / semi-active controlled MR damper) 
were executed. The experimental data were collected 
by the data acquisition system for further comparison. 

The overall presentation of the four modes under 
different PGA levels of the El Centro earthquake is 
illustrated in Fig. 6. It should be noted that the red line, 
which is the PMD-off mode, can be treated as a failure 
mode of SMD. Apparently, the blue line, which 
represents the performance of the proposed SMD 
method, occupies the lowest position under almost 
every PGA value. This trend proves that the MR 
damper can be manipulated smartly by the proposed 
control algorithm with an average improvement of 
40-50% from the uncontrolled state. Moreover, a 
20-30% efficiency increase over the PMD system can 
be easily achieved by this robust control system.   
 
Figure 4. Overall presentation of all modes under 
different PGA levels of the El Centro earthquake. 

 
Conclusions 

A smart SMD system using MR dampers is 
proposed in this research. To integrate the robustness 
of the traditional TMD and the superb control 
performance of the AMD systems, the frictionless 
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RPS and the MR damper were used to compose the 
smart system while using a full-scale three-story 
building as the benchmark structure. To predict 
accurately the behavior of the designated large-stroke 
MR damper, a numerical representation combining the 
modified Bouc-Wen model and interpolation 
technique was established. Seven sets of the 
parameters describing the relationship between the 
velocity and the damping force under fixed voltages 
were used to form the database. The damping force 
with arbitrary velocity and voltage was then calculated 
by the interpolated coefficients. The MR damper 
model was verified by the performance test of the 
MR2005 damper in NCREE. The result has shown 
that both the time history and the hysteresis loop of 
the MR damper can be estimated correctly by the 
numerical model. A smart control algorithm 
combining the LQR method and the 
continuous–optimal control concept was developed 
with the success of the MR damper model. To offer an 
objective-oriented control outcome, all floor responses 
including relative displacement, relative velocity, and 
absolute acceleration of the benchmark structure were 
considered in the performance index of the LQR 
method. The command voltage was then calculated by 
the continuous–optimal control concept by 
interpolating between the best two voltage levels. The 
proposed smart SMD theory was verified by two 
typical earthquakes. The numerical simulation 
demonstrated that the structural response can be 
alleviated satisfactorily by the smart SMD system.     
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Semi-active Control of Variable Stiffness Isolation System 
Kuan-Hua Lien 1 Lap-Loi Chung2 Lai-Yun Wu3 and Lyan-Ywan Lu4  

連冠華 1、鍾立來 2、吳賴雲 3、盧煉元 4 

Abstract 
Passive isolation system may not work well if seismic excitation is other than the design 

earthquake. Active isolation system may work well under different earthquakes but it is 
expensive. Hence, semi-active isolation is a solution. In this paper, the “leverage-type 
stiffness controllable isolation system” (LSCIS) with simple control algorithm is studied. 
The algorithm is designed under a far-field earthquake but the LSCIS device also works 
well under various intensities of the far-field and near-fault earthquakes. Both structural 
base shear and LSCIS displacement are suppressed. 

Keywords: semi-active control, variable stiffness isolation system, leverage-type stiffness 
controllable isolation system (LSCIS) 
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Introduction 
Although isolation systems can reduce structural 

response under seismic excitation, they may increase 
isolated displacements during near-fault earthquakes. 
Adding passive dampers can certainly reduce isolated 
displacements, but it may result in increased isolated 
forces. Since the parameters of the passive isolation 
system are fixed, it may not be that effective under 
earthquakes other than the design one. The problem 
may be solved by active isolation system but 
requirements of higher cost and higher power are the 
disadvantages. Therefore, semi-active isolation system 
is a solution to overcome the disadvantages of passive 
and active isolation systems (Narasimhana, et al., 
2005 & Sahasrabudhe, et al., 2005).  

The purpose of this study is to investigate the 
“leverage-type stiffness controllable isolation system”, 
(The LSCIS was proposed by Lu, et al., 2008; Lu, et 
al., 2009). The stiffness of the isolation system is 
adjusted by varying the position of the lever fulcrum. 
Simple control algorithm is proposed such that the 
position of the lever fulcrum is determined from the 
displacement and velocity of the LSCIS device. The 
control algorithm is designed under far-field 
earthquake and the feasibility of the LSCIS device is 

further investigated under various intensities of 
far-filed and near-fault earthquakes.  

Motion Equation of Structure with LSCIS 
Device 

The model of structure with LSCIS device is 
shown in Fig. 1. The super-structure in the figure is 
assumed a single-degree-of-freedom (SDOF) system 
to focus on the performance of the LSCIS system. 
LSCIS device consists of telescopic lever and its 
fulcrum, spring, and roller. The fulcrum of the lever is 
constrained in the X-direction and can move at any 
desired position in the Y-direction by a force pF . The 
ends of telescopic lever are only free to move in the 
X-direction. When the fulcrum of the lever moves 
downward, the device offers decreased stiffness of 
LSCIS device; and when the fulcrum of the lever 
moves upward, the device offers increased stiffness of 
LSCIS device. The LSCIS device develops variable 
restoring force due to the position of the fulcrum of 
the lever and friction force due to roller and telescopic 
lever. 

When an LSCIS device is attached to a structure 



102

 

102 

subjected to external disturbances, g ( )x t , it becomes 
a two-degree-of-freedom system. The equation of 
motion for the nonlinear system can be expressed as 

0 r f 0 g( ) ( ) ( ) ( ) ( ) ( )t t t u t u t x tMx Cx Kx B ME  (1) 
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system; M , C  and K  are the mass, damping and 
stiffness matrices of the system, respectively; sm , 

sc and sk  are the mass, damping coefficient and 
stiffness of the SDOF structure, respectively; bm  
and r0k  are the mass and the spring stiffness of 

LSCIS device, respectively; s ( )x t  and b ( )x t  are 
the displacements of the structure and LSCIS device, 
respectively; r ( )u t  and f ( )u t  are the 
controllable restoring force and friction force 
provided by the LSCIS device, respectively; and 0B  

and 0E  are the internal loading vector and external 
loading vector, respectively. The equations of motion, 
Eq. (1), can be expressed as a first-order differential 
equation in state space,  
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The solution of Eq. (2) can be expressed in 
discrete-time fashion as first-order difference 
equation, 
 ][][]1[ gdfrdd kxkukukk EBzAz     (3) 
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d 4 4

e tAA ; 
1

d d4 1
( )B A A I B ; 1

d d4 1
( )E A A I E ; 

r r[ ] ( )k k tu u ; f f[ ] ( )k k tu u ;  

g g[ ] ( )k k tx x . 
The controllable restoring force r [ ]ku  and the 

friction force f [ ]ku  are given as follows, 
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where r[ ]k k  is the controllable stiffness of LSCIS 
device; p[ ]x k  is the displacement from the fulcrum 

of the lever; L  is the length of the lever; fu k  is 
the assumed friction force in the stick state; 

v [0 0 0 1]D ; f,maxu  is the maximum friction 
force; and  is the total friction coefficient of the 
roller and the telescopic lever. 

Semi-active Control Algorithm  
Based on Eq. (4b), the stiffness of LSCIS device is 

controllable by varying the fulcrum displacement. A 
simple semi-active control algorithm is proposed so 
that the fulcrum displacement is linearly related to the 
product of the displacement and velocity of LSCIS 
device, 

p b b[ ] [ ] [ ]x k Gx k x k        (6) 

Substituting fulcrum displacement p[ ]x k  from Eq. (6) 
to Eq. (4a) leads to the following equation  

 
2
b

r r0 b2
b b

2 [ ][ ] [ ]
0.5 [ ] [ ]

G Lx ku k k x k
L Gx k x k

    (7)   

where the term inside the bracket is positive and 
variable so that the sign of the variable restoring force 
is the same as the velocity of the isolation system and 
energy is dissipated; and G  is the feedback gain 
which is determined by minimizing a certain 
performance index J, 

s s b

s sp bp

max( [ ] ) max( [ ] )
(1 )

max( [ ] ) max( [ ] )
m x k x k

J
m x k x k

    (8) 

where  is the weighting factor, 0-1 ; s s[ ]m x k  
and s sp[ ]m x k  are the base shear of the structure with 
semi-active and passive control, respectively; and 

bp[ ]x k  is the displacement of LSCIS device with 
passive control. 

Numerical Verification  
Numerical simulations are performed for a 

structure isolated with LSCIS device. The system 
parameters of the structure and LSCIS device are 
summarized in Table 1. Both passive and semi-active 
cases are considered. The fulcrum of the lever is fixed 
under passive control while the position of the fulcrum 
is varied according to Eq. (6) under semi-active 
control. External disturbances used in the simulation 
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are El Centro earthquake with peak ground 
acceleration (PGA) 3.42 m/sec2, Chi-Chi earthquake 
(TCU068) with PGA 5.02 m/sec2 and Kobe 
earthquake with PGA 6.17 m/sec2. The effectiveness 
of the LSCIS system is investigated under far-field 
and near-fault earthquakes. 

The optimal feedback gain G  is 2.5940 
determined by direct search technique (Wright, 1995) 
such that the performance index J  with weighting 
factor 0.6  is minimized under El Centro 
earthquake. The structural base shear is reduced from 
29.98 N under passive control to 27.79 N under 
semi-active control while the isolated displacement is 
reduced from 0.180 m to 0.112 m. By using the same 
feedback gain, LSCIS device is also found effective 
under near-fault earthquakes, Chi-Chi and Kobe as 
listed in Table 2. Both reductions in structural base 
shear and isolated displacement can be achieved. The 
performance of LSCIS device under El Centro and 
Chi-Chi earthquakes are shown in Fig. 2 and Fig. 3. 
By varying the intensities of the earthquakes, the 
effectiveness of the semi-active control is better than 
that of the passive control in both the structural base 
shear and isolated displacement (Fig. 4 and 5). The 
superiority of the semi-active control over the passive 
control increases with the intensity of the earthquakes. 

Conclusions 
Semi-active control with simple algorithm of 

LSCIS device is successfully verified numerically. 
The displacement of the lever fulcrum is simply 
calculated from the displacement and velocity of 
LSCIS device. Even though the feedback is 
determined by minimizing the performance index 
under the far-field earthquake, the LSCIS device is 
found effective under various intensities of the 
far-field and the near-fault earthquakes. Significant 
suppression in structural base shear and LSCIS 
displacement can be achieved. 

References 
Lu, L.Y., Lin, G. L. and Kuo, T. C. (2008), 

“Stiffness Controllable Isolation System for 
Near-fault Seismic Isolation”, Engineering 
Structures 30: 747-765. 

Lu, L.Y., Hsu, C.C. and Yeh, S.W. (2009), “A 
leverage-type semi-active isolation system for 
seismic structures in near-fault regions”, Journal 
of the Chinese Institute of Civil and Hydraulic 
Engineering. accepted May 15, 2009.(in Chinese) 

Narasimhana, S. and Nagarajaiah, S. (2005), “A 
STFT Semiactive Controller for Base Isolated 
Buildings with Variable Stiffness Isolation 
Systems”, Engineering Structures 27: 514-523. 

Sahasrabudhe, S. and  Nagarajaiah, S. (2005), 
“Effectiveness of Variable Stiffness Systems in 

Base isolated Bridges Subjected to Near-fault 
Earthquakes: An Experimental and Analytical 
Study”, Journal of Intelligent Material Systems 
and Structures 16:743-756. 

Wright, M.-H., (1995), “Direct search methods: once 
scorned, now respectable in numerical analysis”, 
Pitman Research Notes in Mathematics, Addison 
Wesley Longman Limited, 191-208. 

 
Table 1 System parameters for numerical simulation 
System Item Value 

Structural mass ( sm ) 16 kg 
Structural stiffness 

(
sk ) 568000 N/m

Damping 
coefficient(

sc ) 6000 N-sec/m

Frequency(
s
) 30 Hz 

Super- 
structure 

Damping ratio(
s
) 100 % 

Mass ( bm ) 28 kg 
Stiffness of spring 

( r0k ) 438 N/m 

Friction coefficient( ) 0.008 
Length of lever( L ) 0.274 m 

LSCIS 
device 

Controllable 
stiffness r[ ]k k  

(-0.8 to 
0.5) r0k  

 
Table 2 Performance of LSCIS device 

Structural 
response Earthquakes Passive 

control 
Semi-active 

control 
El Centro 0.180 0.112 
Chi-Chi 0.778 0.357 

Maximum 
isolated 

displacement  
(m) Kobe 0.348 0.141 

El Centro 29.98 27.79 
Chi-Chi 125.20 86.65 

Maximum 
structural 
base shear 

(N) Kobe 56.67 34.94 

  
Fig. 1 Structure with LSCIS device 
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(b) Structural base shear 

Fig. 2 Performance of LSCIS device under El 
Centro earthquake 

 

30 35 40 45 50 55 60 65 70
-0.8

-0.6

-0.4

-0.2

0

0.2

0.4

0.6

0.8

Time(sec)

D
is

pl
ac

em
en

t X
b(

m
)

The contorl effect of LSCIS in displacement of isolated floor 

 

 

 (39.37sec, -0.77805 m)

 (37.175sec, -0.35745 m)

passive control
semi-active control
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(b) Structural base shear 

Fig. 3 Performance of LSCIS device under 
Chi-Chi earthquake (TCU068) 
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(a) Maximum isolated displacement 
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(b) Maximum structural base shear 

Fig. 4 Maximum response of LSCIS device under 
El Centro earthquake 
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(a) Maximum isolated displacement 

0 1 2 3 4 5 6 7 8 9 10
0

50

100

150

200

250

PGA(m/sec2)

S
tru

ct
ur

al
 b

as
e 

sh
ea

r(N
)

Chi-Chi earthquake (nera-fault)

 

 

passive control
semi-active control
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Fig. 5 Maximum response of LSCIS device under 
Chi-Chi earthquake (TCU068) 
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Study on Dynamic Behavior of  
Nonlinear Rolling Isolation System with Viscous Damping 
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Abstract 
Resonance may be induced in linear isolation system under near-fault earthquake. In 

this paper, nonlinear rolling isolation system with viscous damping is investigated. The 
equation of motion of the nonlinear system is derived by using Lagrange’s equation. 
Numerical simulation is conducted for the nonlinear isolation system and the corresponding 
linear system under far-field and near-fault earthquakes. With the presence of viscous 
damping, the systems show better isolation effect in both acceleration ratio and maximum 
displacement regardless the isolation system is linear or nonlinear, and the earthquake is 
far-field or near-fault. When the damping coefficient is relatively small, the nonlinear 
isolation possesses much better performance over the linear one under near-fault 
earthquake. When the damping coefficient becomes larger, the performance of the linear 
isolation system is closer to that of the nonlinear one.  

Keywords: isolation, nonlinear, eccentricity, damping, rolling, structural dynamics  
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Introduction 
Some researches showed that the vibration period 

of many conventional isolation systems are 2 to 3 
seconds which is close to the predominant period of 
near-fault earthquake, and thus resonance may occur 
(Sahasrabudhe and Nagarajaiah 2005). For this reason, 
nonlinear isolation systems are developed to avoid 
resonance. The frequency of nonlinear isolation 
system is not fixed, so it can keep the structure from 
resonance. The elliptical rolling is an example of a 
nonlinear isolation (Jangid and Londhe 1998). In this 
study, an eccentric rolling system (Chung et al. 2009) 
with viscous damping is investigated (Fig. 1).  First, 
the equation of motion of the system is derived using 
Lagrange’s equation. Then, the numerical study on 
forced vibration of the system is conducted.  Finally, 

the dynamic behavior of this nonlinear rolling system 
is realized.  

Equation of Motion 
A block of mass m  is pin connected to a disk 

with radius of  R  and the eccentric length from pin 
to center is R  (Fig. 1). Using Lagrange’s equation, 
the nonlinear behavior of the isolator (Fig. 1) with 
viscous damper can be expressed as  

( ) 0N
i d

i i

d L L Q f R c R R
dt q q

          (1) 

The equation of motion of the nonlinear system 
can be expressed as: 
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2 2 2 2 2 2

2

( 2 cos ) sin

sin cos g

mR m R m R m R

cR mg R mR m R X   (2)
 

where  is the rolling angle; is the eccentricity 
of the pin to the radius of the disk; g  is the gravity 
acceleration; and gX  is the ground acceleration. 

If the rolling angle is small enough, sin  and 
cos 1 . The linearized frequency ( f0) and linearized 
damping ratio ( ) are, respectively, given as: 

0 2 2 2 2

1
2 2

1   
2 (1 )

mg Rf
mR m R m R

g
R

           (3) 

                                   
2

2 2 2 22 ( 2 )( )

 
2 (1 )

cR
mR m R m R mg R

c R
m g

        (4) 

Numerical Simulation 
Forced vibration method provides result that is 

closer to the actual state as often experienced in civil 
engineering. In isolation, the idea is to decrease the 
response of the superstructure. The responses of mass 
block in horizontal absolute acceleration are discussed 
in this paper. The effect of isolation can be compared 
by acceleration ratio ( ar ) which is defined as the ratio 
between maximum absolute acceleration of the mass 
block and the maximum ground acceleration, 

    max

max

( ) ( )

( )
H g

a
g

X t X t
r

X t
             (5) 

The mass of the block 1  (ton)m  and the radius 
of the isolator 1  (m)R . The excitation used is 
Chi-Chi (TCU102) earthquake (Fig. 2) which is a 
near-fault earthquake with peak ground acceleration 
2.98 (m/sec2) and the dominant frequency range is 
0.37 to 0.77 Hz. Eccentricity 0.3  is selected for 
the isolator because its linearized frequency 0.390 Hz 
(calculated from Equation 3) falls into the dominant 
frequency of the earthquake. Different linearized 
damping ratios (0.1, 0.2 and 0.3) are simulated to 
study the effect of damping on the isolation. Using the 
same damping coefficients, the corresponding linear 
systems are simulated to compare the efficiency of 
nonlinear and linear isolation systems. 

When the damping coefficient (c) is 0.240 N-s/m, 
the acceleration ratio is 0.7836 for the nonlinear 
isolation system and 1.4311 for the linear system 
(Table 1(a)). The maximum displacement is 0.4883 m 

for the nonlinear isolation system and 0.7078 m for 
the linear one (Table 1(b)). When the damping 
coefficient (c) is 0.720 N-s/m, the acceleration ratio is 
reduced from 0.8379 for the linear isolation system to 
0.7732 for the nonlinear one (Table 1(a) and Fig. 3) 
and the maximum displacement is decreased from 
0.3993 m to 0.3530 m (Table 1(b) and Fig. 4). 
Regardless of the value of the damping coefficient, the 
nonlinear system possesses better isolation 
performance.  

The behavior of the isolation systems is further 
studied by applying El Centro earthquake (Fig. 5) 
which is a far-field earthquake with peak ground 
acceleration 3.35 (m/sec2) and the dominant frequency 
ranges from 1.1 to 2.2 Hz.  

When the damping coefficient (c) is 0.240 N-s/m, 
the acceleration ratios are 0.3694 and 0.4853 for the 
nonlinear and linear isolation systems (Table 1(a)), 
respectively. The maximum displacements are 0.2100 
and 0.2693 m (Table 1(b)) for the nonlinear and linear 
isolation systems, respectively. When the damping 
coefficient (c) is 0.720 N-s/m, the acceleration ratio is 
reduced from 0.3453 for the linear isolation system to 
0.2733 for the nonlinear one (Table 1(a) and Fig. 6) 
and the maximum displacement is decreased from 
0.1753 m to 0.1106 m (Table 1(b) and Fig. 7). It 
shows that the nonlinear isolation system performs 
better than the linear one in both acceleration ratio and 
maximum displacement. 

Conclusions 
The paper presents the dynamic behavior of 

nonlinear isolator with viscous damping. With viscous 
damping, the systems show better isolation effect in 
both acceleration ratio and maximum displacement 
regardless of the type of the isolation system (linear or 
nonlinear), and of the type of earthquake (far-field or 
near-fault). When the damping coefficient is relatively 
small, the nonlinear isolation possesses much better 
performance over the linear one under near-fault 
earthquake. When the damping coefficient becomes 
larger, the performance of the linear isolation system 
is closer to that of the nonlinear one as detailed in 
Table 1(a) ~ (c). 

References 
Jangid RS, Londhe YB. Effectiveness of elliptical 

rolling rods for base isolation. Journal of Structural 
Engineering 1998; 124:469-472. 

Sahasrabudhe S, Nagarajaiah S. Experimental study of 
sliding base-isolated buildings with 
magnetorheological dampers in near-fault 
earthquakes. Journal of Structural Engineering 
2005; 131:1025-1034. 

Chung L.L., Yang C.Y., Chen H.M. and Lu L.Y.. 
Dynamic behavior of nonlinear rolling isolation 



107

 

107 

system. Struct. Control Health Monit 
2009;16:32-54. 

 
Table1. Comparison between responses of nonlinear 

and linear isolation ( 0.3 )  
(a) Acceleration ratio of mass block 

Chi-Chi Acceleration ratio ( ar ) 

c(N-s/m) Nonlinear Linear 

0.240 0.7836 1.4311 

0.480 0.7447 0.9809 

0.720 0.7732 0.8379 

 El Centro Acceleration ratio ( ar ) 

c(N-s/m) Nonlinear Linear 

0.240 0.3694 0.4853 

0.480 0.2997 0.3987 

0.720 0.2733 0.3453 

 

(b) Max. displacement response of mass block 
Chi-Chi Max. relative disp.(m) 

c(N-s/m) Nonlinear Linear 

0.240 0.4883 0.7078 

0.480 0.3928 0.4775 

0.720 0.3530 0.3993 

 El Centro Max. relative disp.(m) 

c (N-s/m) Nonlinear Linear 

0.240 0.2100 0.2693 

0.480 0.1455 0.2135 

0.720 0.1106 0.1753 

 

(c) Max. absolute acceleration response of mass 
block 

Chi-Chi Max. abs. acc.( m/s2 ) 

c(N-s/m) Nonlinear Linear 

0.240 2.3382 4.2701 

0.480 2.2220 2.9269 

0.720 2.3072 2.5001 

 El Centro Max. abs. acc.( m/s2 ) 

c(N-s/m) Nonlinear Linear 

0.240 1.2383 1.6266 

0.480 1.0045 1.3366 

0.720 0.9161 1.1574 

 

 
(a) Position without displacement 

  
 

(b) Position with displacement 

Fig. 1. Nonlinear rolling isolation system 
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Fig. 2. Chi-Chi earthquake acceleration 
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Fig. 3. Mass block acceleration (Chi-Chi) 
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Fig. 4. Mass block displacement (Chi-Chi) 
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Fig. 5. El Centro earthquake acceleration 
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Fig. 6. Mass block acceleration (El Centro) 
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Fig. 7. Mass block displacement (El Centro) 
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Optimal Design Formulae for 
Nonlinear Tuned Mass Dampers 
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Abstract 
The present study aims at developing optimal design formulae of nonlinear tuned mass 

damper (TMD) for damped main systems under the acceleration response quantity being 
minimized. Direct search technique is used to obtain the optimum damping coefficient and 
tuning frequency ratio of a nonlinear TMD system for which the response of a damped 
single degree-of-freedom main system subjected to white-noise random excitation is 
minimized. Optimal design formulae for these optimum parameters are then obtained by a 
sequence of curve-fitting techniques. The feasibility of the proposed optimal design 
formulae is illustrated numerically by using Taipei 101 structure implemented with TMD. 

Keywords: optimal, design formulae, tuned mass damper (TMD), nonlinear 
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Introduction 
A tuned mass damper (TMD) is a device 

consisting of a mass, a spring, and a dashpot attached 
to a structure to attenuate the dynamic response of 
the structure. The frequency of the damper is tuned 
to a particular structural frequency so that when that 
frequency is excited, the damper will resonate out of 
phase with the structural motion, dissipating input 
energy by the damper inertia force acting on the 
structure. The parameters that affect the response of 
the main system are the damping coefficient and the 
tuning frequency ratio of the TMD system. 
Maximum reduction in a response is attained when 
these parameters are at their optimum values. 
However, optimal design formulae for the linear 
tuned mass damper (TMD) are well developed, but 
those for the nonlinear TMD are still ongoing. 

The present study, therefore, aims at developing 
optimal design formulae for nonlinear TMD for 
damped main systems under the acceleration response 
quantity being minimized. Direct search technique is 
used to obtain the optimum damping coefficient and 
tuning frequency ratio of a nonlinear TMD system for 
which the response of a damped single- 
degree-of-freedom main system subjected to 

white-noise random excitation is minimized. Optimal 
design formulae for these optimum parameters are 
then obtained by a sequence of curve-fitting 
techniques. The feasibility of the proposed optimal 
design formulae is illustrated numerically by using the 
Taipei 101 structure implemented with nonlinear 
TMD.  

Motion Equation of Structure with 
Nonlinear TMD 

When a nonlinear TMD is attached to a 
single-degree-of-freedom (SDOF) structure, as shown 
in Fig. 1, it becomes a 2DOF system. The equation of 
motion of the nonlinear system can be expressed as 

d r( ) ( ) ( ) ( ) ( )t t t f t f t w tMx Cx Kx b b e  (1) 

where d

s

( )
( )

( )

x t
t

x t
x ; 

d

s

0

0

m

m
M ; 

s

0 0

0 c
C ; 

s

0 0

0 k
K ; 

1

1
b ;

0

1
e ; 

( )tx  is the displacement vector of the system; M , 
C  and K  are the mass, damping and stiffness 
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matrices of the system; b  and e  are TMD 
internal loading and structural external loading 
vectors, respectively; d ( )x t  and s ( )x t  are 
displacements of the TMD and the structure, 
respectively; dm  and sm  are the respective 

masses of the TMD and structure; sc  is the 

damping coefficient of the structure; sk  is the 

stiffness of the structure; d ( )f t  and r ( )f t  are the 
damping force and restoring force, respectively; 

( )w t  is the external disturbances.  

The solution of motion equation can be expressed 
in discrete-time fashion as first-order difference 
equation, 

d d d d r d[ 1] [ ] [ ] [ ] [ ]k k f k f k w kz A z b b e     (2) 

where
[ ]

[ ]
[ ]

k
k

k

x
z

x
; d

te AA ; 

1

d d( )b A A I B  ; 1

d d( )e A A I E ;

d d[ ] ( )f k f k t ; r r[ ] ( )f k f k t ;

1 1

0 I
A

M K M C
; 

1

0
B

M b
; 

1

0
E

M e
 

The damping force d[ ]f k  obeys a nonlinear 

viscous damping law, and restoring force r [ ]f k  
obeys a linear law given by 

d d 2 2[ ] [ ] sgn( [ ])f k c k kD z D z               (3) 

r d 1[ ] [ ]f k k kD z                            (4) 

where dk  is the stiffness of TMD; dc  is the 
damping coefficient of the TMD with dimension of 
mass length 1 time 2 ;  is the power law 
exponent of viscous damping of TMD; 

1 1 1 0 0D ; 2 0 0 1 1D . 

Optimal Design Formulae 
In this paper, the performance index J  is 

considered as the acceleration  ratio, thus J  is 
defined as: 

1k
T T T T 2 2

0
[ ] [ ] 2 [ ] [ ] [ ]

k
J k k k Ew k E w kz D Dz z D   (5) 

where 2

s s s 0 0 2D ; s1E m ; 

s  and s  are the natural frequency and damping 

ratio of the structure. 

The mass ratio mR , frequency ratio fR  and 
non-dimensional damping coefficient  of the 

nonlinear TMD are, respectively, defined as  

m d sR m m , f d s m(k )R k R  (6) 
1

d s s s max, without TMD
( )c m f x  (7) 

where s max, without TMD
x is the maximum velocity value 

for the main system without TMD. 
It is extremely difficult to determine the exact 

closed-form expressions for optimum nonlinear TMD 
parameters. However, explicit mathematical 
expressions that correspond to the optimum 
parameters of nonlinear TMD system obtained by 
numerical searching technique are useful for 
engineering applications. Five white-noise wind forces, 
three structural damping ratios s  (0, 2 and 5%), 

four mass ratios mR  (2, 3, 4 and 5%) and three 
damping exponents  (0.5, 1 and 2) are used to 
determine the optimum parameters by direct search 
technique (Wright, 1995). A curve-fitting scheme is 
adopted to develop the optimum design formulae for 
non-dimensional damping coefficient and frequency 
ratio of nonlinear TMD, 

opt 2
s s

2
s s

2 2
s s

2
s s

2

2 2

2
m

m

[(0.20 3.48 - 0.25 )

(-6.94 -8.06 0.74 )

(25.52 10.47 -1.62 ) ]

[(0.75 - 0.19 0.02 )

(0.42 0.23 - 0.03 )

(-0.55 - 0.04 0.01 ) ]
s s

s s

R

R

     (8) 

opt
f m s m

s

exp[(-1.0097 - 0.0004 ) ln( )

(-0.0497 - 0.0007 )]

R R R
 (9) 

Numerical Verification 
The Taipei 101 holds the title as the world's 

second tallest building at 508 m. Because the TMD is 
hung from the 92nd floor, in order to turn the 
structure into an SDOF structure, the first mode 
shape is normalized such that the component at the 
92nd floor is unity. After model reduction, the first 
modal mass sm  is 5371.7 2tonf-sec / m , the first 

modal frequency sf  is 0.14251 Hz, and the first 

modal stiffness 2

s s (2 )sk m f  is 4306.8 tonf/m . 

It is assumed that the first modal damping ratio s  
is 2% so that the first modal damping coefficient can 
be obtained as s s s2 (2 ) 192.39 tonf-sec/msc m f  
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(Table 1 and Wu, et al., 2005). 

The Taipei 101 structure is excited by external 
wind force with return period of half a year (Fig. 2). 
The mass of the TMD for the Taipei 101 is 660 ton, 
the heaviest in the world so that the mass ratio mR  is 

1.25% ( d 67.278m  2tonf - sec / m ). The spherical 
mass is supported by a sling of eight steel cables. 
Eight viscous dampers act like shock absorbers when 
the sphere shifts. The viscous damper is nonlinear of 
damping power law exponent 2.0  with damping 
coefficient dc  1,000 kN-(sec/m)2. Each damper is 
3.1m in length and inclines 60 degrees with the floor. 
It can provide at most 1,000 kN of damping force. The 
mass is able to move 1.5 m in any direction. This 
gold-colored orb can be viewed from restaurants, bars 
and observation decks between the 88th and 92nd 
stories. The length of the pendulum for the TMD is 
determined from the TMD stiffness which is in turn 
determined by the frequency ratio. The frequency ratio 

fR  is 0.9855, computed from the equation proposed 
by Sadek, et al., 1997.  

Optimum design parameters for the nonlinear 
TMD from the direct search method and the optimal 
design formulae are listed in Table 2. Optimal 
frequency ratio ( opt

fR ) from the design formula is 
1.025 times that from the direct search method, but 
optimal damping coefficient ( opt

dc ) from the design 
formula is 2.00 times that from the direct search 
method. Maximum displacement and acceleration of 
the main system with TMD from design formulae are, 
respectively, 1.042 and 0.983 times those from the 
direct search method (Figs. 3 and 4). It is observed 
from the acceleration ratios that the effectiveness of 
both TMDs designed from the direct search method 
and the design formulae are similar since the 
effectiveness is sensitive to frequency ratio and not 
that sensitive to damping coefficient. The relative 
displacement of the TMD from design formulae 
(0.1756m) is smaller (Fig. 5) but the damping force of 
the TMD from design formulae (35.647kN) is larger 
compared with the TMD from the direct search 
method (0.2264m and 28.885kN) (Table 2 and Fig. 6).  

Conclusions 
In this paper, optimal design formulae for a TMD 

with nonlinear viscous damping are developed. Given 
structural damping ratio, maximum structural velocity 
without TMD, mass ratio and damping exponents, 
optimal design parameters (non-dimensional damping 
coefficient and frequency ratio) can be computed from 
the proposed formulae. The feasibility of the proposed 
optimal design formulae is illustrated numerically by 
using Taipei 101 structure implemented with 
nonlinear TMD. 
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Table 1 Taipei 101 SDOF parameters 

parameters  value 

Mass( sm )( 2tonf-sec /m ) 5371.7 

TMD Mass( dm ) 

( 2tonf-sec /m ) 
67.278 

Stiffness( sk )( tonf/m ) 4306.8 

Damping ratio( s ) 0.02 

Frequency sf (Hz) 0.1425 

Table 2 Taipei 101 optimum parameters 

 Without 
TMD 

Direct 
search 

Design 
formulae

Frequency ratio 
( opt

fR ) — 0.97091 0.9950 

damping 
coefficient ( opt

dc )

(
2

2

seckN ( )
m

) 
— 693.31 1386.6 

Acceleration 
ratio ( aR ) — 0.70212 0.7347 

Maximum 
displacement 

( m ) 
0.087 0.0600 0.0625 

Maximum 
acceleration 
( 2m sec ) 

0.073 0.04999 0.0491 

Maximum 
relative 

displacement for 
TMD ( m ) 

— 0.2264 0.1756 

Maximum 
damping force 

for TMD ( kN )
— 28.885 35.647 



112

 

112 

 
 

  

dm  

       
 
 

sm  

sk  

sc  

rf  

df  

( )w t  

dxsx  

 
 

Fig. 1 System model of nonlinear TMD attached to 
SDOF structure. 
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Fig. 2 External wind force with return period of half 
a year. 

 

 
(a) Without TMD 

 
(b) Design formulae 

 
(c) Direct search 

 
Fig. 3 Displacement time history for Taipei 101 

 

 

(a) Without TMD 

 
(b) Design formulae 

 
(c) Direct search 

 
Fig. 4 Acceleration time history for Taipei 101 

 

 
(a) Design formulae 

 
(b) Direct search 

 
Fig. 5 Relative Displacement time history for TMD 
 

 
(a) Design formulae 

 
(b) Direct search 

 
Fig. 6 Hysteresis loop for Taipei 101 
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Optimal Design of Friction Pendulum System Type     
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Abstract 
In this paper, an optimal design of a structure implemented with a friction pendulum 

system (FPS) type tuned mass damper (TMD) is proposed. The FPS typed TMD has these 
properties: (1) the mass slides on the spherical surface so that the space to accommodate 
the FPS type TMD is much less than the suspension type; (2) restoring force is provided by 
the spherical surface so that no extra spring is needed; and (3) vibration energy is 
dissipated by the friction mechanism of the interface between the mass and the spherical 
surface. Numerical simulation method is proposed for the structure implemented with FPS 
type TMD. The optimal design parameters (frequency ratio and friction coefficient) of the 
TMD are found by direct search method. The feasibility of the proposed TMD is illustrated 
by adopting the Taipei 101 as a model implemented with FPS type TMD. Subjected to 
design wind force with return period of half a year, the requirement of comfort is satisfied. 

Keywords: structure control, tuned mass damper (TMD), nonlinear, friction pendulum system 
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Introduction 
A tuned mass damper (TMD) is a device 

consisting of a mass, a spring, and a dashpot attached 
to a structure to attenuate the dynamic response of the 
structure. The frequency of the damper is tuned to a 
particular structural frequency so that when that 
frequency is excited, the damper will resonate out of 
phase with the structural motion, thus dissipating input 
energy by the damping mechanism of the device. In 
this paper, an optimal design of a structure 
implemented with an FPS type TMD is proposed 
(Mokha, et al., 1991). Restoring force is provided by 
the spherical surface of the TMD when the mass slides 
away from the lowest point of the spherical surface. 
Small angle of sliding is assumed so that the restoring 
force is linear (Tsopelas, et al., 1996). Energy is 
dissipated due to the nonlinear friction force of the 
contact interface between the mass and the sliding 
surface. At first, by employing the first order 
state-space equation transferred from the motion 
equation of a structure implemented with a FPS type 

TMD, the discrete-time state-space equation by which 
the time history analysis can be conducted is derived 
(Chung, et al., 2008). The direct search method is used 
to obtain the optimal design parameters of FPS type 
TMD. Finally, as an example, the structural response 
of the Taipei 101 implemented with an FPS type TMD 
subjected to the design wind force is simulated, and 
the feasibility is studied. 

Motion Equation of Structure with FPS 
Type TMD 

After an FPS type TMD is attached to the SDOF 
(single-degree-of-freedom) structure subjected to 
external disturbances, ( )w t (Fig. 1), it becomes a 
2DOF (two-degree-of-freedom) system. The 
equation of motion of the system can be expressed as 

1( ) ( ) ( ) ( ) ( )t t t u t w tMx Cx Kx b E         (1) 

where d

s

( )
( )

( )

x t
t

x t
x ; d

s

0

0

m

m
M ;

s

0 0

0 c
C ; 
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d d

d d s

k k
k k k

K ; 1
1

b ;
1

0
1

E ; ( )tx is the 

displacement vector of the system; M , C and 
K are the mass, damping and stiffness matrices of 
the system; d ( )x t  and s ( )x t  are the displacements 

of the TMD and the main system; dm  and sm  are 

the masses of the TMD and the main system; sc is 

damping coefficient of the main system; dk  and sk  
are stiffnesses of the TMD and the structure; ( )u t  is 
the friction force; and b  and 1E  are TMD internal 
loading and structural external loading vectors, 
respectively. 
The equation of motion shown in Eq. (1) is 
conveniently expressed as a first-order differential 
equation in state space, 

( ) ( ) ( ) ( )t t u t w tz Az B E  (2) 

where 
( )

( )
( )

t
t

t

x
z

x
;

1 1=
0

A
C

; 
1=

0
b

; 

1
1

=
0

 

The solution of Eq. (2), can be expressed in 
discrete-time fashion as a first-order difference 
equation  

d d d[ 1] [ ] [ ] [ ]k k u k w kz A z B E  (3) 
where 

[ ]
[ ]

[ ]
k

k
k

x
z

x
; d e tAA ; 1

d d( )B A A I B ;

1
d d( )E A A I E ; 

Assume that the kinetic friction coefficient is 
equal to the maximum static friction coefficient. The 
friction force can be expressed as  

[ ]u k N  (4) 

where dgN m  is the normal force of the contact 
interface; and g is the acceleration of gravity. 

Assume that the k+1 step of the TMD relative 
velocity is zero (non-slip state), then the friction force 
of the k step can be estimated as  

1

1 d 1 d dˆ[ ] [ ] [ ]T Tu k k w kd B d A z E
 (5) 

While the friction force is less than the maximum 
static friction force ˆ[ ]u k N , the FPS type TMD is in 
the stick state and the friction force can be expressed 
as  

ˆ[ ] [ ]u k u k  (6) 

While the friction force is larger than the maximum 
static friction force ˆ[ ]u k N , the FPS type TMD is 
in the sliding state and the friction force can be 
expressed as 

d[ ]u k m g  (7) 
Structural acceleration can be expressed as 

1 1 1 1
1[ ] [ ] [ ] [ ]k k u k w kx M K M C z M b M E        

(8) 

Numerical Verification 
Currently, the Taipei 101 holds the title of 

world's second tallest building at 508 m. Because the 
TMD is hung from the 92nd floor, in order to turn the 
structure into an SDOF structure as shown in Table 1, 
the first mode shape is normalized such that the 
component at the 92nd floor is unity. After model 
reduction, the first modal mass sm  is 

25371.7 tonf-sec /m , the first modal frequency sf  
is 0.14251 Hz, and the first modal stiffness 

2

s s (2 )sk m f  is 4036.8 tonf/m. It is assumed that 

the first modal damping ratio s  is 2% so that the 
first modal damping coefficient can be obtained as 

s s s2 (2 ) 192.4 tonf-sec/msc m f (Wu, et al., 
2005). The parameters are normalized to be 
dimensionless as, respectively, 

m d s/R m m  (9) 
f d s/R f f  (10) 

a control without control( [ ]) / ( [ ])n nR J x k J x k  (11) 

where mR  and fR  are the mass ratio and 

frequency ratio, respectively; and aR  is acceleration 
ratio. 

The Taipei 101 is turned into an SDOF structure 
and implemented with a FPS type TMD. The mass of 
the TMD is d

267.146 tonf-sec /mm  so that the 
mass ratio is 1.25%. The Taipei 101 structure is 
excited by external wind force with return period of 
half a year (Fig. 2). The optimal design parameters are 
computed by the direct search method such that the 
acceleration ratio is minimized. The results are 

f 1.0190R , a 0.6888R  and 0.0011 . The 
performance of direct search method and 3-D diagram 
method are shown in Table 2. Furthermore, the 3-D 
variation of the performance index aR  against the 

TMD design parameters, fR  and , is plotted (Fig. 
3). The optimal design parameters found by the graph 
of 3-D variation are very close to those by the direct 
search method. The structural acceleration and the 
TMD relative displacement time histories are plotted 
(Figs. 4 and Fig. 5, respectively). The structural 
acceleration of Taipei 101 without FPS type TMD is 
6.54 gal and 4.15 gal with FPS type TMD. The degree 
of vibration suppression in the structural acceleration 
is 36.54 %. The maximum relative displacement of 
TMD is 0.3147m. Hysteresis loop of friction force 
against relative displacement for the TMD is shown in 
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Fig. 6 and the maximum friction force is 0.7904tonf. 

Conclusions 
In this study, the feasibility of FPS type TMD is 

verified by the numerical simulation. The 
discrete-time state-space equation for SDOF structure 
implemented with a FPS type TMD is derived so that 
time history analysis can be conducted. Optimal 
design parameters (frequency ratio and friction 
coefficient) of TMD are obtained by direct search 
method such that the performance index (acceleration 
ratio) is minimized. The optimal results are further 
confirmed by the 3-D plot. The feasibility is illustrated 
numerically by using the Taipei 101 structure as a 
model implemented with FPS type TMD. With the 
implementation of the TMD, the requirement of 
comfort is satisfied. 
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Table 1 Taipei 101 SDOF parameters 

parameters(unit) value 

Mass sm ( 2ton-sec /m ) 5371.7 

Damping sc ( tonf-sec/m ) 192.4 

Stiffness sk ( tonf/m ) 4306.8 

Damping ratio s  0.02 

frequency sf (Hz) 0.1425 

 

 

Table 2 Performance of direct search method and 3-D 
diagram method 

 Direct 
search 

3-D 
diagram

Frequency 
ratio fR  

1.0190 1.0231 

Frictional 
coefficient  0.0011 0.0012 

Objective 
function 
ratio aR  

0.6888 0.6889 

 

 

Table 3. Results of Taipei 101 model 
 (dynamic analysis) 

m 1.25%R  Without 
TMD 

With FPS 
TMD 

Frequency ratio f( )R   1.0190 

Friction coefficient  ( )  0.0011 

Acceleration ratio a( )R   0.6888 

Peak Acceleration 
2(cm sec )  6.54 4.15 

TMD relative 
displacement (cm)   31.47 

Friction force (tonf )   0.79 

 

 

 

Fig. 1 System model of FPS type TMD 
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Fig. 2 External designed wind force attached to 

SDOF structure. 

 

 

 
(a)  

 
(b) 

 
(c) 

Fig. 3 3-D variation of acceleration ratio a( )R  

 
Fig. 4 Structural acceleration time history 

 

 

 
Fig. 5 TMD relative displacement time history 

 

 

 
Fig. 6 Hysteresis loop of friction force 
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Semi-active Control of Isolation System with       
Variable Friction 
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Abstract 
Many researches have shown that a passive isolation system can effectively reduce 

seismic responses of structures. Passive isolation systems are simple and reliable but it is 
not adaptive under excitations different from the design one. For this reason, an active 
isolation system can be implemented to make an isolation system be adaptive. But there is 
another disadvantage in active isolation system, that is, it needs much energy for the 
actuator. The semi-active isolation system is a compromise between passive and active one. 
The piezoelectric smart isolation system (PSIS) composes of an isolation stage and a 
piezoelectric friction damper (PFD). In this research, a simple control law is proposed. The 
control force, which is the normal force of PFD, is proportional to the exponent power of 
the absolute velocity of isolation platform. It is simple, and full-state feedback is not 
required. From numerical simulation, the proposed control law is found to be more 
effective and efficient than passive isolation system. 

Keywords: semi-active, isolation, friction, piezoelectricity 
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Introduction 
A passive isolation system could be ineffective 

when the system is subjected to near-fault earthquake 
(Jangid 2005, Nagarajaiah & Sahasrabudhe 2005). 
The semi-active control is a good compromise 
between passive and active control systems. The 
feasibility of piezoelectric smart isolation system 
(PSIS) has been proven by numerical and 
experimental studies (Lu and Lin 2008). There are 
many control theories for semi-active control, in this 
study, a simple controller has been proposed. The 
controller needs only the measurement of velocity in 
the isolation platform. The controller output is 
proportional to the absolute velocity of platform with 
a power parameter  by a gain parameter G . The 
optimal parameters are chosen by simulation of the 
system under far-field earthquake. Those optimal 
cases are re-simulated under near-fault earthquake. 

The isolation performance can be compared by a 
performance index which involves with base shear of 
the structure and maximum displacement of isolation 
platform. 

Equation of Motion 
Fig. 1 shows the mechanism of PSIS. The spring 
provides the restoring force of isolation sliding 
platform. The piezoelectric friction damper is the 
control device. There are two friction forces in this 
system, one is the friction between the sliding block 
and the guide rail ( iu ) and another is the friction 

between the friction damper and the friction bar ( du ). 
Those two friction forces provide the energy 
dissipation of the isolation system. The equation of 
motion is as follows: 
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Eq. (1) shows a 2-DOF system if the isolated 
equipment in Fig. 1 is replaced by a SDOF structure. 

sm , sc  and sk  are the mass, damping coefficient 

and stiffness of structure, respectively. bm  and ik  
are the mass and stiffness of the isolation platform, 
respectively. In this system, the normal force of PFD 
( )(tN ) is controllable. The Coulomb friction model is 

used here for the two friction forces ( iu  and du ). 

0 if     sgn
0 if           

txtxgmmtu
txgmmtu

bbbsii

bbsii      

(2) 

0 if           sgn 
0 if             
txtxtNtu

txtNtu

bbdd

bdd           

(3) 

i  and d  are the two friction coefficients for 
guide rail and PFD, respectively. From the above two 
equations (Eq. (2) and (3)), the problem is the 
determination of the real friction forces in each time 
step. Here, the shear balance method can be adopted 
to build a numerical model in predicting the two 
friction forces. 

   The controller in this study is defined as follows: 

txGtN b                           (4) 

The normal force ( )(tN ) is proportional to the 
absolute velocity of isolation platform with power to 

 by a gain parameter G . The normal force is 
always greater than zero that is why absolute 
velocity is taken for the controller. 

Numerical Simulation 
Before numerical simulations are conducted, a 

performance index is defined as: 

10          1 ds RRJ        (5) 

where 
passiveabsss

activesemiabsss
s txm

txm
R

,

,

max
max

 and 

passiveb

activesemib
d tx

tx
R

max
max

 

sR  is the ratio of base shear for the isolated structure 
and dR  is the ratio of maximum displacement in 
isolation platform. In isolation problem, the base shear 
of the isolated object must not be the only focus but 
also the maximum displacement of isolation platform. 
The low base shear or acceleration of structure is 
expected but the displacement of isolation layer 
should not be too large. The weighting factor  
defines which physical quantity, base shear or 
platform displacement, is concerned more. Some 
parameters of the system in numerical simulation are 
listed as follows: (kg) 75sm , (kg) 75bm , 

%100s , (Hz) 20s , (N/m) 1000ik , 

009.0i , 09.0d  and 5.0 . s  and s  
are the damping ratio and natural frequency of the 
isolated structure, respectively. Both the two 
parameters are assigned in large value to consider the 
isolated object as a rigid body. The frequency of the 
isolator is 0.41 (Hz). 
   In numerical simulation, the optimal gain 
G )(N/(m/sec)  should be determined. The isolation 
system is simulated under far-field earthquake, El 
Centro earthquake, and the optimal G  is searched in 
the range of 0 to 50000 with interval 10 by Eq. (5). 
Five cases for the power parameter , 0, 0.5, 1, 1.5, 
2 and 2.5, are considered. 

The optimization results of G  are listed in Table 
1a. The performance index becomes larger with the 
increases in both G  and . In Table 1a, it is easy to 
observe that the optimal choice in two parameters is 

)(N/(m/sec) 1140G  and 0  with 369.0J . 
But, this case can be thought as optimal passive 
isolation because 0  results a constant normal 
force. After those optimal parameters are obtained, the 
same feedback gains are used to do re-simulation for 
all the cases subject to near-fault earthquake, Chi-Chi 
TCU102 (Fig. 2). The maximum normal force and 
performance index with respect to G  are shown in 
Table 1b.  

The semi-active case with 5.0  and 
)(N/(m/sec) 2570 0.5G  is chosen for the 

semi-active controller. The results are shown in Fig. 3. 
From Figs. 3a and 3b, the responses of passive control 
system are relatively very large under a near-fault 
earthquake. But, the responses are smaller for 
semi-active case. In Fig. 3c, the normal force is a little 
bit large but it is not over 20000 (N) which is the 
maximum force generated by PFD. The hysteretic 
loop (Fig. 3d) shows that the semi-active isolation can 
reduce both the base shear and platform displacement. 
The comparison is also listed in Table 2. The 
semi-active control can reduce the base shear of 
structure, especially in Chi-Chi earthquake from 586.4 
N (passive) to 200.8 N (semi-active). The 
displacement of isolation platform (0.28 (m)) is 
smaller than in the passive case (1.16 (m)). 
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Conclusions 
Based on the simulation results, the semi-active 

isolation system is indeed adaptive when the system is 
under very different excitations. Even though the 
controller is designed under far-field earthquake, the 
proposed controller in this study is still found to be 
effective under near-fault earthquake. The controller is 
so simple that only the platform velocity should be 
measured. 
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Table 1a. Optimal G with corresponding J under El 

Centro earthquake. 
 0 0.5 1 1.5 2 2.5 

Min(J) 0.369 0.370 0.418 0.462 0.496 0.532
Optimal 

G 
1140 2570 5180 9210 15180 35820

 
Table 1b. Performance of PSIS under Chi-Chi 

earthquake. 
 0 0.5 1 1.5 2 2.5 

G 1140 2570 5180 9210 15180 35820
J 0.330 0.291 0.264 0.250 0.243 0.235

N(t)max 1140 1911 2612 3100 3475 3867
 

Table 2. Comparison of passive and semi-active 
( 5.0,2570G ) isolations  

Excitation El Centro  Chi-Chi (TCU102)
System type Passive Semi-active Passive Semi-active

)(max txs
 )(m  0.25  0.05  1.16  0.28  

)(max abs, txm ss
 

)N(  
131.0  71.9  586.4  200.8 

)(max txb )(m  0.25  0.05  1.16  0.28  

)(max tN )N(   1406  1911 

 

 
     Fig. 1. Schematic diagram of PSIS.  
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Fig. 3a. Displacement time history of platform. 
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Fig. 3b. Base shear time history of structure. 
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Fig. 3c. Time history of normal force.            
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Abstract 
This study develops simple equations to estimate the displacement ductility capacity of 

a fixed-head pile. The basic form of the equations is derived based on an ideal model of a 
semi-infinite pile with bilinear moment-curvature property in Winkler-type soils to relate 
the displacement capacity of the pile with the pile-soil system parameters and the 
formulation is modified for the effect of soil nonlinearity. Through this model, the 
displacement ductility capacity of the pile can be explicitly expressed in terms of the 
pile-soil system parameters, including the sectional over-strength ratio, curvature ductility 
capacity, and the ratios of characteristic coefficients of the pile-soil system. A series of 
numerical nonlinear pushover cases of full pile-soil models are conducted to calibrate and 
validate the proposed equations. Finally, a set of simple equations for the ductility capacity 
of the pile are built. 

Keywords: Ductility capacity, piles, plastic hinge. 

 

Introduction 
Fixed-head piles usually experience a large 

flexural curvature demand at the pile head when 
subjected to large seismic loading since the pile head 
is restrained by a slab or a pile cap. In this case, it is 
cost-effective to design piles as ductile structures to 
absorb earthquake energy instead of elastic structures 
which are normally assumed in conventional design. 
When the ductile behavior of a pile is considered in 
design, the displacement ductility capacity of the pile 
will be an important concern.  

Many methods have been developed to estimate 
the displacement ductility capacity. Those methods 
have regarded the curvature ductility capacity as an 
important factor. For instance, Chai (2002) employed 
the concentrated plastic-hinge model with a constant 
plastic-hinge length to build a relationship between 
the displacement ductility of extended pile-shafts and 
the curvature ductility of the pile section. Song et al. 
(2005) also adopted the concentrated plastic-hinge 
model to study the similar relationship for fixed-head 
piles.  

In additional to the curvature ductility capacity, 
Chiou et al. (2009a) found that the over-strength ratio 
of a section (the ratio of ultimate moment to yield 
moment) is another important factor to the 
displacement ductility capacity, but the 
aforementioned methods ignore its effect.  

 The above assessment methods for the ductility 
capacity of fixed-head piles have not contained the 
influence of the over-strength ratio and there might be 
other influencing factors that are not identified. 
Therefore, this study attempts to re-confirm the 
important factors to the displacement ductility 
capacity for the fixed-head pile and to develop an 
assessment method to include their influences. The 
cohesive soil is taken as an illustrative soil stratum. 
This study uses a simple ideal model to derive the 
relationship of the ductility capacity of the pile to the 
parameters of the pile-soil system. From this model, 
simple equations about the ductility capacity for the 
linear and nonlinear soils can be built. Finally, a 
number of numerical pushover cases are conducted to 
calibrate and validate the proposed equations.  
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Ductility Capacity of a Long Pile in 
Winkler Soils  
1. Pile in elastic soil 

In order to derive the ductility capacity equation of 
a pile, a simple ideal model is constructed as shown in 
Fig. 1(a). A semi-infinite pile with fixed-head 
condition is embedded in the uniform elastic soil of 
Winkler-type whose stiffness is constant with depth. 
The sectional moment-curvature property of the pile is 
assumed to be a bilinear curve which is defined by a 
yield point (My y) and an ultimate point (Mu, u), as 
shown in Fig. 1(b). The nonlinear sectional property 
of the pile can be characterized by its curvature 
ductility capacity and over-strength ratio , which 
are defined as  

y

u                              (1) 

y

u

M
M

                             (2) 

Based on the model constructed above, the 
moment-displacement response at the pile head when 
subjected to a lateral loading will have the shape as 
shown in Fig. 1(c). Then, the displacement ductility 
capacity of the pile can be defined as 

yu /                          (3) 

where u is the ultimate displacement at the pile head 
when its moment reaches Mu and y is the yield 
displacement at the pile head when its moment 
reaches My.  

Through theoretical derivation, the displacement 
ductility capacity can be expressed as 

)()11(
2 L

        (4) 

where L is the coefficient between the ultimate 
pile-head shear and moment, defined as Hu/(2Mu) and 

 is the characteristic coefficient of the linear pile-soil 
system, which is defined as 

4

4EI
Es                             (5) 

where Es is the subgrade reaction modulus and EI is 
the elastic flexural rigidity of the pile. 

From Eq. (4), it can be clearly seen that the ratio 
/ L, the over-strength ratio , and the curvature 

ductility capacity  are the influencing factors to the 
displacement ductility capacity of the pile. Since 

L can be theoretically derived to be related to , Eq. 

(5) can be further reduced as  

)1(                   (6) 

From Eq. (6), it is interesting to note that, for the 
linear soil, the ductility capacity of a pile is purely 
contributed by the over-strength ratio and curvature 
ductility capacity of the pile section. 
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Fig. 1 Ideal model 

 

2. Pile in Nonlinear Soil 

When the pile is in the nonlinear soil, the soil 
may enter nonlinear state during lateral loadings. The 
degree of soil nonlinearity depends on how much the 
pile displacement exceeds the soil yield displacement. 
Since Eq. (4) is derived for a pile embedded in the 
linear soil, its formulation has to be modified as 
shown in Eq. (7) below when the effect of soil 
nonlinearity is considered. 

)()11(
2

2

NLu

y      (7) 

where y and u are the equivalent characteristic 
coefficients of the pile-soil system in the state of the 
pile yielding and the formation of the pile-head 
plasticity, respectively; L represents the 
characteristic coefficient that relates the ultimate 
moment and shear at the pile head, defined as 
Hu/(2Mu). 

Define a ratio to examine the change in the 
ductility capacity due to the soil nonlinearity by 
comparing Eq. (4) to Eq. (7) as follows 

NL

L

u

y

L

NL
2

,

,                 (8) 

where L and L denote the displacement ductility 
capacities for the case of the linear soil and nonlinear 
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soils, respectively. It should be noted that L and L 
may be different since the ultimate lateral loads in the 
cases of linear and nonlinear soils may be different. 

Since the range that the soil responds nonlinearly 
in the state of pile yielding is normally none or slight, 

y can be approximated to be . Then, Eq. (8) can be 
further approximately expressed as 

NL

L

u

                            (9) 

From Eq. (9), it can be seen that  will be larger 
than one since u and L L will be larger than one 
due to the soil nonlinearity. It can be seen that the 
ductility capacity of a pile in nonlinear soils may be 
larger than that in linear soils due to the soil 
nonlinearity. 

Therefore, to consider the effect of soil 
nonlinearity on the displacement ductility capacity, 

can be used to modify the displacement ductility 
capacity for the linear soil, that is  

))1((       (10) 

where  is regarded as a modification factor which is 
displacement-dependent due to the degree of soil 
nonlinearity. Since it does not have a theoretical value, 
the following section will adopt a statistical approach 
to build an empirical relation for  from a series of 
pushover data. 

Calibration and Verification 
From the above derivations, the significant 

factors to the displacement ductility capacity of the 
pile are extensively discussed and Eqs. (6) and (10) 
are developed to estimate the displacement ductility 
capacity. However, the parameter  in Eq. (10) has 
not been determined. Therefore, this study will 
conduct a number of nonlinear pushover analyses of 
full pile-soil models to determine the parameter  and 
demonstrate the applicability of Eqs. (6) and (10).  

   

1. Analysis model and Parameters 

The case analyses assume a fixed-head pile of 
length 25m embedded in cohesive soils as shown in 
Fig. 2. The Winkler-beam model is applied to analyze 
the pushover curves for different specified parameters 
of the pile-soil system, with consideration of 
nonlinearity of the pile and the soil. The 
Winkler-beam model uses the beam elements to 
simulate the pile and adopts a series of independent 
springs to model the soil reactions. As shown in Fig. 
1(b), the moment-curvature response of the pile 
section is assumed to be a simplified bilinear curve. 
The nonlinear behavior of the pile is simulated by the 

distributed plastic hinge model. In this model, many 
plastic hinges are distributed along the pile shaft for 
simulating the plasticity propagation in the pile. For 
the detailed description of this model, one can refer to 
Chiou et al. (2009b). The nonlinear p-y relation for the 
cohesive soil model is assumed to be 
elastic-perfectly-plastic, as shown in Fig. 3, in which 
the subgrade reaction modulus Es is assumed uniform 
with depth and the profile of the ultimate soil 
resistance proposed by Reese et al. (1975) is adopted.    

Load H

Cohesive 
soils

Pile
25 m

 
 

Fig. 2. Pile-soil model for case analyses 
 

So
il 

re
ac

t.,
 p

 
Fig. 3. p-y model for cohesive soils 

 

Table 1. Analysis cases 

Case D (m) P/(fc'Ag) Su (kN/m2) 
1 1 0 1.2 16 80 
2 1 0.1 1.2 16 80 
3 1 0.2 1.2 16 80 
4 1 0.1 1.05 16 80 
5 1 0.1 1.4 16 80 
6 1 0.1 1.6 16 80 
7 1 0.1 1.2 14 80 
8 1 0.1 1.2 18 80 
9 1 0.1 1.2 20 80 

10 1 0.1 1.2 16 20 
11 1 0.1 1.2 16 150 
12 0.6 0.1 1.2 16 80 
13 1.5 0.1 1.2 16 80 
 

Pushover cases as listed in Table 1 are conducted. 
Parameters include the pile diameter D, the axial load 
level P/(fc'Ag), the over-strength ratio , the curvature 
ductility capacity , and the undrained shear strength 
Su. Note that the axial load level P/(fc'Ag) is varied to 
change the flexural rigidity of the pile. 

According to the analysis parameters specified in 
Table 1, the pushover analyses are performed to 
obtain the pile-head pushover curves. Accordingly, the 
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displacement ductility capacities for all the cases can 
be determined. 

 

2. Determination of  

To obtain in Eq. (10), the ductility capacity 
values from all the pushover cases are chosen to 
establish an empirical relationship for . A 
non-dimensional relationship of  versus u/yy is 
constructed as shown in Fig. 4, in which u is the 
pile-head ultimate displacement and yy is the soil yield 
displacement yy at the top soil layer. An approximate 
trend of Eq. (11) as shown below is employed to fit 
the data points in Fig. 4. 

26.1)1/(0528.01 yu y  for u>yy   (11) 

For 0< u/yy<1, the soil behaves linearly and 
therefore  in this range is set to one. 
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Fig. 4.  versus u/yy 

 
4. Performance of Eqs. (6) and (10) 

Fig. 5 compares the capacities from Eqs. (6) and 
(10). Eq. (6) underestimates the capacities and 
provides the least estimates. Eq. (10), which 
additionally considers the effect of soil nonlinearity, 
gives consistent capacities to those from the pushover 
curves. 

Conclusions 
From the ideal model, the controlling factors to 

the ductility capacity of the fixed-head pile in 
cohesive soils include the curvature ductility capacity, 
over-strength ratio, and the ratios of the characteristic 
coefficients of the pile-soil system. 

For a fixed-head pile in linear soils, its ductility 
capacity is completely controlled by its sectional 
curvature ductility and over-strength ratio, as in Eq. 
(6). This equation provides the least estimate for the 
ductility capacity of the pile. For a pile in the 
nonlinear soils, a modification factor is introduced to 
modify the ductility capacity for the case of a pile in 
the linear soil as shown in Eq. (10) for the possible 
effect of soil nonlinearity. 
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Fig. 5. Simple equations for cases 1-13 
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Abstract 
To study the behavior of soil-pile interaction for a pile foundation in saturated sand under 

earthquake shakings, a series of lateral loading tests and shaking table tests were conducted 
on the instrumented model pile within a saturated Vietnam sand specimen inside the 
laminar shear box at the National Center for Research on Earthquake Engineering 
(NCREE). The model pile, 1.60 m in length, was made of aluminum alloy with an outer 
diameter of 101.6 mm and a thickness of 3 mm. The pile tip was fixed at the bottom of the 
laminar shear box to simulate the condition of a pile foundation embedded in the rock or 
within a firm soil stratum. Strain gauges and accelerometers were installed on the pile surface to 
observe the behavior of the pile during shaking. The near-field and far-field soil responses, 
including pore pressure changes, accelerations, and settlements were also measured. 
Unidirectional and multi-directional shaking table tests were performed on the model pile in the 
shear box with and without soil. The shakings included sinusoidal and recorded earthquake 
accelerations. The results of this study can be used for the design of pile foundations under 
seismic loadings. 

Keywords: lateral loading test, shaking table test, liquefaction, model pile 
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Introduction 
Pile foundations have suffered extensive damage in 

saturated soils in many large earthquakes such as 1964 
Niigata Earthquake, 1989 Loma Prieta Earthquake, 1995 
Kobe Earthquake and 1999 Chi-Chi Earthquake. There 
were pile foundation failures because of the loss of soil 
supports and excessive lateral loading. Many studies on 
soil-structure interaction have been performed in order 
to understand the mechanism of the dynamic responses 
of foundations in a saturated soil under earthquake 
loading. The results of these studies provide the bases 
for evaluation of the mitigation methods for liquefaction 
hazard and aseismic design for structures with pile 
foundations in a liquefiable ground. 

Lateral loading tests in the field or in the 
laboratory and shaking table tests on model piles 
within soil specimens, under either 1 g or centrifugal 
conditions, have been used to investigate the pile 

behaviors and soil-pile interaction in saturated soils 
(e.g., Chen et al., 1998; Rollins et al., 2005; Ashford 
et al., 2006; Dobry and Abdoun, 2001, 2003; 
Tokimatsu et al., 2005). These tests are mostly under 
one-dimensional shaking and cannot consider the 
effect of multidirectional shaking on the pile 
foundations. Besides, the inertial effect caused by the 
superstructure and the kinematic loading imposed by 
the surrounding ground cannot be separately identified 
and understood. This research used the large biaxial 
laminar shear box developed at NCREE as the soil 
container and the instrumented model pile was 
installed inside the shear box filled with saturated sand. 
Static and cyclic lateral loading tests on the model pile 
were conducted utilizing the reaction wall at NCREE 
to acquire the basic pile properties and soil-pile 
interaction under simple conditions. The biaxial shear 
box with the model pile in a saturated sand specimen 
was then placed on the shaking table at NCREE; one- 
and multi-directional sinusoidal and recorded 
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earthquake accelerations were applied from the 
shaking table. The soil, pile responses and their 
interaction under these types of shakings were studied. 

Model Piles and Sand Specimen 
The model pile was made of an aluminum alloy 

pipe, 1.60 m in length, with an outer diameter of 101.6 
mm, a wall thickness of 3 mm and EI = 77.62 kN-m2. 
Resistance-type stain gauges were placed on the pile 
surface to measure bending strains of the model pile. 
At each depth, two pairs of stain gauges were mounted 
on opposite sides of the pile in X- and Y-directions. 
There are 10 different depths with 15 cm spacing 
along the pile axis. Vertical acceleration arrays along 
the pile were also set up on the model pile in X- and Y 
-directions for acceleration measurements. The pile 
was fixed at the bottom of the shear box to simulate the 
condition of a pile foundation embedded in rock or 
within a firm soil stratum. Up to 6 steel disks were fixed 
at the top of the aluminum pile to simulate various 
conditions of the superstructure. Each steel disk weighs 
about 37.10 kg. The model pile with instrumentation 
inside the shear box was set up before preparation of the 
sand specimen, as shown in Figure 1. 

 
Fig. 1 Instrumented model pile with 6 steel disks on 

its top. 

 

 We used clean fine silica sand from Vietnam for 
the sand specimen inside the laminar shear box. This 
sand has been used in the shaking table tests for 
liquefaction studies at NCREE (Ueng et al., 2006). The 
maximum and minimum void ratios are 0.887~0.912 
and 0.569~0.610, respectively. The sand specimen was 
prepared using the wet sedimentation method after the 
placement of the model pile and instruments in the shear 
box. The sand was rained down into the shear box filled 
with water to a pre-calculated depth. The size of sand 
specimen is 1.880 m × 1.880 m in plane and about 1.40 
m in height before shaking tests. The saturation of the 
specimen was checked by the P-wave velocity 
measurements across the specimen horizontally. Details 
of the sand specimen preparation and the mechanism of 

the biaxial laminar shear box were described in Ueng et 
al. (2006). 

Lateral Loading Tests 
In order to evaluate the basic properties of the 

model pile and the soil-pile interaction under simple 
loading conditions, lateral loading tests on the model 
pile with and without saturated sand specimen inside 
the shear box were conducted. As shown in Fig. 2, the 
tests were performed using two hydraulic jacks 
affixed on the reaction wall and on the rigid frame 
individually to apply the displacement-controlled 
loading at the top of the model pile. The displacement 
of the pile top was limited to less than 10 mm to keep 
the pile deformation within the elastic range. 

 
Fig. 2 Lateral loading test on the model pile in a 

saturated sand specimen 
 

A triangular wave with the velocity of 0.0667 
mm/sec was used in the static loading series. Loading 
and unloading cycles were applied to evaluate the 
elastic and hysteretic behavior of the model at place 
with and without the surrounding soil. In the cyclic 
loading tests, sinusoidal displacement-controlled 
loadings were applied with amplitude ranging from 1 
to 10 mm at frequencies varying from 0.5 to 4 Hz. Ten 
cycles of loading were applied in each test. In addition, 
the 2D trajectories (e.g. circle and ellipse) were also 
applied to the model pile to evaluate the 2D responses 
of the model pile in the static and cyclic loading tests. 

During the loading tests, the displacements at the 
top and different depths (for tests without sand) of the 
pile were measured. Strains (on four sides of the pile) 
and accelerations at different depths on the pile and 
pore water pressure changes and accelerations at 
various locations in soil specimen were measured. The 
heights of sand surface especially near the pile were 
also measured after each test. 

Shaking Table Test 
Shaking table tests were first conducted on each 

model pile without sand specimen to evaluate the 
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dynamic behavior of the pile itself. Sinusoidal and white 
noise accelerations with amplitudes from 0.03 to 0.075 g 
were applied in X- and Y-directions. The model pile 
within the saturated sand specimen was then tested 
under one- and multi-directional sinusoidal shakings 
(1~24 Hz) and recorded earthquake accelerations with 
amplitudes ranging from 0.03 to 0.15 g. White noise 
accelerations were also applied in both X- and 
Y-directions to investigate the behavior of the model 
pile and the sand specimen after every several shakings. 
Figure 3 shows a shaking table test of the model pile in 
the saturated sand specimen.  

 
Fig. 3 The model pile with 6 steel disks on its top in 

saturated sand specimen on the shaking table. 
 

 

 
Fig. 4 Instrumentation on the pile and within the sand 

specimen. 

 

Figure 4 is the layout of instrumentation on the 

model pile and in the sand specimen. During every test, 
pile top displacements, strains and accelerations at 
different depths on the pile, and pore water pressures 
and accelerations in the sand specimen (near field and 
far field) were measured. Besides, the frame movements 
at different depths of the laminar shear box were also 
recorded to evaluate the responses and liquefaction of 
the sand specimen using displacement transducers and 
accelerometers. Pore water pressures inside the sand 
specimen were measured continuously until sometime 
after the end of shaking to observe the dissipation of the 
water pressures. The height of the sand surface after 
each test was obtained for the settlement and density of 
the sand specimen. Soil samples were taken using short 
thin-walled cylinders at different depths after completion 
of the shaking tests to obtain the densities of the sand 
specimen. 

Test Results 
Lateral loading test 

The test results in the static lateral loading tests 
shown in Fig. 5. indicated that the model pile exhibit 
linear elastic behavior without sand specimen. The 
curvatures of the pile were obtained from the 
measured strains on the pile at different depths.  

 
Fig. 5 Relationship of applied moment versus 
measured curvature at different depths of pile. 

 

 
Fig. p-y curves at different depths in the static lateral 

loading test. 
 

This study adopted nonlinear regression analysis to 
back-calculate the p-y curve of soil based on the test 
results. The bending moments along the length of the 
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pile at discrete points calculated by the measurements 
of strain gauges were fitted using a fourth order 
polynomial function. The boundary conditions were 
satisfied by using Lagrange multiplier to solve the 
undetermined coefficients of the fourth order 
polynomial function. Then, soil reaction (p) was 
derived by double differentiation and pile deflection 
(y) was obtained by double integration of the moment 
function. Figure 6 shows the p-y curves at various 
depths in the static loading test.  

Shaking table test 

In order to investigate the inertial effect of the 
superstructure on the model pile under earthquake 
shaking, a series of shaking table tests were conducted 
with various mass mounted on the model pile. Based 
on the test results, there are some remarks in the 
following: (1) the kinematic force from the soil 
motion dominates the pile response because of the 
small inertia force from the superstructure; (2) for 
large inertia force (e.g. 6 disks of mass on the pile top), 
the response of pile was mainly governed by the 
inertia force from the superstructure; (3) for the inertia 
force between the previous two conditions, pile 
response was contributed by inertia effect from the 
superstructure and kinematic effect from soil motion. 
Therefore, these observations suggest that the mass 
and inertia force induced by the superstructure may 
play an important role on the soil-pile interaction. 

According to the measurements of mini- 
piezometers in the sand specimen and accelerometers 
on the inner frames (Ueng et al., 2010), the sand 
specimen has fully liquefied under this 
one-dimensional sinusoidal shaking with frequency of 
4 Hz and amplitude of 0.15 g. The amplification curve 
of the aluminum pile top with 6 steel disks during the 
post-liquefaction period is shown in Figure 7. The 
predominant frequency of the model pile within 
liquefied soil is identified at around 2 Hz. It is about 
the same as that of the model pile without soil (2.07 
Hz). This clearly demonstrates the loss of soil 
constraint when liquefaction occurs. It appeared that 
the stiffness of the soil vanished when the specimen 
was fully liquefied. 
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Fig. 7 Amplification factor vs. frequency for 
aluminum pile with 6 steel disks after initial 

liquefaction (Dr = 68.6 %). 

Conclusions 
Lateral load tests and shaking table tests were 

conducted on a model pile in the biaxial laminar shear 
box with and without saturated sand specimen. The 
displacements, strains and accelerations at different 
depths of the model pile were measured. The dynamic 
behavior of the model pile and the pile-soil system were 
evaluated based on the test results. Further tests and 
analyses of the test data will be performed to understand 
the soil-pile interaction, such as the relationship of 
ground reaction on the pile, and pore water pressure 
generation versus pile displacements (p-y curve) and 
their coupling. Based on these results, aseismic design 
criteria for pile foundations in liquefiable soils can be 
established for engineering practices. 
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Abstract 
Based on the measurement structural vibration, this study aimed to propose a data 

processing scheme and define a vulnerability index for the reasonable assessment of the damage 
state of structural foundation. A series of lateral loading tests on pier specimens were performed 
by NCREE for the study of the rocking response of a spread foundation. During these tests, the 
ambient vibration measurements were made on the fixed-base and flexible-base specimens in 
intact and damaged states, respectively, to investigate the influences of the base condition and 
the structural damage on the vibration response of the pier. In addition, the field vibration 
measurement was made at the Wensui Bridge of Provincial Highway No. 3. The modal analysis 
was also performed to examine the effect of pier foundation exposure due to scouring on the 
vibration behavior of the superstructures. Accordingly, the feasibility of the damage evaluation 
for structural foundation based on vibration measurement was verified.  

Keywords: vibration measurement, damage evaluation, vulnerability index, foundation exposure 
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Introduction 
In Taiwan, several major highway bridge failures 

have occurred in recent years, leading to considerable 
casualties and property losses. Most of them were 
related to the exposure of the pier foundation due to 
scouring, which reduced the bearing capacity of 
foundation. These disasters can be prevented if the 
damage or insufficient capacity of the foundation can 
be detected in advance, and the repair and retrofit 
works, or restraint of use is timely executed. However, 
the pier foundation exposure can not be directly 
observed visually if the water table is above the 
foundation level. Although it is possible to inspect the 
exposure by using instruments installed on the 
foundation, the flow-induced loading and the impact 
of the flow carryovers may destroy the instruments. 

The structural vibration response of a soil-structure 
system shows the characteristics of the system itself, 
and reflects the boundary conditions as well. Hence, 
the measurement of structural vibration helps to 
inspect the damage of structural foundation. It is easy 
to perform and ensures the durability of sensors since 
they are not installed on the foundation. Moreover, the 

analysis methods are well-developed, and indices for 
damage evaluation were proposed and have been 
widely used. Therefore, the damage evaluation for the 
foundation using vibration measurement is worthy of 
development. Since the disaster mitigation of bridges 
has been an important issue, the focus of this study in 
the 1st year is on the bridge foundation. 

Applications of Vibration Measurement 
on Structural Damage Evaluation 

 The vibration characteristics of a structure, such 
as the natural frequency, the damping, and the modal 
shape, are related to the mass, the stiffness, and the 
integrity of itself. If the structure is damaged, the 
natural frequency will be lowered due to the decrease 
of the stiffness, the damping will be increased because 
of the growth of the cracks, and the modal shape will 
be changed because of the redistribution of stiffness. 
Consequently, if the variations of the structural 
vibration characteristics are examined experimentally, 
the structural damage can be thus detected, quantified, 
and located. The vibration measurement tests often 
used for the characterization of the structure include: 
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1. Ambient Vibration Measurement: The ambient 
vibration is randomly generated by man-made or 
natural disturbances in the environment and has a 
wide frequency content. If the input ambient 
vibration and the excited structural response are 
measured simultaneously, the transfer function can 
be deduced for system identification. For the case 
that the input motion is unavailable, it is possible to 
characterize the structure merely by its excited 
response based on the assumption that the ambient 
vibration can be regarded as the white noise.  

2. Forced Vibration Test: The artificial vibration 
sources such as moving vehicles, harmonic vibrator, 
and hammer are utilized to make the structure 
vibrate, helping to recognize the vibration 
characteristics of the structure under a larger strain 
level or for a specific vibration source.  

Methods adopted for the interpretation of 
structural vibration in this study are described as 
follows: 

1. Fast Fourier Transformation (FFT): Since it is not 
easy to recognize directly the frequency content of 
vibration in time domain, the vibration time history 
is usually transformed into frequency domain by 
spectrum analysis. The fast Fourier transformation 
(FFT) is an efficient algorithm to compute the 
discrete Fourier transform and is very common in 
practice. The Fourier spectrum obtained shows the 
frequency content of the vibration, and thus the 
structure can be characterized accordingly. 
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Fig. 1 Processing of averaged Fourier spectrum. 
 

2. Averaged Fourier Spectrum: When the long-term 
field vibration measurement is made, the vibration 
characteristics at different moments show a certain 
variance since the environment and the vibration 
source are not constant. To eliminate the dispersion, 
Samizo et al. (2007) used a concept that sections 
with a fixed duration are extracted from the overall 
record, and each section is partially overlapped with 
the next. The Fourier spectrum is calculated in each 

section, and accordingly the structural natural 
frequency is indentified. All the natural frequencies 
are averaged to obtain a representative one. Based 
on this idea, here an averaged Fourier Spectrum is 
deduced instead, as shown in Fig. 1. Thus, the 
structural characteristics are better described, while 
the time-dependent variance can still be reduced.  

When the vibration measurement is applied to the 
structural damage evaluation, characteristic system 
parameters are usually used to reveal the damage state. 
For the quantification of the structural damage, the 
variation of the natural frequency is often used. 
However, random errors might be produced in the 
measurement and influence the precision. The modal 
shape is usually adopted to locate the damage. If the 
natural frequency and the vibration amplitude are 
integrated into a concise index, it is not only easy to 
use, but also shows the damage state more effectively. 
Nakamura (1997) proposed the vulnerability indices 
based on microtremors for the ground, the viaduct, 
and the rigid block, which are positively correlated to 
the vibration amplitude and negatively correlated to 
the natural frequency. The one for the viaduct is more 
appropriate for the purpose of this study. 

If the viaduct is excited by the ground motion (see 
Fig. 2) so that the deck experiences an acceleration sg, 
then the moment at the lower end of each column 
caused by the quasi-static inertia force applied on the 
deck, M=m sgh/2. Considering the possible flexural 
failure at the lower column end, the vulnerability is 
related to the maximum strain at the column section: 
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where k=6EI/L3 is the lateral stiffness of the viaduct, 
mkfs /)2/1(  is the natural frequency in Hz of the 

viaduct, g is the ground surface acceleration, and As 
is the viaduct amplification factor at the frequency fs. 
Then Ksg is the viaduct vulnerability index, revealing 
the potential or the status of the flexural failure at the 
lower column end. It can also be used to estimate the 
foundation exposure and the degradation of supporting 
soil since they lower the rocking stiffness of the pier.  

Basement

b
m: mass

 (Nakamura, 1997)  
Fig. 2 Viaduct frame excited by ground motion  
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Ambient Vibration Measurement on RC 
Pier Specimens 

A series of lateral loading tests on scaled RC pier 
specimens were performed by NCREE to investigate 
the reduction of the ductility demand of the pier due to 
the rocking response of the foundation. The specimen 
is composed of a square footing, a column and a cap 
beam, as shown in Fig. 3(a). Two base conditions 
were introduced to clarify the foundation rocking 
behavior. One was the fixed base condition, in which 
the footing was anchored into the strong floor to keep 
it from rocking. The other was the flexible base 
condition, in which the footing was rested on a 
neoprene pad, simulating the foundation on stiff soil. 
During the test, the lateral load was applied to the top 
of the pier to simulate the seismic loading, as shown 
in Fig. 3(a). Fig. 3(b) and Fig. 3(c) show the flexural 
failure state at the lower end of column for the fixed 
and flexible base conditions. The former was more 
severely damaged, which indicates that the rocking of 
the foundation decreases the plastic deformation of 
piers subjected to lateral loads.   

During the tests, ambient vibration measurements 
were made on fixed-base and flexible-base specimens 
prior and posterior to the tests, that is, in an intact state 
and in a damaged state. The effects of the base 
condition as well as the structural damage of the pier 
on its vibration characteristics, such as the natural 
frequency and the corresponding amplification factor, 
were investigated. Velocity sensors were attached on 
the cap beam and on the strong floor, and the ambient 
vibrations were synchronously recorded for 20 mins. 
Since the flexural failure developed mainly along the 
load direction, only the vibration in the horizontal 
longitudinal (HL) direction is discussed here. 

For a better characterization of the structure, the 
averaged transfer function of the vibration at the cap 
beam to that at the floor was deduced by the 
“averaging” processing scheme for each case, as 
shown in Fig. 4. For the fixed base condition, the 
natural frequency is 5.00 Hz with an amplification 
factor of 105.3 in the intact state; while in the 
damaged state, the natural frequency is 2.20 Hz, 56 % 
dropped because of the stiffness reduction caused by 
the damage, and the amplification factor is lowered to 
81.2 probably due to the damping from the cracks. As 
for the flexible condition, the natural frequency is 3.58 
Hz and the amplification factor is 28.7 in the intact 
state, both smaller than in the fixed base condition 
because of the stiffness reduction and the additional 
damping from the neoprene pad. In the damaged state, 
the natural frequency is 2.42 Hz, 32.5% dropped, and 
the amplification factor is lowered to 35.2.  

It is noticed that the flexural failure of the column 
reduced the stiffness of the pier, thereby causing the 
drop of its natural frequency. When the damage is 
more severe, the drop is more significant. Therefore, 
the variation of the natural frequency reflects the 

damage level of the pier. As for the amplification 
factor, it was raised by the stiffness reduction due to 
damage yet was lowered by the damping from the 
cracks. Therefore, the amplification factor increased 
when the damage is minimal and decreased when the 
damage is severe. In addition, the system stiffness in 
the flexible base condition was lower than in the fixed 
base one, and thus the natural frequency was lowered, 
while the amplification factor was decreased due to 
the damping from the neoprene pad. These can be 
regarded as the possible influences on the vibration of 
the pier caused by the foundation stiffness reduction 
due to the exposure or the supporting soil degradation. 

Since the pier size remained the same, Eq. (1) can 
be simplified into Ksg= As / fs

2. Then, the vulnerability 
index was calculated for each case: for the fixed base 
and intact state, Ksg=4.21; for the fixed base and 
damaged state, Ksg=16.77; for the flexible base and 
intact state, Ksg=2.24; and, for the flexible base and 
damaged state, Ksg=6.02. The vulnerability indices in 
the damaged state were higher than in the intact state 
in both base conditions, and the increment was larger 
in the fixed base condition since the failure was more 
severe. Thus, the vulnerability index is verified to give 
a reasonable estimation of the structural damage level.  

 
Fig.3 (a) Pier specimen and damage state for: (b) the 

fixed base and (c) the flexible base conditions. 
  

0.0

20.0

40.0

60.0

80.0

100.0

0 1 2 3 4 5 6 7 8 9 10
Frequency, f  (Hz)

Tr
an

sf
er

 F
un

ct
io

n,
 T

(f
) Fixed Base- Intact

Fixed Base- Damaged
Flexible Base- Intact
Flexible Base- Damaged

 
Fig.4 Transfer function of vibration for each case. 

Field Vibration Measurement of Bridge 
The Wensui Bridge of Provincial Highway No. 3 

had suffered the exposure of the caisson foundations 
of the piers due to scouring, and the reconstruction of 
foundations using the pile group to replace the caisson 
was started in late 2008 and has been finished in late 
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2009. During the reconstruction, the riverbed level 
beside the pier P3 was lowered for the work space, 
making the caisson exposed for 5.5~7m (see Fig. 5). 
In order to investigate the vibration characteristics of 
the bridge superstructures at different levels of 
foundation exposure, vibration measurements were 
made at the pier P3 with severe foundation exposure 
and the neighboring pier P2 with slight foundation 
exposure, which had been reinforced by gabions. The 
sensors were deployed on the deck beside the 
expansion joint at P2 and P3 respectively, and the 
vibrations in the horizontal longitudinal (HL) direction 
and in the horizontal transverse (HT) direction at both 
piers induced by normal traffic flow were 
synchronously and continuously recorded for 20 mins. 

Fig. 6 shows the average Fourier spectrum of the 
vibrations at P2 and P3. For the HL direction, the 
spectral curves of P2 and P3 are similar, with a main 
peak at the frequency of about 3.5 Hz. It might be the 
constraint in the HL direction provided by the deck 
and girders that makes the vibration characteristics of 
the two piers close to each other. Therefore, the 
vibration in HL direction is not able to reflect the 
exposure of foundation effectively. As for the HT 
direction, the averaged Fourier spectrum of P2 has 
two peaks, located at 1.7 Hz and 2.1 Hz, respectively; 
while only a major peak at 1.7 Hz shows for P3, with 
larger amplitude than the peak at 1.7 Hz for P2.  

For a clearer interpretation of the peaks in these 
average Fourier spectra, the model of the unit P2-P3 
of the Wensui Bridge was generated using the SAP 
2000 software for the modal analysis. The soil was 
modeled by spring elements, and the foundation 
exposure was simulated by removing the soil springs. 
The modal shapes obtained are given in Fig. 7. The 1st 
mode is the in-phase coupled HT translation-rocking 
responses of P2 and P3 with a fundamental frequency 
of 1.72 Hz, in which the modal displacement of P3 is 
larger. The 2nd mode is the out-of-phase coupled HT 
translation-rocking responses of P2 and P3 with a 
fundamental frequency of 2.09 Hz, in which the modal 
displacement of P2 is larger. Thus, regarding the 
peaks in the average Fourier spectra, the one at 2.1 Hz 
in the spectrum of P2 characterizes the structural 
behavior P2, while the one at 1.7 Hz in both the 
spectra of P2 and P3 characterizes P3. Since the 
severe foundation exposure of P3 reduced its lateral 
stiffness, the lower predominant frequency and the 
larger amplitude of the vibration of P3 were exhibited, 
which even influenced the vibration behavior of P2. 

Moreover, the vulnerability indices for P2 and P3 
were calculated using Eq.(1). Since the measurements 
were synchronously performed at the two piers, the As 
in Eq.(1) was substituted with the peak amplitude of 
Fourier spectrum, and for P2 the peak at 2.1 Hz was 
adopted. The vulnerability index of P2 is 1.42×10-5, 
and of P3 is 4.37×10-5, apparently higher than P2. This 
vulnerability index is thus proved to reasonably reflect 
the exposure of pier foundation in practice. 

P2
P3

 
Fig. 5 The foundation exposure of Wensui Bridge. 
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Fig. 6 Averaged Fourier spectrum of the vibrations at 

P2 and P3 of Wensui Bridge. 
 

 
Fig. 7 Modal shapes of Wensui Bridge unit model. 
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Investigation of the Effective Damping Ratio Considering 
Soil-Structure Interaction ( ) 
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Abstract 
To incorporate the effects of soil-structure interaction (SSI) into the structural design, 

the most important issue is to quantify the effects of SSI for a soil-structure system. For 
design purpose, it is well recognized that the natural frequency and associated damping 
ratio are the key parameters for structural analysis. The natural frequency and associated 
damping ratio of the Equivalent Fixed-Base (EFB) model constructed can be calculated 
through explicit equations, and can represent the dynamic characteristics of the original 
soil-structure system. In this study, the EFB model of a multi-degree-of freedom (MDOF) 
structure considering the SSI effects is proposed with the concept of conventional modal 
analysis and used to evaluate the maximum seismic responses of MDOF structure and 
foundation system with response spectrum method.     

Keywords: soil-structure interaction, foundation impedance, equivalent fixed-base model, seismic 
regulation 
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Introduction 
To incorporate the effects of SSI into the structural 

design, the most important issue is to quantify the 
effects of SSI for a soil-structure system. For design 
purpose, it is well recognized that the predominant 
frequency and associated damping ratio are the key 
parameters for structural analysis. The former is used 
to locate where the maximum response will be, and 
the latter controls the magnitude of maximum 
response. Based on such understanding, this study 
aimed at quantifying the effects of SSI on a 
soil-structure system. Since the phenomenon of SSI is 
very complex for a general structure with large 
number of degree-of-freedom, this study used a simple 
structure founded on elastic half-space as the 
fundamental model to deduce how the predominant 
frequency and associated damping ratio were affected 
by the effects of SSI. Once these two parameters were 
quantified for a soil-structure system, an Equivalent 
Fixed-Base (EFB) model, which had taken the effects 
of SSI into account, can be constructed. This 
equivalent model is actually a rigid-base model that 
can be conveniently applied in a conventional 

structural analysis for engineering design. 

SSI Analysis Model of an MODF 
Structure  

The typical model usually used in describing the 
effects of soil-structure interaction is a lumped MDOF 
elastic structure with N storeys supported on elastic 
half-space. The structure is characterized by the mass 
mi and mass moment of inertia Ji for the ith floor, the 
mass m0 and mass moment of inertia J0 of the 
foundation, the lateral stiffness ki, and the proportional 
damping coefficient ci. The height of the ith floor is 
denoted by hi. For simple case, it is assumed that the 
foundation is rigid and perfectly bonded to the 
underlying soils. When the system is subjected to 
earthquake excitations, denoted by ground 
acceleration gx , the response of the system can be 
depicted as shown in Fig. 1. This system is N+2 
DOF’s  one horizontal displacement (relative to the 
foundation) for each floor, ( )ix t , where i = 1 ~ N；the 
horizontal translation of the foundation, ( )Ix t ；and 
the rotation of the system, ( )t . Therefore, the 
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displacement relative to the ground for each floor, 
, ( )f ix t , can be expressed as 

, ( ) ( ) ( ) ( )f i i I ix t x t x t h t              (1)  

1 1,m J

c1k

0 0,m J

1h

( )gx t

c

c

ih

Nh ,i im J

,N Nm J

ix

Nx

1x

ik

Nk

2k

Ix

Nh

ih

1h

M

V

 
Fig. 1 Simplified model for SSI analysis with 

MDOF structure system 
 

Considering the dynamic equilibrium of the 
structural inertia forces, the horizontal forces and the 
overturning moments for whole system, the motion 
equations of this system in frequency domain can be 
written as follows: 

k I gX XmX + cX + kX + m1 + mh = -m1    (2a) 

( )T
T I T VV I T gm X d K i X m X1 mX + + + = -   (2b)                 

( )T
T I T MM T gd X I K i d Xh mX + + + = -     (2c) 

where x ( )i iX  is the column vector of  
structural displacements relative to foundation, 

1 ...... Nh h Th  is the column vector of 
foundation-to-storey heights, m  is the mass matrix 
of structure, c  is the viscous damping matrix of 
structure, k  is the stiffness matrix of structure, 

0Tm m T1 m1  is the total mass of structure and 

foundation, 
0

n

T i
i

J J  is the sum of centroidal 

moments of inertia of structure and foundation, 
Td Th m1 , and T TI J Th mh  is the total 

moment of inertia of structure and foundation with 
respect to the central axis of the foundation. ( )VVK i   
and ( )MMK i  are the translational and the rocking 
impedances of foundation, respectively. The 
impedance functions depend on the configuration of 
foundation and the dynamic properties of the 

foundation soils. For some typical foundations, the 
published impedance functions can be applied directly. 
It must be noted that those foundation impedances are 
frequency-dependent and complex-valued due to the 
radiation damping of wave motions in the 
semi-infinite half-space. 

To derive the overall displacement for each 
floor directly, the column vector of ( )ifX  can be 
substituted for the structural displacements vector, 

x ( )i iX . Herein, ( )ifX  is the Fourier 

transforms of the time function ,x ( )f f ix t . So, 
the original motion equations (2a) ~ (2c) can be 
rewritten in matrix formation:  

I T g

T

X m X
d

fX m1
A      (3a) 

2 * * *

2 2
0

2 2

0
0

T
VV

T
T MM

m K
J K

- m + k k 1 k h
A - 1 m -

- h m -
 (3b)   

Equation (3) above is the control function of an 
MDOF structure and soil interaction system, and the 
dimension of matrix A is ( 2) ( 2)N N . However, 
solving the 2N  coupled equations at each 
particular frequency requires intensive computation 
and may make this direct method infeasible for 
large-order models. In this study, an efficient 
methodology applying modal analysis is presented to 
uncouple the equations.  

Based on the concept of classical modal analysis, 
the total displacement amplitude of each floor in the 
frequency domain, fX , can be expressed in the terms 
of the mode shapes as follows:  

IXf fX Y +1 h Y      (4a) 

1 1
IXfY Y + 1 h     (4b) 

where  is the matrix consisting of mass 
normalized mode shapes of the fixed-base MDOF 
structure and satisfies the orthogonality for the mass 
matrix m , the damping matrix c , and the stiffness 
matrix k  of MDOF structure. ,Yf jfY  is the 
column vector of total displacement amplitude for 
each floor relative to the modes of MDOF structure 
and ,Yf j  is the total displacement amplitude of jth 
mode.  

Diminishing the DOF’s of equation (3) from 
2N  to N  by substituting equations (2b), (2c) 

into equation (3) and applying the orthogonality 
conditions, equation (3), when pre-multiplied by 

T , becomes the simplified and decoupled 
formation of modal analysis method in structural 
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dynamic analysis.  
2*

, ,j SSI j j j gj
F Xf fY + Y =    (5a) 

2

2

2 2

1

1 11

j j

j j j
SSI j

j

j j j j j j

a

a S
F

a

a S b R

+

+ +

  (5b) 

where 
2* 2 1 2j j j ji , j  is the jth mode 

frequency of MDOF structure, j  is the viscous 
damping ratio of jth mode, j j  is frequency 

ratio of jth mode, 
2* 2

j MM j jR K  is the 
normalized impedance coefficient of rocking,  

2* 2
j VV j jS K  is the normalized impedance 

coefficient of translation, 2
0j ja m , and 

2
j T jb J . j  and j are the participation 

factors of mass and moment of jth mode, respectively. 

Now, equation (5) has been transformed into the 
decoupled equation in terms of the relative 
displacement as a result of modal analysis for MDOF 
structure of fixed-base model, but with a modified 
complex-valued function, SSI jF . The formulation of 

SSI jF  for MDOF structure-and-soil system is 

similar to the SSIF  of simple model with SDOF 
structure in previous research. In this, the application 
of the analysis procedure combined with the concept 
of modal analysis for the SSI analysis of MDOF 
structure is elucidated.     

MODF Equivalent Fixed-base Model  
Like the EFB model of SDOF structure-and-soil 

system in previous research, the original SSI system 
can be replaced by a MDOF equivalent fixed-base 
model (MDOF EFB model) with the dynamic 
characteristics for each mode, such as the natural 
frequency, I j

, and the equivalent damping ratio, 

I j
,  in which the equation (5) can be rewritten as 

2
, ,1 2f j I I I f j j gj jj

Y i Y X+ =      (6) 

where I j
 is the predominant frequency of the 

MDOF EFB model of jth mode, I Ij j
 is 

the frequency ratio of jth mode, and I j
 is the 

equivalent damping ratio of jth mode. 

From equations (5) and (6), the modification factor 
 for jth predominant frequency of the SSI system 

compared to the same structure founded on a 
fixed-base can be determined by 

2 [ ]j I j SSI REj j
F            (7) 

where [ ]SSI REjF  represents the real part of 

SSI jF  and the structure damping is neglected. For 

dimensionless frequency 0 0 sa r C  less than 1, the 
values of VVk  and MMk  can be regarded as 
frequency independent and be replaced by averaged 
values VVk  and MMk .  

Under such circumstance, equation (7) can be 
simulated by a hyperbolic function of 2

0 j jGr M  

and be represented by  
2

02
12

0 0( )

j j
j

j j j

Gr M

Gr M E
           (8a) 

12
1, 1,

0 2
0

j j j

j VV MM

a b H
E

k k r
            (8b) 

where 2 2 2
j j jH , 0( ) jE  is the initial slope 

the hyperbola and a function of the configuration of 
the structure and the foundation.  

Another important issue is to calculate the 
damping ratio of the equivalent fixed-base model. In 
the current study, it is suggested to choose the 
damping ratio corresponding to each predominant 
frequency I j

 and regarded as a 

frequency-independent damping ratio of the system. It 
will be called the equivalent damping ratio I j

 of 

MDOF EFB model.   

2
1 [ ]

2I j j SSI IMjj
j

F           (9) 

Response Spectra Method for an SSI 
System 

Based on the modal motion equation of MDOF 
EFB model above, the spectral acceleration value, 

(( ) , ( ) )aD I j I jS , can be determined by the 
parameters of the predominant frequency and the 
equivalent damping ratio of SSI system for each mode.  
So, for jth mode, the maximum roof displacement of 
MDOF structure considering SSI effects, 

,max

i

f j
x ,  

can be represented by 

2,max
,

i j
f ij aD I Ijj j

j I j

x S
M

    (10) 
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According to the balance of inertial forces from 
Eq (3a), the maximum elastic force of the ith floor of 
jth mode, 

,max

i

f j
x  , can be determined from 

 ,max ,i j
S i ij aD I Ij j j

j

f m S
M

    (11) 

and the sum of elastic forces of each floor is the 
maximum base shear force of jth mode, max

jV , and can 
be computed as follows: 

2

max ,jj
aD I Ij j

j

V S
M

      (12) 

where 2
j jM  is the effective modal mass of jth 

mode. The sum of maximum over-turning moments 
for each floor up to the foundation is the maximum 
base moment of jth mode, 0 ,maxjM , can be 

determined as  

0 ,max ,j j
aD I Ij j j

j

M S
M

    (13) 

Finally, for the seismic design, the maximum 
values of the inertial forces and displacements of 
structural members can be computed with the 
superposition of each modal response by SRSS 
(Square Root of the Sum of the Squares) method or 
CQC (Complete Quadratic Combination) method. 

Case Study 
In this study, a structural system with ten 

storeys shear-type building was used in the 
numerical case study to investigate the difference of 
analysis result between EFB model and conventional 
fixed-base model. This structure, as shown in Fig. 2, 
is a ten-storey shear-type building resting on a rigid, 
circular foundation at the surface of a homogeneous 
site located in Seismic Zone 1 of Taipei basin. The 
soil shear wave velocity of the site is 100 m/s. The 
impedance function for the surface-circular type 
foundation proposed by Velectsos and Wei (1971) 
was applied in this analysis. Based from the results 
of MDOF EFB analysis, the first predominant 
frequency of EFB system was 1.8 Hz lower than the 
first modal frequency of MDOF structure (2.225 Hz) 
and the equivalent damping ratio was 5.3 % slightly 
higher than the structural damping ratio; the second 
predominant frequency of EFB system was reduced 
from 6.626 Hz (the second modal frequency of this 
structure) to 6 Hz and the equivalent damping ratio 
was 7.8 %. These evidences suggest that the dynamic 
parameters of soil-foundation and structure system 
are different from the original structural properties of 
the MDOF structure and further indicate how the 
seismic responses be affected by SSI.  

The spectra acceleration values corresponded to 
the first and second predominant frequency of EFB 
model, (( ) , ( ) )aD I j I jS , had been computed from the 
design spectrum of Taipei basin Zone 1 (as shown in 
Fig. 3). Therefore, the maximum base shear force and 
base moment were determined by the superposition 
of the responses of first two modes by SRSS method. 
From the results, the maximum base shear force was 
39969 kN; and the maximum base moment was 
934597.5 kN-m for EFB model considering the SSI 
effects. Also, the maximum base shear force and 
base moment for conventional fixed base analysis 
without the contribution of SSI were 40810.7 kN and 
953401.4 kN-m, respectively.   

1 2.225Hz 2 6.626Hz mi 8×103 ton  

ki 7×107 kN m

hi  3.5 x i m  

Ji 7×104 2ton m

Structure 

 0.05  

r0 6 m  

m0 1.6×104 ton  Foundation 

j0 1.4×105 2ton m

 1.9 3ton m

 0.33  Ground 

Cs (G3) 100 secm  
Fig. 2 MDOF structure model and the dynamic 

parameters for analysis  
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Fig. 3 The spectra acceleration values of the roof 

for EFB model and fixed base model.   

Conclusion 
The Equivalent Fixed-Base (EFB) model for the 

general MDOF structure and the SSI response spectra 
method proposed in this study were used to 
characterize completely the effects of soil-structure 
interaction. This equivalent model is actually a 
rigid-base model that can be applied conveniently in a 
conventional structural analysis for engineering 
applications and seismic design.  
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Abstract 
The “NEES-SR SG International Hybrid Simulation of Tomorrow’s Braced Frames” is an international 

collaborative research among NCREE, University of Washington (UW), University of California, Berkeley 
(UCB) and University of Minnesota (UM). In this project, two large-scale braced frames have been 
constructed and tested at NCREE. In this paper, the test specimen is a single bay three-storey concentrically 
braced steel frame (CBF), where braces were arranged in a multi-story cross-brace configuration. A500 steel 
tubular braces were used for the first 3-story CBF specimen. After the first test, the specimen did not have any 
significant fracture except those at the six braces. Thus, six new gussets and A36 steel H-shape braces were 
installed to replace the damaged tubular braces. Large out-of-plane displacement and local buckling of braces 
were observed in both tests. There were no any severe fracture found on beams and columns of the frame. 
Further this paper introduces the specimen and elucidates preliminary test results. 

Keywords: Concentrically braced frame, gusset plate, flexural buckling, local buckling. 
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Special concentrically braced frame (SCBF) has 
been a rather common lateral force resisting system 
for buildings. SCBFs develop cyclic inelastic 
deformations through axial yielding and post 
buckling deformations of the brace. Braces are 
normally connected to the beams and columns in the 
braced frame through gusset plate connections. The 
SCBF gusset plate connections must resist the full 
tensile and compressive capacities of the brace 
during significant cyclic loading, and sustain large 
inelastic out-of-plane deformations when the brace 
buckles. To resist the expected yield capacity of the 
brace, current AISC seismic design provisions (AISC, 
2005) for SCBFs require that the gusset plate should 
be stronger than the brace. Thus, the geometric limit 

of “2t” requirement (illustrated in Fig. 1a) is used to 
assure that gusset plate will permit plastic rotations 
for brace out-of-plane buckling. In order to improve 
the performance of the gusset plate connections, the 
research team at the University of Washington 
proposed another gusset plate clearance requirement 
(Lehman et al, 2008). The proposed clearance 
requirement uses an elliptical line to define the “8t” 
clearance instead of the “2t” linear clearance as 
shown in Fig. 1b. These two different gusset plate 
design methods were used in the previous 2-story 
SCBF specimens. Their performance were compared 
and presented in the reference paper (Lin et al., 
2009). Only the elliptical 8t gusset plate requirement 
was used in this study. 
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        (a)                 (b) 

Fig. 1 Clearance requirements of gusset plates 
(a) Current AISC 2t requirements 

(b) The UW proposed 8t requirements 

Experimental Program  
The test specimen is a single bay, three-story 

X-bracing concentrically braced frame (Fig. 2a). It 
consists three beams (Top: W24x94, Lowers: 
W21x68) and two columns (W12x106). The column 
center-to-center spacing is 6000 mm, the height of 
first story is 2,928 mm and the height of second and 
third stories is 3190mm. All beams and columns 
material are A992 steel. Six steel braces were 
installed on the specimen, arranged in a two-story 
X-shape and an inverted V configuration. A500 
grade steel tubes (HSS125x125x9) were used as 
braces in the Phase I test, while A36 grade steel 
wide-flange braces (H175x175x7.5x11) were used in 
the Phase II test. The width of concrete slab is 2160 
mm and thickness of 200mm (125mm thick concrete 
over 75mm deep metal deck) for each floor. The 
thickness of all gusset plates is 10mm. In order to 
minimize the out-of-plane displacement of the 
three-story frame, a three-dimensinoal lateral 
supporting frame was built around the specimen (Fig. 
2b).  

 
(a) Frame elevation  

 

 
(b) Experimental setup 

Fig. 2 Setup of Specimen WF 

Only the in-plane displacements of the frame 
were imposed in the test. The lateral loads were 
applied specifically to the center of the roof floor 
slab. Four MTS 100-ton actuators were attached to a 
transfer beam, which was connected to two edge 
beams (H200x200x8x12) at the two longitudinal 
sides of the concrete slab. The actuators extending 
out which push the SCBF toward the north are 
positive displacements and forces. The loading 
protocol adopted was based on ATC-24 and SAC 
recommendations (Fig. 3). 
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Fig. 3 Loading protocol and the instances of the first 

fracture occurred in these two tests 

Instrumentation Plan 
In order to observe and record the responses of the 

test specimen during the cyclic loading tests, two 
kinds of instrumentations were implemented as 
follows: 

1) Strain gauges: The strain gauges were setup on 
beams, columns and braces, and some strain 
gauges were also located inside the concrete slabs. 
These concrete strain gauges should be installed 
before the concrete slabs were completed. 

2) Displacement transducers (LVDTs, dial gauges, 

S             N 
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string pots and Temposonics): There were about 
90 displacement measuring devices used in the 
test. The braces were expected to have large 
out-of-plane displacement, thus, a great number 
of string pots were adopted in this test to measure 
the out-of-plane displacement of braces. Six 
temposonics were installed to measure each 
storey’s displacement (two in each floor). The 
displacement value measured by temposonics in 
the top floor served as a basis in controlling the 
actuators. To monitor the responses of specimen 
and boundary elements, dial gauges and LVDTs 
were placed around the three-storey 
concentrically braced frame. Some photos of the 
instrumentation are in Figs. 4 to 7. 

 
Fig. 4 Middle gusset instrumentation (string pots) 

 
Fig. 5 Measuring out-of-plane displacement  

in lower gusset (LVDT)  

  
Fig. 6a                  Fig.6b 

Fig. 6a Measuring out-of-plane displacement in 
middle span of brace (string pot)  

Fig. 6b Measuring story’s displacement (temposonics) 

Test Results 
The tests exhibited the expected behavior of 

brace buckling and achieved a substantial total roof 
drift greater than +/-1.5% radians. Brace fractures 
were the primary mode of failure. Figure 3 pointed 
out the arrivals of the first fracture that occurred in 
the two tests. Figure 7 shows the comparison of the 
lateral force versus deformation relationships 
between the two tests. The HSS frame reached a roof 
drift capacity of -1.67% to 1.67% rad. (total range of 
3.34% rad.) and peak 1st story drift of -1.94% to 
1.86% rad. (range of 3.8% rad.), peak 2nd story drift 
of -2.14% to 2.06% rad. (range of 4.2% rad.), and 
peak 3rd story drift of -1.04% to 1.06% rad. (range 
of 2.1% rad.). The WF frame reached a roof drift 
capacity of -1.99% to 2.31% rad. (total range of 
4.3% rad.) and peak 1st story drift of -2.14% to 
2.31% rad. (range of 4.45% rad.), peak 2nd story 
drift of -2.51% to 3.03% rad. (range of 5.54% rad.) 
and peak 3rd story drift of -1.35% to 1.59% rad. 
(range of 2.94% rad.). The third story has the 
smallest peak story drift due to the heavy roof beam. 
In addition, the beam-column connections in the 
upper two floors were moment connections, but in 
the second floor were simple connections.  
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Fig. 7 Base shear versus story drift relationships  

Figure 8 compares each brace out-of-plane (OOP) 
displacement versus inter-story drift relationships for 
both tests. The maximum OOP displacement in HSS 
test is about 350 mm for the braces in 1st and 2nd 
story before it fractured. In WF test, the maximum 
OOP displacement is about 390 mm before it 
fractured. The maximum 3rd story brace OOP 
displacement is 250 mm for WF test and 225 mm for 
HSS test, respectively. Fig. 9a and 9b show the brace 
buckling shape before fracture occurred. Fig 10a and 
10b are the typical local buckling shapes of the HSS 
and WF braces. The first tension brace fractures in 
two tests are shown in Figs. 10c and 10d. 
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(c) Third story 
Fig. 8 Brace out-of-plane displacement versus 

inter-story drift relationships 

 
(a) HSS at 1.67% (b) WF at 2.32% 

Fig. 9 Out-of-plane displacement comparison: 

(a) HSS at -1.67 % (b)WF at +2.32% 
  

(c) HSS at +1.67% (d) WF at -2.32% 
Fig. 10 Local buckling and fracture of the braces 

Summary and Conclusions  
Test results show that the energy-dissipation 

performance of the three SCBF specimens using the 
multi-story X-bracing configuration is satisfactory. 
No any significant strength or stiffness degradation 
was found before fracture occurred in the braces 
during the tests. The occurrence of the severe 
out-of–plane deformation of the braces and gussets 
did not reduce the strength performance of the SCBF 
systems using the X-brace configuration. This is 
because the tension braces developed its full strength 
in a timely manner. The total drift capacity for two 
tests is 3.34% (HSS) and 4.3% (WF), respectively. 
This suggests that the ductility of SCBF specimen 
using the wide-flange braces is better than specimen 
using tubular braces. 
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Abstract 
An active fault micro-earthquake monitoring network for the three Science parks of Taiwan was set up using 

dense broadband seismometers. Micro-earthquakes and anomalous seismicity could be observed as well as 
active faults and source parameters, which are important materials for numerical simulations and analysis of 
earthquake potential that will to be established. In the latter half of 2008, the micro-earthquake monitoring 
network of the Central Taiwan Science Park (CTSP) was set up to integrate three networks into an integrated 
network. There were a total of 47 stations in this network in monitoring active faults from Hsinchu to Tainan 
County in the western Taiwan. The earthquake data processing and position were done using the programs 
developed by the authors. There was no seismicity under the Hsinchu Science Park (HSP) and Hsinchu City. 
Most earthquakes occurred in the Sanyi-Puli seismic zone and in the eastern or southeastern side of active faults 
at the Western Foothills. In the Southern Taiwan Science Park (STSP) area, the epicenters in this region are 
more dispersed. The earthquakes were observed in all regions between the Western Foothills and the coastal area. 
The central part of the network near the CTSP is relatively a quiet area of seismicity for the other area. 

Keywords: Science Park, earthquake monitoring, active fault, earthquake location 

 

                                                           
1 Associate Research Fellow, National Center for Research on Earthquake Engineering, 

tmchang@ncree.org.tw 
2 Assistant Research Fellow, National Center for Research on Earthquake Engineering, hhhsieh@ncree.org.tw 
3 Associate Research Fellow, National Center for Research on Earthquake Engineering, cmlin@ncree.org.tw, 

chkuo@ncree.org.tw 
4 Professor, Dep. of Earth Science, National Central University and Division Manager, National Center for 

Research on Earthquake Engineering, wenkl@s319m.gep.ncu.edu.tw 

Introduction 
The focus of this project is on the three Science 

parks, which are the major economic resources of 
Taiwan. These Science parks are all located near the 
active faults of first category due to the tectonics of 
Taiwan. And the high seismicity of the area poses a 
great danger to the factories and equipments inside the 
parks. This project established a monitoring network 
for the active faults using dense broadband 
seismometers. Micro-earthquakes and anomalous 
seismicity could be observed as well as fault activities 
and source parameters, which are relevant materials in 
numerical simulations and analyses of earthquake 
potential that will to be established. 

This project is part of a series of studies being 

guided by the National Center for Research on 
Earthquake Engineering (NCREE) regarding the 
highly-technological Science parks of Taiwan to 
determine active parameters of faults, numerical 
simulations of ground motions, site effect, earthquake 
early warning, etc. The results will be integrated to for 
the future review of seismic design, hazard analysis, 
and earthquake potential. The analysis of 
micro-tremor site characteristics, installations of two 
soil-gas earthquake monitoring stations for the 
Hsincheng and Hsinhua Fault, construction of the 
Geologic Surveyed Database of TSMIP stations, and 
the techniques of earthquake hazard and potential 
analysis were already established. For the 
micro-earthquake monitoring of the active faults, 15 
broadband seismometers were installed throughout 
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Hsinchu, Mouli and other vicinities for the Hsinchu 
Science Park (HSP) since 2005. And 11 broadband 
seismometers were further installed throughout Tainan, 
Chiayi, and Kaohsiung County for the Southern 
Taiwan Science Park (STSP) since 2006. In the latter 
half of 2008, the micro-earthquake monitoring 
network of the Central Taiwan Science Park (CTSP) 
was set up to integrate these three networks into an 
integrated active fault monitoring network of the 
Western Taiwan. 

Micro-Earthquake Monitoring Network 
Data quality of the observed micro-earthquakes 

depends on the location and installation of 
seismometers. The station should be installed in a 
secluded place to increase the signal-to-noise ratio. 
Therefore, the station locations were all chosen with 
caution, measured the background noise beforehand if 
necessary, and continues to take notice of the variation 
of background noise to ensure the data quality. 

A standard operating procedure was created in 
installing a broadband station which depends on the 
tests and experiences in years. The quality of the 
incident seismic waves could increase by setting a 
cement foundation on the bottom of a bucket and 
several long nails to fix the bucket on the bottom of a 
hole. Otherwise, the lateral of the bucket, in which a 
seismometer is placed, should avoid touching the 
surrounding soils of the hole to decrease the surface 
noise. The moisture-proof and heat insulation are good 
help to keep a stable monitoring operation. 
High-sensitivity broadband seismometers were used in 
the project. The sampling rate is 100 points per second 
and the recording is continuously done to avoid losing 
any micro-earthquake. A set of solar energy 
equipment and a GPS antenna were installed at each 
station to supply the electricity and correct the internal 
clock of the seismometer. 

The coding of the stations was done according to 
the seismometers types (the first letter, B indicates the 
broadband type), the districts (the second letter), the 
geology or topography (the third letter), and the 
location (the fourth letter). This kind of station coding 
is beneficial to identify, change or make extension of 
the network in the future. 

In order to cover all active faults near the Science 
parks and integrate all networks, 21 broadband 
seismographs were installed to cover Taichung, 
Changhua, Nantou, Yunlin, and Chiayi County. Figure 
1 shows the map of the whole micro-earthquake 
monitoring network. The purple circles are the new 
stations for the CTSP. There are total of 47 stations of 
the network in monitoring active faults from Hsinchu 
to Tainan in the western Taiwan. 

 
Fig. 1 The map of the micro-earthquake monitoring 

network 

Earthquake Data Processes 
The data size of the monitoring network is about 5 

GB per day. The traditional earthquake auto-location 
methods are inadequate for the observed earthquakes 
due to small magnitudes, thus data processing 
program for the monitoring network was developed 
also in this project (Chang, 2009). In the processing, 
the daily recordings were converted to the SAC 
formation. Then the P- and S-wave arrival times were 
distinguished and marked by different quality symbols 
for every cutting event. The above two steps must be 
done manually. Consequently, the earthquakes could 
be located. This scheme was illustrated in Fig. 2. 
Because the seismometers are highly sensitive, the 
HHT (Hilbert-Huang Transform) of EMD (Empirical 
Mode Decomposition) were also combined in the 
program to remove the long-period background noise 
such as those brought by winds or tides (Fig. 3). 

The program HYPO 71 (Lee and Lahr, 1972) was 
implemented to estimate the occurrence time, 
epicenter location, focal depth and magnitudes for 
each earthquake using the arrival times of P- and 
S-waves. The velocity model of earthquake location is 
the same as that of CWB (Central Weather Bureau). 
The ML is inadequate for our micro-earthquake 
network due to the high-frequency waveform and 
small magnitude that the Md was estimated based on 
the epicentral distance and duration time of each 
station. 
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Fig. 2 Procedures of the earthquake data processing 

system developed 

 
Fig. 3 The process of EMD for a waveform 

Micro-earthquake Location 
After the setup of the micro-earthquake monitoring 

network in CTSP on December 2008, the three 
networks of Science parks were integrated into one 
big network. The seismic data of the 47 stations were 
then analyzed together. Before the integration, the 
data of HSP and STSP networks were analyzed. The 
result of earthquake location for original HSP, old 
STSP and integrated networks are presented and 
discussed in this section. 

A total of 6,288 earthquakes were located by the 
HSP network from 2006/1/22 to 2008/11/9. The 
magnitudes Md were between 0 and 3. The distribution 
of epicenters is shown in Fig. 4. Earthquakes mostly 
occurred near the surface between the depth of 0 and 
10 km. A small number of earthquakes occurred 
between the depth of 10 and 20 km. the depths of 
earthquakes did not show any relation to the faults. 
The earthquakes deeper than 20km are few in the 
range of HSP network, but they occurred in the east of 
the network, in Xueshan and in Central Mountain 
Range. Because these deeper earthquakes are outside 
the network, the reliability of the position is lower. 
There was no seismicity under the HSP and Hsinchu 
City. Most earthquakes occurred in the eastern or 
southeastern side of active faults in the Western 
Foothills. There are three groups, namely: the northern 

group, which includes two sub-groups in the 
south-southeastern side of the Tapingti Fault; the 
central group, which is located in the southeast side of 
the Shihtan and Shenchoshan Faults; and the southern 
group with the densest earthquakes and is located in 
the Sanyi-Puli seismic zone. 

 
Fig. 4 The earthquakes located by the HSP network 

A total of 3,649 earthquakes were located by the 
STSP network from 2006/12/13 to 2008/11/3. In the 
STSP area, the number of earthquakes with magnitude 
bigger than 2 is apparently more than that in the HSP 
area. The distribution of epicenters is shown in Fig. 5. 
Most of the earthquakes occurred between the depth 
of 0 and 20 km. Deeper earthquakes also occurred 
outside of the network. The epicenters in this region 
were more dispersed. The earthquakes were observed 
between the Western Foothills and the coastal area. 
The dense seismicity is along the Chukou, Muchiliao, 
and Liuchia Faults. And, there is also an earthquake 
group in the north end of the Chaochou Fault. 

 
Fig. 5 The earthquakes located by the STSP network 

A total of 1,517 earthquakes were located by the 
integrated network until April 2009. Because the 
operating period is still short, the number of observed 
earthquakes is less. The distribution of epicenters is 
shown in Fig. 6. The distribution in the northern and 
southern part of the network is approximately the 
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same as that observed by original HSP and STSP 
networks. The seismic zones, like Sanyi-Puli seismic 
zone, identified by the integrated network were more 
complete because of the better coverage. Furthermore, 
the central part of the network near the position of the 
Chelungpu Fault is relatively a quiet area of seismicity 
for the other area. The quiet area has been observed 
also in the CWB historical catalog. The phenomenon 
may result in the occurrence of the 1999 Chi-Chi 
Earthquake. 

 
Fig. 6 The earthquakes located by the integrated 
Science park network 

Aftershocks of the 2009/11/5 Mingjian 
Earthquake 

On 5 November 2009 at exactly 17:32:57.7 (local 
time), a ML 6.2 earthquake took place at Mingjian, 
Nantou County located in the central part of Taiwan. 
According to the earthquake report of the Central 
Weather Bureau (CWB), the main shock epicenter 
was located at 23.79°N and 120.72°E. The focal depth 
was 24.1 km. The maximum ground shaking level was 
up to Intensity VII at Mingjian. Because the epicenter 
is close to that of the Chi-Chi Earthquake, people paid 
attention to the earthquake. Since the broadband 
seismometers utilized are very sensitive, the 
waveforms would saturate under the near-source 
strong ground motion. This kind of large earthquake 
like Mingjian Earthquake can not be located by the 
established micro-earthquake monitoring network. Fig. 
7 shows the aftershocks observed four days after the 
event. The aftershocks are more than 300 and are 
concentrated on the southeast part of the mainshock. 
The depths of aftershocks are less than the mainshock 
ranging between the depth of 10 and 20km. 

 
Fig. 7 The aftrershocks of the 2009/11/5 Mingjian 
Earthquake located by the science park network 

Conclusions 
The micro-earthquake monitoring network for the 

science parks of Taiwan has been set up by NCREE. 
This network is powerful for micro-earthquake 
monitoring and helpful in understanding the seismicity 
and active faults in the area. The accurate earthquake 
location of Hypo DD and the focal mechanism will be 
studied in the future to determine the important source 
parameters relevant in earthquake warning system. 
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Earthquake Source Parameters and Micro-tremor Site 
Characteristics Study-Geochemical Monitoring 
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Abstract 
The study of active faults and earthquake precursory provides a basis for anticipating of 

future earthquakes and related phenomena such as surface faulting, and other 
geological/tectonic features. Taiwan is product of ongoing collision of Eurasian plate with 
Philippine Sea plate. The ongoing collision between the different plates makes Taiwan and 
highly active tectonically and intensively faulted. The present work is focused on Hsincheng 
fault in Hsinchu area and the Hsinhua fault in Tainan for earthquake monitoring using 
soil-gas method to determine the influence of such formations on enhanced concentrations of 
different gases in soil to monitor the tectonic activity in the region, along with some weekly 
monitoring results for the establishment of monitoring station at Jiaosi in Ilan area. To carry 
out the present investigation variation in temporal soil-gases compositions was measured at 
established continuous earthquake monitoring stations along the above said faults. 
Observations have shown potential precursory signals for some major earthquakes in the 
region.  

Previous year’s results have shown that Hsinhua and Hsincheng faults have different 
tectonic settings and a tectonic based physical model was proposed. Based on the anomalous 
signatures from monitoring stations we are in a state to identify the area for impending 
earthquakes and we have tested it for some major earthquakes which rocked the whole 
Taiwan in recent times. 

Keywords: Soil-gas, Fault, Earthquake, Tectonic, Radon, CO2 
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Introduction 

The continuous monitoring of changes in the 
daily variation of soil-gas composition along some 
active faults are demonstrated as good investigating 
tool to monitor the tectonic activities in the region 
(Walia et. al, 2009a; Walia et al., 2005; Fu et al., 
2005; Yang et al., 2006). Studies on diffuse 
degassing from sub-surface carried out have clearly 
shown that gases can escape towards the surface by 
diffusion and by advection and dispersion as they are 
transported by rising hot fluids and migrate along 
preferential pathways such as fractures and faults 
(Yang et al., 2003).  To explain radon migration 
over large distances, several models have been 
elaborated and it has been established that radon is 

monitoring using soil gas method (Etiope and 
Martinelli, 2002).  

The island of Taiwan is a product of the 
arc-continent collision between Philippine Sea plate 
and Eurasian plate which make it a region of high 
seismicity. In the southern area of island, the 
Eurasian plate is subducting under the Philippine Sea 
plate while in the northern area of the island, the 
Philippine Sea plate bounded by the Ryukyu trench 
is subducting beneath the Eurasian plate. Behind the 
Ryukyu trench, the spreading Okinawa trough has 
developed. The northern part of Taiwan Island is 
located at the western extrapolation of the Okinawa 
trough. The present work is focused on Hsincheng 
fault in Hsinchu area and Hsinhua fault in Tainan for 
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earthquake monitoring using soil gas method. It is 
well established that distribution of soil gas 
compositional variations can been employed as the 
precursors for earthquakes (Walia et al., 2005; Yang 
et al., 2006) and for mapping of fault zones (Walia et. 
al, 2009a; Fu et al., 2005).   

Presently our work is focused on temporal 
geochemical variations of soil-gas composition at 
established geochemical observatories along the above 
said faults in Hsinchu, Tainan and Ilan areas of 
Taiwan, respectively and to determine the influence of 
enhanced concentrations of soil gases to monitor the 
tectonic activity in the region.  

Methodology 
To carry out the present investigation, temporal 

soil-gases compositions variation were measured 
regularly at continuous earthquake monitoring 
stations using RTM2100 (SARAD) for radon and 
thoron measurement (for details see previous reports).  

Results from monitoring stations  
Investigations during the observation period 

have shown potential precursory signals for some 
major earthquakes in the region. Both the above said 
faults are located on/near National Science Industrial 
Park (NSIP), the industrial hub of Taiwan, and can 
be a cause of concern for urban life making it 
necessary to check the activity to these faults. During 
the observation we have found that in some cases a 
number of earthquakes occur in short span of time i.e 
within 1-5 days. These earthquakes can be 
considered as aftershocks/foreshocks of big 
earthquakes or different earthquakes. In the present 
study we have considered these as one seismic event. 

Hsincheng Fault 

During the observation period (i.e Jan., 2006 
until Dec., 2009) potential precursory signals have 
been recorded for some earthquakes that occurred in 
the region (see Fig. 1 and previous reports). About 
55 seismic events were observed during the 
observation period at this monitoring station and 30 
of these have shown precursory signals. Those which 
have shown no precursory signals are deep focus 
earthquakes or monitoring station may be effected by 
the heavy rainfall during that period. During the 
period of observation, about 45 anomalies were 
observed and out of these 30 anomalies can be 
correlated with the seismic events (Table 1). Most of 
the non-correlated events are either having no 
soil-gas data or are deep focused events. During 
heavy rains, water percolated down and affected the 
gas emanation thus prevented gas to migrate towards 
the surface. For the above mentioned period of 
observation, about 67% of anomalies can be 
correlated with seismic events in the region and the 

rest of anomalies may have occurred due to on going 
crustal deformation in the region and not enough to 
produce an earthquake. The confidence level of 
monitoring station along the Hsincheng fault is found 
be 2.03 and indicative the monitoring station is good 
for earthquake monitoring.  

Hsinhua Fault 

A continuous monitoring station was established 
at selected point at end of October, 2006 using radon 
detectors RTM 2100 along with carbon-di-oxide 
detector (see Fig. 2 and previous reports). In the 
observation period potential precursory signals were 
recorded for some earthquakes that occurred in the 
region. 

Totally, about 63 seismic events and 57 
anomalies were recorded at this monitoring station. 
From these, 46 can be correlated with seismic events. 
All of non-correlated events occurred during heavy 
rainy season and thus no anomalies can be detected 
for these events. This monitoring station has shown 
better confidence level (i.e. 4.3) than monitoring 
station along the Hsincheng fault, hence seems to be 
a better station (Table1). It has been found that 
during period of observation we have recorded more 
number of seismic events as well as number of 
precursory anomalies at Hsinhua as compare to 
Hsincheng fault which may indicate the this region 
may be seismically more active. 

Ilan Area 

In addition to continuous monitoring at 
established monitoring stations, we are trying to find 
appropriate site to build new monitoring stations on 
other active faults, for the purpose of having dense 
network of monitoring stations. In this phase of the 
project we did some field surveys in Ilan area using 
the soil-gas sampling procedure (reported in previous 
reports). About 150 samples were collected and 
analyzed for 222Rn, 4He, CO2, CH4, Ar, O2 etc. (Fig. 
3a). The occurrence of deeper gas emanation is 
investigated by the soil-gas surveys and is followed 
by weekly monitoring of two selected sites with 
respect to tectonic activity to check the sensitivity of 
the sites (Fig. 3b). One site is selected for long term 
monitoring and station was established on the basis 
of coexistence of high concentration of helium, 
radon and carrier gases and sensitivity towards the 
tectonic activity in the region. 

Discussions  
From the temporal variation of soil-gas during 

the observation at both the monitoring stations it has 
been found that both the faults have different 
characteristics which are indicated by the different 
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anomaly pattern. Our observations show that at 
Hsinhua fault monitoring station the soil-gas shows 
diurnal and nocturnal variations in silent period.  
This variation was found to be disturbed before some 
seismic event and thus, considered to be a precursory 
anomaly. Whereas in the case of Hsincheng Fault 
soil-gas variation don’t show diurnal and nocturnal 
variations and values above the threshold values can 
be denied as precursory anomaly. To filter out the 
effect of diurnal and nocturnal variations we 
prepared online database where we can find the 
average values of soil-gas ranging from 1 hour to 24 
hours. For data analysis and identifying anomalies 
we use 24 hour average values of soil-gas for both 
the stations. 

Long term geochemical monitoring at the 
established earthquake monitoring stations along the 
Hsincheng and the Hsinhua faults within the Hsinchu 
and Tainan areas, respectively, has been done 
continuously. Results have shown that Hsinhua and 
Hsincheng faults have different tectonic settings. It 
has been found that variations in soil-gas at 
Hsincheng fault were disturbed by the stress 
variation due to tectonic activities along Okinawa 
Trough and Rkukyu Trough which are located in 
north and central eastern part of Taiwan, respectively 
in addition to local earthquakes within a periphery of 
about 50km from the monitoring station (Walia et. al, 
2009b). Whereas in the case of Hsinhua fault, 
soil-gas variations were observed to be due to 
tectonic activities along the Luzon Arc and other 
tectonic activities in southern part of Taiwan. So, 
Hsinhua monitoring station shows precursory signals 
for earthquakes occurring south or south eastern part 
of Taiwan, whereas, for Hsincheng faults, most of 
soil-gas variation precursory signals were recorded 
for the earthquakes that occurred along Okinawa 
Trough and Rkukyu Trough. These findings enabled 
us to propose a model dividing the whole Taiwan 
into various tectonic zones (Walia et al., 2009b). 
Based on the anomalous signatures from monitoring 
stations we are in a state to identify the area for 
impending earthquakes and we have tested it for 
some major earthquakes which rocked the whole 
Taiwan in recent times. Data is obtained from the 
monitoring stations run by NCREE and NTU in 
collaboration and fits well in proposed model (Fig. 
4).The result from the present study shows that the 
soil-gas method may be useful for fault and 
earthquake monitoring studies along the Hsincheng 
fault, Hsinchu area of NW Taiwan. Long time 
continuous and comprehensive monitoring may be 
needed to find correlation of earthquakes with 
degassing along the established monitoring station at 
Jiaosi monitoring station in Ilan area to understand 
the characteristics of earthquakes in that region. 
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Table.1: Statistical analysis of recorded data at both 

the monitoring stations. 
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Fig.1. Variations of radon, thoron, carbon dioxide 
and rainfall at Hsinchu monitoring station and 
its correlation with earthquakes during 2009. 

 

Fig.2. Variations of radon, thoron, carbon dioxide 
and rainfall at Hsinchu monitoring station and 
its correlation with earthquakes year 2009. 

 

 

 Fig.3. (a) Distribution of soil-gas survey in Ilan Plain 
(blue dot represent the sampling points) (b) 
weekly monitoring at the Jiaosi, Ilan area. 

 

Fig.4. Tectonic based physical model of Taiwan 
dividing the island into two tectonic zones (red 
and green circles representing zone 1 and 2, 
respectively), whereas dashed area is the 
common tectonic zone for expected 
earthquakes.  

 

(a) 

(b)
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Effects of Uncertainties to the Simulated Performance of 
Water System under Seismic Conditions 
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Abstract 
The ability to assess the serviceability of water systems after major earthquakes is very 

important to urban earthquake disaster preparedness and mitigation. In this study, the 
effects of uncertainties in ground motions and pipeline damages to the simulated 
performance were investigated and found of little or no influence. The characteristics of 
networking of a water system were found to have a predominant factor to its seismic 
performance. 
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Background 
The ability to assess the serviceability of water 

systems after major earthquakes is very important to 
urban earthquake disaster preparedness and mitigation. 
In the previous year, such technique has been 
developed by Liu et al. (2009) using the software 
EPANET. The water system of Taipei metropolitan 
area was selected as a test bed for case study. 
EPANET is a computer program developed and 
maintained by the U.S. Environmental Protection 
Agency for the simulation of hydraulic and water 
quality behavior within a pressurized pipe network 
(Rossman, 2000). In this study, the hydraulics of 
water systems are introduced, the modeling of pipe 
breaks and leaks are explained, and the effects of 
uncertainties in ground motions and pipeline damages 
to the simulated serviceability of water system under 
seismic conditions will be further investigated. 

Hydraulics of Water Network Systems 
Figure 1 depicts the schematic diagram of a 

simplified water network. A water network system 
usually consists of tanks, reservoirs, pumps, valves 
and numerous pipes and nodes. The hydraulics of such 
a system can be assumed as pressurized pipe flows, 
and can be solved by using two sets of equations 
(Rossman, 2000). Let there be N  nodes, NF  fixed 
nodes (e.g. tanks and reservoirs) and K  pipes in a 

water network, then the first set prescribe the 
difference of water head at the ends of each pipe and 
read: 

2
ij

n
ijijji QmQrhHH  

where H , h , Q , r, n and m are the nodal head, head 
loss, flow rate, resistance coefficient, flow exponent 
and minor loss coefficient, respectively. The most 
widely used empirical formulae to decide the value of 
r  are the Darcy-Weisbach, Hazen-Williams or 
Chezy-Manning equation, all of which employ flow 
rate and various pipe parameters. The second set 
prescribes the balance of flow at each node and read: 

0i
j

ij DQ  

where iD  is the demand at node i. By using these 
two sets of equations, the pipe flow can be solved in 
terms of the water heads iH  at N nodes and the pipe 
flow rate ijQ  (from node j to node i) in K pipes. 

 
Fig. 1 The schematic diagram of a simplified water 

network system (Rossman, 2000) 
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Pipe Damages and Their Hydraulic 
Models 

Pipe damages can be classified into two types: 
pipe breaks and pipe leaks. A pipe break and its 
hydraulic model can be depicted as the left schematic 
diagram in Fig. 2. At each of the broken ends, a 
reservoir and a short pipe with a check valve are 
needed being added to mimic the mechanism of water 
flowing into the atmosphere. To take into account the 
effect of a pipe break in simulation, several steps to 
modify the hydraulic model of the broken water 
system should be taken. They are (Liu et al., 2009): (1) 
Decide the location and elevation of pipe break point, 
(2) Remove the original link (pipe segment), (3) Add 
two new nodes A and B at the location of pipe break 
point, (4) Add two new links connecting the original 
pipe segment ends to A and B, respectively, (5) Add 
two new nodes A’ and B’ with the elevation of pipe 
break point and designate them as reservoirs, and 
finally (6) Add two new links connecting A-A’ and 
B-B’ and specify them with one-way check valves 

On the other hand, a pipe leak and its hydraulic 
model could be depicted as the right schematic 
diagram in Fig. 2. A pipe leak is hydraulically 
equivalent to a sprinkler with a specific discharge 
coefficient and an orifice size. This sprinkler is further 
proven to be equivalent to a fictitious pipe linking the 
original pipe and an added reservoir (Shi et al., 2006). 
A check valve is designated to the fictitious pipe 
ensuring that water flows from the leaking pipe to the 
reservoir. The steps to modify the hydraulic model of 
the leaking water system could be summarized as 
follows (Liu et al., 2009): (1) Decide the location and 
elevation of pipe leak point, (2) Remove the original 
link (pipe segment), (3) Add a new node A at the 
location of pipe leak point, (4) Add two new links 
connecting the original pipe segment ends to A, (5) 
Add a new node A’ with the elevation of pipe leak 
point and designate it as a reservoir, and finally (6) 
Add a new link connecting A and A’ and specify it as 
a fictitious pipe with a diameter of corresponding pipe 
leak model, and also specify it with a one-way check 
valve.  

A B

A’ B’

damaged pipe segment

A B

A’ B’

A B

A’ B’

damaged pipe segment

 A

A’

damaged pipe segment

A

A’

A

A’

damaged pipe segment

 
Fig. 2  A pipe break (left), a pipe leak (right) and the 

their hydraulic models (Shi et al., 2006) 

Strong Motion and Uncertainty 
The earthquake-induced ground motion intensity, 

e.g. peak ground acceleration (PGA), can be simulated 
by using appropriate attenuation laws. For the case of 

Taiwan region, a formulae has been proposed (Jean et 
al. 2002), expressed as follows: 

0564.27832.07538.1 ]1222.0[003694.0PGA MM eRe  

where M and R are the earthquake magnitude and the 
distance (in Km) from the site to the seismic source, 
respectively. This formula is of Campbell form and 
the coefficients were determined from the ground 
motions of 15 past earthquakes in Taiwan. In addition, 
a standard deviation of 0.68-0.75 (in natural 
logarithmic scale) of the ground motion data with 
respect to the formula was reported. Figure 3 depicts 
the attenuation curves of this formula at selected 
earthquake magnitudes. 

 
Fig. 3  The attenuation curves for Taiwan region at 

selected earthquake magnitudes (Jean et al. 
2002) 

Pipe Repair Rate and Uncertainty 
Repair rate (RR) is defined as the number of 

repairs (or damages) per unit pipe length (km unit in 
this paper). It is widely employed to indicate pipe 
fragility. Numerous investigations have been made to 
formulate the relationship between pipe repair rate and 
earthquake-induced strong motions and ground 
failures. The pipe materials and diameter affect the 
pipe repair rate, too. Particularly, an approach has 
been proposed to achieve the repair rates caused by 
ground shaking and by ground deformation separately 
(Yeh et al., 2006). Following this approach, a 
regression model for the effect of ground shaking 
(PGA in gal) solely can be expressed as follows: 

0.97353 PGA10028.1RR  )9388.0(R 2  

Here, the six empirical data points were attained 
from the ground deformation-free areas in Taiwan in 
the 1999 Chi-Chi earthquake. Pipes with a diameter 
equal to or greater than 200mm were selected for use, 
which consist of 596.13km of pipe length and 158 
repairs, yielding an average of 0.265 repairs per km 
(cf. 0.439 repairs per km to pipe mains in the 1995 
Kobe earthquake reported by ALA, 2001, probably 
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combined with the effect of ground deformation). In 
addition, these data points give a standard deviation of 
0.0739 (in log10 scale) or 0.1701 (in natural 
logarithmic scale) with respect to the regressed curve. 

The empirical evidence has strongly indicated that 
large pipes over 12” (300mm) diameter have lower 
repair rates than do common diameter distribution 
pipes of 4” to 12” diameter (ALA 2001). As a result, 
judgment has been made here to revise the above 
equation for the implementation to large pipes. The 
following equation was tentatively proposed in this 
study to simulate pipe damages. 

9735.03

9735.03

9735.03

104.0
108.0
102.1

PGA
PGA
PGA

RR    

mm500
mm500mm300

mm300
 

where 9735.0 .Various curves of pipe repair rate 
have been illustrated in Figure 4. 
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Fig. 4  Various curves of pipe repair rate 

Case Study 
The water system of the Taipei metropolitan area 

operated by the Taipei Water Department (TWD) has 
been selected as a test bed for the case study. It 
provides service to the Taipei City as well as four 
other cities of the Taipei County. TWD has a service 
region of 434 square kilometer, and serves water to 
1.51 million customers or 3.85 million people. The 
daily water supply is around 2.5 million tons. The 
entire water system is hydraulically separated into 10 
service areas. The scenario of an M7.5 earthquake 
associated with the Hsincheng fault has been 
considered. The assessment procedure followed the 
Monte Carlo method and employed 100 simulations 
for the network of each service area. The simulated 
distributions of serviceability index for the TWD 
water system are depicted in Figure 5. Here, the 
serviceability index (SI), the ratio of flow at demand 
nodes before and after the earthquake, was used to 
quantify the water network seismic performance in 
each service area. The attained SI values vary between 
0.44 and 0.92. Figure 6 depicts the SI value of each of 
the 100 simulations for the 10 TWD service areas 
following the assumed M7.5 earthquake. Significant 
difference can be observed from the deviation of SI 

values of each service area from simulation to 
simulation. For example, Service Areas 01 (Shih-lin 
Bei-tou) and 07 (Chang-hsin Nan-gang) show a very 
limited deviation, while Service Area 04 (Ming-sun) 
shows a very large deviation. It seems that the 
network characteristics rather than other factors have a 
predominant effect on the water system’s seismic 
performance. 
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Fig. 5  The Hsincheng earthquake scenario and the 
distribution of simulated serviceability index 
of each service area in Taipei region 
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Fig. 6  The SI value of each of the 100 simulations 

in the Monte Carlo method for the 10 TWD 
service areas following the considered M7.5 
earthquake 

In order to investigate the effects of uncertainties 
to the assessment results, two groups of assessment 
were further conducted. The first was to adopt the 
attenuation law together with a standard deviation of 
0.68. During the generation of a random multiplier to 
adjust the simulated PGA value, a truncation of 
beyond 0.1 standard deviation was enforced. The 
second was to adopt the pipe repair rate model 
together with a standard deviation of 0.1701. Again, a 
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truncation of beyond 0.1  standard deviation was 
enforced. Figure 7 depicts the convergence of the 
simulated SI value for each service area following the 
M7.5 earthquake scenario. The red solid line, blue 
dotted line and green dash-dotted line refer to the 
results without adopting any uncertainty, with 
deviation in ground shaking model, and with deviation 
in pipe repair rate model, respectively. The depicted 
convergence curves show the average of the simulated 
SI values of the first 1 to 100 simulations. The symbol 
denoted on each curve refers to where the simulated 
SI value begins to converge within a tolerance of 0.02 
with respect to the average of 100 simulations. It is to 
indicate the speed of the simulated SI value to 
converge. An overview of Figure 7 indicates that 
uncertainties in both the strong motion attenuation and 
pipeline repair rate have little or no significant effect 
on the final SI value. Also, there is no clear tendency 
that these uncertainties will affect the speed of 
convergence. 
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Fig. 7  Convergence curves of the simulated SI 

values for TWD service areas in the M7.5 
earthquake scenario (red: no uncertainty 
considered, blue: with uncertainty in ground 
shaking model, green: with uncertainty in 
pipe repair rate) 

Conclusions 
In this study, the hydraulics of water network 

systems have been introduced, the modeling of pipe 
breaks and leaks has been explained in detail, and the 
effects of uncertainties in ground motions and pipeline 
damages to the simulated performance of water 
system under seismic conditions have been 
investigated and found of little or almost no influence. 

The characteristics of networking of a water system 
seem to provide the predominant factor to its seismic 
performance. 
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Developing Information System for  
Earthquake Emergency Response and Disaster Prevention  

Chih-Hsin Chen1, Wei-Chang Chen2, Chin-Hsun Yeh3 

Abstract 
Along with the development and updating of Taiwan Earthquake Loss Estimation System 

(TELES), the databases and seismic disaster assessment models have been fully developed at 
the National Center for Research on Earthquake Engineering (NCREE).  However, those 
valuable data and research results could not be shared to the public due to the expensive cost of 
GIS software and protection of intellectual property right.  From the information sharing point 
of view, NCREE planned to build an information system through the web geographic 
information system (Web-GIS) technology.  Started in 2009, the information system for 
earthquake emergency response and disaster prevention was set up which integrated the result 
of early assessment of seismic disaster and the function of seismic scenario simulation and has 
provided information to search and rescue organizations  

Keywords: Taiwan Earthquake Loss Estimation System (TELES), Web-Geographic 
Information System (Web-GIS), Seismic Disaster Simulation, Early Assessment of Seismic 
Disaster. 
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Introduction 
The main objective of this study is to establish a 

seismic response and disaster prevention information 
system on internet so that the damage estimates of 
general building stocks, various kinds of facilities and 
lifeline systems can be used more effectively; and also 
to offer valuable information to all search and rescue 
organizations or emergency decision-making units at 
the shortest period of time after earthquake occurs. 

The software and technologies we used to establish 
the information system for earthquake emergency 
response and disaster prevention were MapInfo's 
MapXtreme and Microsoft VS.NET, AJAX, HTML, 
and XML.  The tasks of setup this system include the 
following: (1) seismic disaster information 
management system, (2) seismic early assessment and 
seismic disaster simulation system, (3) seismic 
scenario simulation system, and (4) bridge 
investigation system. 

Seismic Disaster Information Management 
System 

In order to provide seismic disaster evaluation and 
analysis to search and rescue organizations, and to 
coordinate and annual earthquake prevention training 
to be hosted by the National Disaster Prevention and 

Protection Commission, the Seismic Disaster 
Simulation Division at the National Center for 
Research on Earthquake Engineering established a 
seismic disaster information upload and management 
system. When strong earthquake occurs, NCREE will 
notify and send a group of well trained members to the 
worst affected area. There will be disaster evaluation, 
collection, and investigation teams and administrative 
support group. For the disaster investigation team, 
they will be responsible in investigating the actual 
disaster in the site, and in providing the accurate 
disaster information back to NCREE. Then, the 
disaster collection team will be collecting all the 
information and be the ones uploading the data to the 
established “Seismic Disaster Information Upload and 
Management System”; The said system can also 
provide features in arranging disaster information and 
pictures issued  through electronic media (Fig.1). 

As can be noticed, the purpose of the “Seismic 
Disaster Information Upload and Management 
System” is to record the earthquake disaster in details. 
It offers seven types of loose survey form such as on 
building, road and bridge, non-structural building, 
harbor and airport, geology, living system, and 
historic monument. The multimedia and picture files 
can also be stored in the database.  The “Disaster 
Information Upload and Management System” 
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integrates MapXtreme Web Map, AJAX, and 
Microsoft Silverlight technologies to provide 
asynchronous data update, precise disaster loss point 
positioning, reviewing and verifying disaster report, 
and seismic information exhibits. Once the new 
seismic disaster information is added to the database, 
the contents of the information or report will be 
evaluated and reviewed carefully; then will be 
released to the public as an official seismic disaster 
report. Further to exhibit and evaluate the seismic 
disaster information, it also builds a Web Service 
interface for external releasing; whereas it shares data 
and integrates them with other Web-GIS systems. 

This system has been used and had undergone 
modifications during the “Wen-Chuan earthquake, 
China 2008”. And, to prevent abuse by general users, 
its login system combined with “NCREE Friends’”; 
makes sure that the only the logged in user can access 
or upload disaster-related information with his or her 
permissions. 

 
Fig. 1 The interface of seismic disaster information 

and management system 

Display of Earthquake Disaster Information 

People are always expecting to understand the 
distribution of earthquake disasters after the shock. 
The feedback data in our management system can be 
shared to the public via the internet. Therefore, in this 
study, we took the 921 earthquake has been chosen as 
our study case to establish an earthquake disaster 
display system. The system is based on Web-GIS 
technology, and in this system, detailed investigation 
reports and pictures of damaged building and bridges 
can be seen shown on the browser (Figs.2 & 3). 

 
Fig. 2 Distribution map of damaged buildings 

 
Fig. 3 The interface of browsing investigation reports 

and pictures 

Display of Seismic Early Assessment and 
Disaster Simulation 

“Taiwan Earthquake of Loss Estimates System” or 
TELES is an earthquake disaster simulation system. 
For effective and accurate simulation of the disaster 
caused by an earthquake, it must have a complete 
database and analysis models. Although NCREE 
offers TELES application for free, it currently does 
not provide database to general users. In order to offer 
variety of seismic evaluation results to public and 
disaster prevention units, a so-called "Seismic Early 
Assessment and the Seismic Disaster Simulation 
System” has been established using Web-GIS 
technology.  

Results of Seismic Early Assessment 

The TELES starts simulating a seismic disaster 
after receiving the earthquake message from the 
Central Weather Bureau through email. Based on the 
seismic parameters form the e-mail, TELES evaluates 
the building damages, casualties and economic loss. 
The result of assessment can be viewed or accessed on 
the website immediately (Figs.4 & 5). Through the 
website, the disaster rescuers on site can view clearly 
the thematic map of earthquake events, the location of 
earthquake epicenter, faults direction and disaster loss 
distribution. Furthermore, the researchers can 
download related data for follow-up study. 

The seismic disaster reports, which come from 
"The Disaster Information Upload and Management 
System", can be accessed also on the established 
system. The user can view the detail of the seismic 
disaster report, e.q. location of disaster losses, 
information of latitude and longitude and hyperlink of 
complete report. All the results of seismic early 
assessment and disaster report can be seen on the 
same map; it really assists disaster assessment and 
provides more precise information to the personnel of 
the rescue team. 
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Fig. 4 Query results and thematic map of seismic 

early assessment 

 
Fig. 5 Exhibition of seismic disaster report  

Results of Seismic Disaster Simulation 

Using TELES earthquake simulation technology 
can build a seismic loss simulation database, which 
contains potential seismic hazards analysis, general 
building damage assessment, casualties and economic 
losses. In this study, an online seismic disaster 
simulation distribution and inquiry system has been 
constructed to combine the pre-built seismic loss 
database, and to provide a variety of seismic disaster 
simulation results on the Web-GIS (Fig.6). 

Users can set earthquake scale (5.1~7.3 scale), 
focal depth (10~90 km.), epicenter location (latitude 
21.1~25.9, longitudes 119.1~122.9), and faults (0~135 
degree) to simulate an earthquake disaster. The result 
is not only shown on the map, but also  exhibited by 
different types of thematic map such as range, dot 
density, individual values, pie chart, or bar chart, 
spatial units (counties or towns), and the simulation 
subjects (building damage, casualties, fire, shelter, 
debris). Also, the feature is very useful for general 

seismic disaster education and training. 

 
Fig. 6 Assessment results and thematic map of 

seismic disaster simulation 

Applications for Bridges Investigation 
Bridges damaged under strong earthquake impact, 

could reduce the efficiency of post-earthquake rescue 
efforts and may cause huge casualties and property 
losses. In order to estimate the damage distribution of 
bridges after earthquake, Directorate General of 
Highways (DGH) launched a project to establish an 
early seismic loss estimation module for highway 
bridges. NCREE have participated into this project 
since 2008 and have devoted building to build and 
integrating said module into TELES. However, the 
data acquired from were still insufficient for loss 
assessment. 

An extensive investigation of bridge seismic 
capacity was performed in this joint project to 
complete the database. Software engineers developed 
bridges investigation software which is able to be 
executed via PDA and stand alone machines. The 
software was developed on Microsoft.NET framework. 
Wild field investigators are capable of inserting or 
importing data in PDA (Fig.7) and stand alone 
hardware (Fig.8), however, advanced functions of 
search, sorting and image browsing are available in 
stand alone machines only. 

  
Fig. 7 PDA application of bridges investigation 
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Fig. 8 Bridges investigation application executed in a 
stand-alone environment 

Conclusion 
In this study, through the Web-GIS technology, the 

TELES has been well-known to public.  It provides 
general education to users and the information of early 
assessment of seismic disaster to rescue 
decision-makers.  In order to prevent serious disaster 
and thus accelerate seismic aftermath rescue, the 
TELES Web-GIS system will be improved further on 
its performance of display data and will be added with 
the satellite photographs layer to its base map as part 
of future studies.  
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The Engineering Geological Database for Strong Motion 
Stations in Taiwan 

Kuo-Liang Wen1,2 and Hung-Hao Hsieh3 

溫國樑 1,2、謝宏灝 3 

Abstract 
More than 680 seismic stations all over Taiwan have been established by the Central 

Weather Bureau (CWB) to record ground motion data. In order to obtain the geological 
conditions and soil profiles at these strong motion stations, a site investigation project was 
developed by the National Center for Research on Earthquake Engineering (NCREE) and 
CWB in 2000. The site investigation mainly consists of three parts: the basic description of 
a site, the on-site boring, and the Suspension P-S Logger technique which is used to 
determine the P and S wave velocities of the stratum at various depths. The Suspension P-S 
Logger technique, using a single down-hole probe with one source and two receivers, 
allows continuous measurements of wave velocities with high resolution. There were 47 
seismic stations investigated in 2009. With reference to Kyoshin Net in Japan and 
ROSRINE in USA, a preliminary engineering geological database for 401 seismic stations 
investigated during 2000 to 2008 has been constructed on NCREE’s website for 
researchers’ convenient access to their needed data. 

Keywords: Geological Database, Wave Velocity, Seismic Station, P-S Logger, Suspension 
P-S Velocity Logging System 
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Introduction 
Taiwan is located in the Circum-Pacific seismic 

belt --- the most active seismic region in the world.  
Preventing severe losses of lives and properties caused 
by large earthquake is a major concern for the people 
in this region. The Taiwan Strong Motion 
Instrumentation Program (TSMIP) was initiated by 
CWB in 1991 to monitor ground motions at over 680 
free-field stations around Taiwan. Once a major 
earthquake happens, the records of ground motions 
from TSMIP provide useful information for the 
operation of hazard mitigation. The ground responses 
monitored by seismographs reveal the characteristics 
of ground motions in different geological conditions, 
and these data can be used to improve the design 
spectrum and the current building codes. 

More than 1,000 seismic stations have been 
installed in Japan to monitor ground responses during 
an earthquake. Researchers can download the data on 
ground responses via a web site called “Kyoshin Net”.  

The basic information of a station site, physical 
properties of soils, and wave velocity of the stratum 
measured by the down-hole velocity logging 
technique are also available on the site. After 1994 
Northridge earthquake, a project called “Resolution of 
Site Response Issues from the Northridge 
Earthquake , ROSRINE, was conducted to study the 
site responses in the USA. Related information can be 
accessed in the said web site to download the 
geological information and the wave velocity profile 
of a specified station. 

The distribution of seismic stations in Taiwan is 
the densest in the world, although the amount of 
seismic stations installed by CWB is less than that in 
Japan and USA. However, the application of 
earthquake data is being restricted by having an 
incomplete geological database. Therefore, in 2000, 
NCREE and CWB collaborated to perform site 
investigation in obtaining basic soil properties and 
wave velocity of the stratum. There are 47 seismic 
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stations which were investigated in 2009 and are 
shown in Figure 1. The code of the stations is listed in 
Table 1.  There are 448 seismic stations investigated 
during the period of 2000 to 2009 and are shown in 
Figure 2. With reference to Kyoshin Net in Japan and 
to ROSRINE in USA, a preliminary engineering 
geological database for the 401 seismic stations 
investigated during the year 2000 to 2008 has been 
constructed on NCREE’s website for convenient 
information access. This is named, “Geological 
Surveyed Database of CWB Strong Motion Station” 
and its website address is at http://geo.ncree.org.tw (as 
shown in Figure 3). 

 
Figure 1. The 47 seismic stations investigated in 2009. 

 

Table 1. The seismic stations investigated in 2009. 

Sta. Code Sta. Code Sta. Code 
HWA001 HWA039 TTN011 
HWA006 HWA041 TTN016 
HWA008 HWA043 TTN018 
HWA010 HWA044 TTN022 
HWA011 HWA045 TTN028 
HWA013 HWA047 TTN031 
HWA016 HWA049 TTN032 
HWA019 HWA053 TTN033 
HWA020 HWA054 TTN034 
HWA023 HWA057 TTN035 
HWA025 HWA060 TTN036 
HWA030 HWA062 TTN038 
HWA031 ILA051 TTN043 
HWA035 TTN001 TTN045 
HWA036 TTN002 TTN046 
HWA037 TTN003  

 
Figure 2. The 448 seismic stations investigated during 

2000~2009. 

http://geo.ncree.org.twhttp://geo.ncree.org.tw  
Figure 3. “Geological Surveyed Database of CWB 

Strong Motion Station” Website 

The local site conditions play an important role in 
determining ground responses during an earthquake.  
Different site conditions could induce amplification or 
de-amplification at different period ranges in the 
response spectra. This factor is called the “site effect”.  
Besides, in a seismic hazard analysis, the motion at a 
site’s bed rock is predicted by the attenuation low 
from the earthquake source. According to the 2000 
Uniform Building Code (UBC), 1997 National 
Earthquake Hazards Reduction Program (NEHRP) 
provisions in the USA, and the revised 
Earthquake-resistant Code in Taiwan, the ground 
motion at free field is evaluated by the response at bed 
rock times the coefficient of site effect. The 
coefficient of site effect is related to the magnitude of 
earthquake and the local site conditions. Thus, a 
complete geological database is essential to the 
evaluation of site effect for earthquake engineering. 

Suspension P-S Logging Technique 
The Suspension P-S Logging Technique developed 

by the OYO Corporation in Japan was used in this 
project to measure the primary wave velocity (Vp) and 
the shear wave velocity (Vs) of the stratum. The 



159

 

159 

source and the receiver of this measuring system were 
integrated into a single probe within a short distance.  
Therefore, the wave velocities of the stratum can be 
measured continuously and precisely. 

A borehole was first drilled at the chosen site and 
then filled with water. If the surrounding soil on a 
borehole is not stable and is easily eroded, the 
borehole may be lined with a plastic tube. The probe 
was then put into the borehole at a specified depth. A 
primary wave or a shear wave may be generated by 
the source in the probe. The primary wave was 
propagated through the surrounding soil in the 
direction perpendicular to the borehole axis 
(horizontal direction). Also, the shear wave was 
propagated through the soil along the vertical 
direction. Each receiver consists of a hydrophone and 
a geophone in receiving the primary wave and the 
shear wave, respectively. A normal pulse and a 
reverse pulse were triggered by the source in order to 
check the received signals. The time histories of those 
received signals should then be in the same shape but 
with 180 degrees phase difference, since the two shear 
waves were propagated through the same soil media. 

Typical measured signals of the primary waves 
and the shear waves from the logging computer are 
shown in Figure 4, where H1 and /H1 represent the 
signals received by the upper receiver in normal and 
reverse directions, H2 and /H2 represent the signals 
received by the lower receiver in normal and reverse 
directions, V1 and /V2 represent the signals received 
by the upper and lower receivers, respectively. From 
the time histories of H1 and H2, the first arrival time 
for the upper receiver and the lower receiver was 
picked as ts1 and ts2. Since the distance between the 
two receivers is 1 m, the shear wave velocity can be 
determined as: 

21

1(m/sec) 
ss

s tt
v                    (1) 

Similarly, the primary wave velocity is: 
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Figure 4. Typical measurements from the Suspension 

P-S Logging System. 

Engineering Geological Database 
There are three major items in the Engineering 

Geological Database in Taiwan. The first item is the 
general information of the station site that includes 
latitude and longitude of the station, ground water 
level, geographical/topographical conditions, and 
surrounding structures. The second item refers to the 
physical properties of soils. The SPT-N value, water 
content, unit weight, soil classification, and grain size 
distribution are obtained by on-site boring, sampling, 
and laboratory testing. After the borehole was drilled, 
the Suspension P-S Logging Technique was utilized to 
measure the wave velocity of the stratum at every 
0.5m. The wave velocity of the stratum is an 
important index for site classification, so it is selected 
as the third item in the database. If the geological 
condition of the station site is classified as a rock 
outcrop, only the general environmental investigation 
was performed to collect the basic information of the 
station. 

This project has been conducted for nine years.  
At present, site investigations at 408 station sites were 
completed with the following distribution: 37 stations 
in 2000, 65 stations in 2001, 49 stations in 2002, 54 
stations in 2003, 40 stations in 2004, 26 stations in 
2005, 50 stations in 2006, 49 stations in 2007, 31 
stations in 2008 and 47 stations in 2009. These 
stations are located on the alluvial deposit, gravel, or 
even rock sites. The results were summarized on 
NCREE’s website. For example, as shown in Figure 5, 
the general information for station TTN023 (the photo 
of the seismograph, the plan section and the cross 
section of the surrounding environment), the soil 
profile, the SPT-N value, the shear wave velocity, and 
the primary wave velocity of the stratum are all 
available on NCREE’s website. 

Most studies of site effect for earthquake ground 
motion are based on soil properties of the upper 30-m 
layer. In the 1997 UBC and 1997 NEHRP provisions 
in the USA, the average of the shear wave velocity for 
the top 30-m layer of soils is used as an index for the 
site classification. In the site classification of Taiwan 
free-field strong-motion stations, the site conditions 
were classified as class B (rock), class C (soft rock or 
very dense soil), class D (stiff soil), and class E (soft 
soil) according to the geological age, rock type, and 
the average SPT-N values for the upper 30-m layer of 
the stratum. With detailed subsurface soil profile and 
quantitative soil properties (SPT-N values and wave 
velocities) on a station site, the site effect of ground 
motions can be analyzed easily for a certain class of 
site conditions. Engineers may evaluate appropriate 
peak ground acceleration for the earthquake-resistant 
design of structures. According to the Classification 
Code of average shear wave velocity on the top 30-m 
soil layer (Table 2), the 37 seismic stations 
investigated in 2009, can then be classified.  The 
classification is shown in Table 3. 



160

 

160 

 
(a) 

 

 

 

 

 

 

(b) 

(c) 

Figure 5. The information for station TTN023 in the 
database shown on NCREE’s website. 
(a) The soil profile, SPT-N value, and wave 

velocity profile. 
(b) The photo of the seismic station in the 

field. 
(c) The description of the plan section and 

the cross-section in the field. 

 

Table 2. The shear wave velocity for the top 30m 
classification code (1997 UBC and NEHRP 
provisions). 

Classification The average of the shear wave 
velocity for the top 30m (V30) 

A V30  1500m/sec 
B 760m/sec  V30 < 1500 m/sec 
C 360m/sec  V30 < 760m/sec 
D 180m/sec  V30 < 360m/sec 
E V30 < 180m/sec 

 

Table 3. The classification of 30 seismic stations 
which were investigated in 2009. 

Sta. Code Classification Sta. Code Classification
HWA001 C HWA047 C 
HWA006 C HWA049 C 
HWA008 D HWA053 B 
HWA010 D HWA062 C 
HWA011 C ILA051 C 
HWA013 D TTN001 C 

HWA016 C TTN002 C 
HWA019 C TTN003 C 
HWA020 C TTN011 C 
HWA025 C TTN016 B 
HWA030 C TTN028 C 
HWA031 C TTN031 C 
HWA035 C TTN032 B 
HWA036 C TTN033 C 
HWA037 C TTN034 C 
HWA041 C TTN043 C 
HWA043 C TTN045 C 
HWA044 C TTN046 C 
HWA045 C   

Conclusions 
The site investigation at 448 TSMIP stations was 

completed by NCREE in cooperation with Taiwan’s 
CWB. By sampling of soils in the borehole and using 
the Suspension P-S Logger Technique, specific 
geological and geotechnical data were obtained 
including soil profile, physical properties of soils, and 
wave velocities of the stratum. All the results of 
investigation were organized systematically in the 
database and made available in a preliminary web site. 
This project will be performed continuously in the 
following years. Combining with GIS techniques, the 
engineering geological database for strong motion 
stations in Taiwan will be more convenient for web 
usage. If an engineering project site is close to the 
strong-motion station, engineers may retrieve the 
geological and geotechnical properties of soils from 
the database to evaluate the site’s ground response. 
Thus, this database is helpful for site effect analysis 
and earthquake-resistant design. 
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Development and Application of                      
Nonlinear Structural Analysis Platform 

Yi-Jer Yu 1 , Ming-Chieh Chuang 2 and Keh-Chyuan Tsai 3 
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Abstract 
The development and applications of nonlinear structural analysis program PISA3D in 

this year include the following: (1) Analytical simulations of seismic steel jacketing RC 
bridge columns, (2) Participation in the 2009 E-Defense blind analysis contest, (3) 
Analytical studies of a full-scale steel building shaken to collapse, and (4) Development of 
the PISA4SB for applications in Taiwan school building seismic retrofit program. 
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Analytical Simulations of RC columns 

  
Fig. 1 Test setup for 
column specimens 

Fig. 2. Specimen 
BMRL100 after test 

Lin and Tsai (2009) investigated the use of 
external steel jacketing for seismic retrofit of 
non-ductile reinforced concrete (RC) bridge columns 
to prevent lap splice failure (Tsai and Lin, 2002). 
Three 1/2.5-scale specimens (Fig. 1) including a 
non-retrofitted specimen BMRL100 (Fig. 2) and two 
retrofitted columns were tested under cyclic loads. 
The two lap splice deficient columns, SRL1 and SRL2 
were retrofitted by a 6mm thick octagonal and a 3mm 
thick elliptical steel jackets, respectively. The 
effectiveness of these two types of steel jackets in 
improving the ductility and strength of specimens 
using inadequate transverse reinforcing and lap splice 

details were examined. Tests confirmed that the 
proposed octagonal steel jacketing scheme can be 
successfully applied to enhance the seismic flexural 
performance of bridge columns with insufficient 
transverse steel.  

The Platform of Inelastic Structural Analysis for 
3-D Systems (PISA3D) (Lin et al., 2009) was used in 
the numerical simulations. The flexibility-based 
fibered beam-column element (Spacone et al., 2009) 
in PISA3D was adopted to represent the RC column 
member. Five integration points along the fibered 
beam-column element were chosen to integrate the 
element responses. The column section consists of 32 
steel fibers (one for each No. 6 reinforcing bar) and 
117 concrete fibers. This column model was subjected 
to a constant axial load of 1,400 kN and cyclic 
increasing lateral displacements. In the analytical 
models of the two jacketed-columns, the material of 
all the concrete fibers is considered as confined 
concrete with a compressive strength of 33.35 MPa 
computed from Mander’s rule. For the steel fibers, a 
bilinear material property was adopted. The 
post-yielding to initial stiffness ratio of 0.01 was used. 
Figures 3a and 3b show the comparisons between the 
analytical and experimental cyclic responses of SRL1 
and SRL2, respectively. As shown in these two figures, 
the cyclic stiffness and strength can be simulated 
reasonably well before the 4% radians lateral drift 
angle is reached in each specimen. The fibered 
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beam-column element in PISA3D does not consider 
the pinching of concrete fibers and the low cycle 
fatigue of the longitudinal reinforcing bars. Thus, the 
cyclic pinching in the 0.01 to 0.04 radians peak drift 
cycles and the strength degradations resulting from the 
low cycle fatigue fractures of the longitudinal 
reinforcement after 5% lateral drift angle cycle cannot 
be captured in these analytical models. For the 
analytical model of Specimen BMRL100, the material 
of the cover concrete fibers and inside the confined 
core concrete fibers were considered as unconfined 
and confined concrete, respectively. The compressive 
strength computed following Mander’s suggestions is 
17.46 and 21.68 MPa for unconfined and confined 
concrete, respectively. The strength degradation of the 
BMRL100 column resulted from the bond slip was 
simulated by adopting the “fracture material” given in 
Fig. 4 in PISA3D to represent the steel fiber material 
of the longitudinal reinforcement. The maximum 
stress of the steel fiber, fs= fl pls/A b can be calculated. 
The confining stress fl can be obtained from the static 
equilibrium by cutting a free-body diagram at the 
centerline of the cross-section and assuming the 
stirrups are fully yielded. However, a 60% strength 
reduction factor has been adopted as it is believed that 
the double U-shaped stirrups could not develop full 
yielding due to the lack of anchorage. Figure 5 shows 
that the fibered column model can reasonably simulate 
well the cyclic degrading responses of Specimen 

BMRL100. 
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Fig. 4 Cyclic degrading 
stress versus strain 
relationships for steel 
fibers of BMRL100 

Fig. 5 Comparison 
between analytical 
and experimental 
cyclic responses. 

Participation in E-Defense Blind Analysis 
Contest 

Various full-scale frames were tested in Japan by 
the E-Defense research team using the world’s largest 
3-directional earthquake simulation table. In 2009, this 
shaking table was utilized for experimental tests of a 
full-scale five-story steel building with various kinds 

of dampers. Before the tests were executed, a blind 
prediction contest was held. The building used steel 
dampers in the first test (Fig. 6a), and viscous dampers 
in the second test (Fig. 6b). Tests using Japanese oil 
dampers, viscoelastic dampers, and no dampers, were 
also tested afterwards, but were not considered for the 
contest. One team from NCREE using the nonlinear 
structural analysis program OpenSEES and PISA3D 
was awarded the 2nd place in the 3D steel damper 
category, 3rd place in the 3D viscous damper category, 
and 3rd place in the 2D steel damper category. The 
analytical models of NCREE adopted a fiber 
beam-column element to represent the beams and 
columns. The frame beam member was considered as 
the steel and concrete composite beam. The nonlinear 
properties of the steel and the viscous dampers were 
modeled using the sub-assembly test results provided 
by the organizers. For further details about the blind 
analysis contest, please visit the website 
http://www.blind-analysis.jp/index_e.html. 

(a) (b) 

Fig. 6 Five-story steel building with (a) steel and (b) 
viscous dampers 

Analytical Studies of a Full-Scale Steel 
Building Shaken to Collapse 

In September 2007, the E-Defense shaking table 
was utilized for experimental tests of a full-scale 
four-story steel building shaken to collapse. Before the 
tests were executed, a blind prediction contest was 
held. Three groups of researchers from Taiwan’s 
National Center for Research on Earthquake 
Engineering (NCREE) participated in the blind contest. 
One team used PISA3D, and submitted the 3-D and 
2-D predictions. This PISA3D/NCREE team was 
awarded second place in the 2-D analysis research 
category. After the test, this four-story building was 
used as a case study to investigate modeling 
techniques for nonlinear structural responses and 
collapse analysis. The models for the simulation of 
steel hollow structural column buckling were 
discussed. A basic model incorporating non-degrading 
column elements was constructed first. Then the 
refinements were carried out by replacing the 1st story 
columns in the basic model with the degrading column 
elements. Two types of degrading column were 
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considered including the fiber and hinge models, with 
and without the effects of axial-flexural interaction, 
respectively.  

The Buckle material in PISA3D adopted the 
cyclic response rules proposed by Maison and Popov 
(1980) as shown in Fig. 7. Users could specify the 
values of control points and control slopes to adjust 
the hysteresis responses. The “FBC” column model 
adopted fibered beam-column element with a 
cross-section consisting of 44 fibers using the Buckle 
material model given in Fig. 7. Five integration points 
were used. In this study, the degradation 
characteristics in the cyclic responses obtained from 
the ABAQUS FE column analysis (Fig. 8) was used to 
calibrate the parameters of the FBC column model. 
Two levels of column axial loads (257 and 515 kN for 
corner column and center column, respectively) were 
chosen. At both axial force levels, the FBC column 
model can satisfactorily simulate the cyclic degrading 
responses of the ABAQUS FE model. It can be found 
that under the 515 kN constant axial load, the cyclic 
degradation of the ABAQUS FE model is more severe 
than in the case of 257 kN axial load. This 
phenomenon has been captured well by using the 
same set of degrading parameters in the two FBC 
models. Based on this finding, a refined model was 
constructed. 

 
 
 
 
 
 
 
 
 

Fig. 7 The stress versus strain relationship of each 
fiber in the FBC model 

 
 
 
 

 

 

 

Fig. 8 Local buckling of the ABAQUS column 
model  

 
The refined “FBC” frame model was 

constructed by replacing the 1st story columns of the 
basic model with the FBC model columns. Figure 9 
compares the X and Y directions’ 1st story drift time 
histories of Model FBC and test results (Tada et al., 
2008) under the collapse-level excitations. In both 
directions, the analytical results show good 

correspondence with the test responses. In addition, 
the time instant at which the inter-story drift of the 
analytical model reached 0.13 radian appears very 
close to that measured from the test (Figure 9b). It is 
illustrated that the refined FBC analytical model 
made in this study can simulate satisfactorily the 
collapse of the specimen. 
 
 
 
 
 
 
 
 

(a) X-direction          (b) Y-direction 
Fig. 9 First-story drift time histories 

 
Based on the analytical and experimental 

studies, summaries and conclusions can be made as 
follows: 
1. The basic frame model using bilinear 
hinge-model column elements have failed to predict 
the frame collapse time. The key reason is that the 
column strength degradation due to the local 
buckling has not been considered.  
2. The ABAQUS column local buckling responses 
can be represented using the PISA3D fiber-model 
column with Buckle Material. The proposed FBC 
column model can conveniently incorporates the 
combined cyclic strength degrading effects among 
the varying axial loads and bi-axial bending 
moments. The collapse of the test frame is strongly 
governed by the severe local buckling of the columns 
in the first story. The collapse time of the test 
building can be simulated in the FBC frame model 
using this column model element. This suggests that 
the analytical force versus deformation relationships 
of the first story columns strongly affects the 
collapse prediction of the frame. Proper column’s 
analytical model with reasonable degrading rules is 
important for the collapse simulation. 

Development of the PISA4SB for 
Applications in Taiwan School Building 
Seismic Retrofit Program 

According to the observations made after 
several major earthquakes occurred in Taiwan, 
school building has been found lacking of seismic 
resistance. The school building collapses were 
usually along the corridors and often caused by the 
short column effects, lack of lateral reinforcement 
and the embedded pipelines. Because school 
buildings could be required to serve as the 
emergency shelter after a strong earthquake, seismic 
evaluation and retrofit of school building are 
extremely urgent. Therefore, the National Center for 
Research on Earthquake Engineering (NCREE) has 
implemented the static pushover procedures (Chung 
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et al., 2009) for the detailed seismic evaluation of 
school buildings. In the static pushover procedures 
proposed by NCREE, the hinge properties of 
columns, beams, brick walls and RC walls are 
carefully calibrated based on the full scale 
experiments conducted in NCREE in the past ten 
years. Furthermore, in order to enhance the user 
friendliness, auxiliary modules in calculating the 
hinge properties have been developed by NCREE 
researchers. This could allow engineers to more 
accurately apply commercially available softwares. 
However, when the auxiliary modules are applied on 
commercial software, user must first define before 
assigning the sections to the corresponding columns, 
beams, brick and RC walls in the text-based files. 
Without the graphic user interface, errors have been 
found common in the cross-platform operations. In 
order to resolve these issues regarding the 
applicability to commercial software, based on 
PISA3D, NCREE has customized the nonlinear 
structural analysis program, PISA4SB (Platform of 
Inelastic Structural Analysis for School Buildings) 
specifically for the school building structures. The 
structural model templates (Fig. 10) are provided in 
the PISA4SB to allow the user to conveniently 
construct the analytical models (Fig. 11) for typical 
low-rise school buildings. After the gravity load 
analysis is conducted, PISA4SB automatically 
incorporates the column axial loads in calculating the 
parameters for the multi-linear degrading material 
properties of any plastic hinge. PISA4SB evaluates 
the capacity curve and computes the seismic 
performance point based (Fig. 12) on the given 
design response spectrum provided by the user for 
the school building’s site. Any engineer can 
conveniently apply the PISA4SB to complete the 
seismic evaluation of a school building without 
cross-platform operations. Several applications of 
PISA4SB show that PISA4SB is a simple and 
complete solution for the static pushover procedures 
proposed by NCREE.  

 

 
Fig. 10 The structural model templates for 

typical low-rise school buildings. 

 
Fig. 11 The analytical model of PISA4SB 

 

 
Fig. 12 PISA4SB provide the module to 

compute the performance point 
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Preliminary Implementation and Numerical Tests of 
Online Updating Hybrid Simulation Method 

Yuan-Sen Yang (楊元森)1, Keh-Chyuan Tsai (蔡克銓)2  

Abstract 
This report briefly presents the progress of implementing the framework of a new 

method to run a hybrid simulation termed as online updating hybrid simulation. The online 
updating hybrid simulation is aimed to solve a problem of inconsistency when simulating 
dynamics of a structure with repetitive substructures, while only one of the substructures 
can be simulated by a physical specimen. This work is a collaborative work between the 
National Center for Research on Earthquake Engineering (NCREE) and the Mid-America 
Earthquake (MAE) Center. NCREE is planning on developing algorithms for the updating 
of material models used in the finite element analysis according to instantly measured data. 
Further details of the upcoming work will be described in the near future. 

Keywords: Hybrid simulation, online updating, numerical model, optimization, neural 
network 
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Introduction 
Experimental and numerical earthquake 

simulations are two important approaches in observing 
the behaviors of structures subjected to extreme 
earthquake loads. In addition to numerical simulation 
and experimental simulation, which are commonly 
employed approaches in earthquake engineering 
simulation, hybrid simulation approach is widely used 
as well. To simulate the dynamic response of a 
structure, a part of the structure (or a substructure) can 
be simulated by one or more physical specimens in 
laboratories, while the remaining part of the structure 
can be simulated by numerical simulation. Commonly, 
the numerical parts of the structure are the parts where 
researchers have reasonable numerical models to 
simulate, while the experimental parts of the structure 
are more unknown. As shown in Fig. 1, a hypothesis 
bridge structure with two short piers and two long 
piers was tested using hybrid simulation. Assuming 
the short piers would encounter more violent 
deformation and would go into more severe damages 
than the long ones while subjected to earthquakes, the 
behaviors of the short piers are not well known and 
are more difficult to simulate numerically. The two 
short piers were then simulated by two physical 
substructure specimens, while the longer piers and 
other components of the bridge were numerically 
simulated in the hypothetical hybrid simulation.  

 
Fig. 1 A hybrid simulation with two physical 

substructure specimens (plotted using 
GISA3D [1])  

In some cases, however, repetitive substructures 
may have inconsistent structural behaviors if identical 
substructures have different structural behaviors. It is 
not practical to construct specimens for all of these 
parts because of high experimental cost of multiple 
substructure hybrid simulation. Only one or a few 
substructures can be simulated experimentally in a 
laboratory, while the rest of them need to be 
numerically simulated. The difference of structural 
behaviors results in inconsistent responses among 
substructures and may lead to unconvincing structural 
system responses. An idea of online updating of 
numerical models during a hybrid simulation has been 
proposed by Elnashai [2] to improve the consistency 
among substructures in a hybrid simulation, as shown 
in Fig. 2. Conceptually, researchers learn more about 
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the structural behaviors of the experimental 
substructures during the progress of the test, and have 
more information to tune the presumed parameters of 
the numerical models. 

 
Fig. 2 An online updating hybrid simulation with one 

physical substructure and many roughly identical 
online updating numerical substructures. 

Online Updating Hybrid Simulation 
Framework 

To distinguish from an online updating hybrid 
simulation, a hybrid simulation [3,4] without online 
hybrid simulation is called conventional hybrid 
simulation in this paper. The flowchart of a 
conventional hybrid simulation is shown in Fig. 3. The 
time sequence of a conventional hybrid simulation in 
each time step is shown in Fig. 4.  
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Fig. 3 Flowchart of a conventional hybrid simulation  
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Fig. 4 Time sequence diagram of a conventional hybrid 

simulation in each time step 

The procedure of an online updating hybrid 
simulation [5] is basically based on a conventional one, 
except that there is an additional parameter analysis 
module, and the original numerical substructure 
module is modified so that it allows updates of some 
of its numerical parameters (as shown in Fig. 5). 
Figure 6 presents the time sequence diagram of 
online-updating hybrid simulation in each time step.  

The parameter analysis module calculates a set of 
parameters for the numerical model based on the 

experimental data. The 
N

ipar 1  is a set of calculated 
parameters for the numerical model at time step i+1. 

The modified numerical substructure module updates 

the numerical model according to 
N

ipar 1  and 

calculates its resisting force 
N

ir 1
~

 regarding the 

displacement 
N

iu 1
~

. Online updating hybrid simulation 
is based on the following assumptions:  

(1) Assumption of similarity of numerical models: It 
is assumed that we have a numerical model for 
the experimental substructure, and the numerical 
model is similar to that of the numerical 
substructure. For detailed description and 
formulations, please refer to [5].  

(2) Assumption of small change of resisting force 
history: It is assumed that the change or updating 
of the numerical model does not lead to a 
significant change on their past history. For 
detailed description, formulations, and figures, 
refer to [5].  
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Fig. 5 Online updating hybrid simulation flowchart [1] 
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Fig. 6 Online updating hybrid simulation flowchart [1] 

Preliminary Numerical Test 
In this work, a bridge structure with two 

double-skinned concrete-filled tubular (DSCFT) piers 
was test using the proposed online updating hybrid 
simulation method. The structural design of the bridge 
was modified from the bridge structure used in the 
Taiwan-Canada transnational hybrid simulation 
project carried out in 2006 [6]. Both piers have height 
of 22.5 meters in the preliminary numerical test. Each 
span of deck was 40 meters, except that the left span 
was 45 meters, resulting in asymmetry of the structure 
along the x-axis. The bridge tested in this work as 
shown in Fig. 7 (plotted using OpenSees Navigator 
[7]), was subjected to the ground motion of Chi-Chi 
earthquake recorded at station CHY024. The ISEEdb 
system [8,9] with OpenSees numerical simulation tool 
[10] was employed in the tests. Forty-two seconds of 
trilateral ground motion (including north-south, 
east-west and vertical directions) was inputted. The 
time increment was set to 0.02. There were 2,100 time 
steps in each simulation. Classical Rayleigh’s 
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damping ratio was set to 3% based on a preliminary 
modal analysis showing the first two natural periods 
which were 1.7s and 1s, respectively. 

 
Fig. 7 Bridge structure tested in this work 

In this work, no physical tests were done. To test 
the proposed online updating hybrid simulation 
method, all hybrid simulations were simulated 
numerically. The structure and sub-structure piers 
were simulated numerically, including the 
sub-structure referring to a physical experimental pier. 
The physical experimental substructure was simulated 
by a sophisticated numerical model, a fiber-sectioned 
beam-column element. The numerical substructure 
was simulated by a bilinear model composed of a 
linear beam-column element with bilinear rotational 
bilateral rotational springs.  

The numerical test includes the following analysis 
cases:  
(1) Case A: This case of analysis simulated the 

conventional hybrid simulation. The Pier 1 was 
simulated by a sophisticated numerical model, 
representing its physical behavior. The Pier 2 was 
simulated by a bilinear model, representing a 
numerical model, which is mostly simpler than its 
physical behavior, in a conventional hybrid 
simulation. It should be noted that, the 
sophisticated model was used to represent the 
physical model only because the physical 
behavior of a substructure is often more 
complicated than a numerical model. It is not 
consequent though that the sophisticated model is 
a more accurate model to simulate the 
substructure. 

(2) Case B: The analysis Case B simulated an online 
updating hybrid simulation. Same as the Case A, 
Pier 1, representing the physical substructure, was 
simulated by a sophisticated model. Pier 2 was 
simulated by a bilinear model which bilinear 
parameters may be updated by the proposed 
method. This analysis case represents the usage of 
the proposed online updating hybrid simulation 
method.  

(3) Case C: This case simulated the actual dynamic 
response of the bridge system subjected to the 
aforementioned ground motion. Both piers in this 
case were simulated by a sophisticated model.  

The material properties of the fiber-section model 

were based on the concrete and steel material tests 
done in the aforementioned transnational experiment. 
The bilinear model of the DSCFT pier was based on 
the mechanical behaviors introduced in [11]. The 
optimization method adopted in the preliminary test 
was a Simplex method [12] implemented in 
MATLAB [13].  

Figure 8 shows the first 9 seconds of the 
displacement responses along x-axis (Ux) at the top of 
the Pier 1. The Ux on both tops of the piers were 
about the same due to the high axial stiffness of the 
deck. It can be seen that, the Case B, which employed 
the proposed online updating hybrid simulation 
method, is closer to the Case C. It is because the initial 
stiffness of the bilinear model of the Pier 2 was 
updated according to the Pier 1’s responses in the first 
few seconds of the simulation. The drift ratio of the 
Ux peak around the 9th second was about 1.8% toward 
(-x)-direction, which is the maximum peak of the 
displacement histories over the simulation. 

 
Fig. 8 The Ux responses before the maximum peak 

The online updating hybrid simulation, however, 
did not perfectly match the Case C result. After the 
maximum peak at the 9th second, as shown in Fig. 9, 
the case B result did not catch well the response of the 
Case C, yet it is still generally better than the Case A 
(conventional hybrid simulation method). It should be 
noted that Case B and Case C used different numerical 
models for the Pier 2. Certain differences of the 
responses can be expected if different numerical 
models were used.  

 
Fig. 9 The Ux responses after the maximal peak 

The differences between the Cases B and C can be 
seen by comparing their hysteresis loops. Figures 10 
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and 11 show the Ux-Fx hysteresis loops of the Pier 2 
in the Cases B and C, respectively. It can be seen that 
the bilinear model dissipated much energy in the case 
B than the fiber-section model did in the Case C, even 
if the initial stiffness of the bilinear model was 
updated at the very beginning of the simulation of the 
Case B. This may be the reason that the response in 
the Case B decayed significantly after the Ux peak.  

 
Fig. 10 Hysteresis loop of the fiber-section model 

 
Fig. 11 Hysteresis loop of the bilinear model 

Summary 
This work introduced the initial implementation of 

the proposed online updating hybrid simulation 
method and carried a set of numerical tests. Three 
simulation cases were carried out. The Case A 
represented a hybrid simulation using a conventional 
method; the Case B represented the usage of the 
proposed online updating hybrid simulation, while the 
Case C represents a complete experimental result. It is 
shown that the online updating method performed 
better than the conventional hybrid simulation in the 
conducted tests.  

Moreover, this paper presents the progress of the 
research work on online updating hybrid simulation 
method. At present, this method is not yet mature and 
reliable enough to be employed to any real hybrid 
simulation. More examples are needed in the near 
future to verify the accuracy and reliability of the 
online updating method. In addition, there are still 
many technical issues to discuss, such as discussion 
on the changes of kinematic energy and strain energy 
after material parameters are updated, and the 
rationality of the changes of the material parameters 
during the hybrid simulation.   
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A Strain Field Measurement Method for Surfaces with 
Out-of-plane Deformations 
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Abstract 
This paper presents the progress of a follow-up development of the ImPro Strain, an 

image-based surface strain field measurement system. The ImPro Strain assumes that the 
measurement regions are planes. In this work, an alternative surface deformation 
measurement method is prototyped so that it is also suitable to measure out-of-plane 
deformation. The photography hardware is based on commodity digital cameras and their 
accessories. The software prototyped in this work is based on open source toolkits. Image 
template matching is performed on image pairs taken by a dual-camera facility. Four-node 
finite element shape functions are adopted for image reconstruction during sub-image 
template matching to decrease the geometric distortion induced by the viewing angle 
differences between two cameras.   

To evaluate the accuracy of this system, a set of zero-strain tests are carried, and the 
photos of an RC-wall experiment performed and a steel braced frame are used in this work. 
The results show that this system is capable to capture out-of-plane deformation and its 
strain fields.  

Keywords: Digital image-based measurement, dual-camera system, image reconstruction 
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Introduction 
Deformation measurement is an important work in 

most of the structural experiments. A strain gauge 
provides a straightforward and accuracy approach to 
measure single point strain, and has been widely 
employed in earthquake engineering experiments. In 
addition to strain gauges, remote measurement 
technologies, such as image-based measurement, have 
also been commonly employed by a wide range of 
experiments in automobile industry, military industry, 
and medical discipline, etc. By using high quality 
industrial digital cameras or similar optical sensors 
with accessorial software, measurement systems 
acquire images and calculate movements and/or 
deformations of objects. Several commercial products 
have been available in the market. However, 
commercial systems are expensive that may hinder 
wide practical applications in civil engineering 
industry. In addition, most of the systems are 

encapsulated and do not provide their software 
modules or software development toolkits, so that it is 
not easy for researchers to modify their functionalities 
or customize them to meet different requirements for 
various experiments. In addition to purchase 
encapsulated facilities, it is important as well to 
employ the image-based measurement techniques, 
software toolkits, and relative knowledge for wider 
applications on not only earthquake engineering 
experiments but also on future widely deployed, 
low-cost and reliable structural health monitoring. 

This center has been employing state-of-the-art 
image-based measurement technology since the first 
large-scale dynamic RC collapse experiments in 2005. 
A MATLAB-based software, named ImPro, was 
developed to measure 2-D dynamic displacement 
histories of specimens being tested on a shake table. A 
system named ImPro Strain [1], extended from the 
ImPro aforementioned, was then developed to 
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measure 2-D displacements and strain fields of 
specimen plane regions in static tests.  

Prototyped Method and System 
This work prototyped an alternative method to 

measure surface strain fields through image-based 
measurement. Similar to the ImPro Strain, this system 
uses dual-camera calibration and stereo triangulation 
for 3-D positioning. With random spray patterns 
painted on the measurement regions, displacements of 
any arbitrary point P in the regions can be traced by 
image template matching. The image template 
matching is to maximize the following formulation: 
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where the G0(s) and Gd (s') are the color intensity 
fields around point P before and after it is moved. The 
s' in Gd (s') which leads to a maximal C(D) is regarded 
as the point P after it is moved.  

Image template matching operation may lead to 
inaccuracy or unexpected error when we are trying to 
match sub-images of photos taken by different 
cameras with different view angles. As shown in Fig. 
1, for example, a rectangle measurement region is 
geometrically distorted in different ways in two 
cameras. Matching images or sub-images from one 
photo to another without considering the distortion 
condition lead to inaccuracy or unexpected mismatch. 

Fig. 1: Distortions from different view angles 

To solve this problem, image reconstruction is 
performed in this work. Based on the camera 
calibration results, both images can be reconstructed 
so that they are equivalent as if they were taken from 
the same view angle. In the image reconstruction, 
four-node linear finite element iso-parametric 
formulations [2], as shown in Fig. 2, are employed in 
this work.  
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(a) x-y coord. system (b) -  coord. system 

Fig. 2: Four-node iso-parametric element represented 
in different coordinate systems 

Similar to the ImPro Strain, the system prototyped 
in this work is written using MATLAB environment, 
and is based on an open source C/C++ written 
computer vision toolkit named OpenCV developed by 
Intel, Inc. [3] and a MATLAB written tool named 
Camera Calibration Toolbox [4]. In this work, the 
OpenCV is used for image template matching, while 
the Camera Calibration Toolbox is used for camera 
calibration, image reconstruction, and stereo 
triangulation.  

System Verifications 
The prototyped system is verified by using photos 

taken in several zero-strain tests and large-scale 
experiments. Due to a page limit of this paper, only 
the application of this system to a zero-strain test, a 
steel braced frame experiment, and an RC-wall 
experiment, are shown in this paper.  

Zero-strain Test 

A zero-strain test is to measure the strain fields of 
a rigid plate with zero stress and strain. Photos of the 
plate with different rigid-body movement are taken. 
Since the plate were placed at different locations, the 
photos (or optical signals) taken are much different. 
However, it is supposed that the measured strain fields, 
which are calculated through a series of processes of 
image reconstruction, template matching and stereo 
triangulation, should be zero theoretically. The actual 
calculated strain fields in a zero-strain test are an 
important index of image-based measurement 
accuracy. Figure 3 shows the rigid plate used in the 
zero-strain presented in this paper. The plate was 
moved horizontally by 0.02mm, 0.32mm, 1.28mm, 
2.56mm and 5.12mm in order, then moved vertically 
in the same way. Table 1 lists the measured 
displacements using the prototyped system. Table 2 
presents the average value of measured strain fields.  

 
(a) Photos taken by 

left-hand-side camera 
(b) photos taken by 

right-hand-side camera
Fig. 3: Rigid plate in the zero-strain test  

According to the zero-strain tests, it is estimated 
that, with 12-million-pixel Canon 450D digital 
cameras, the displacement measurement accuracy are 
0.014mm and 0.064mm along horizontal and vertical 
axes, respectively. The actual physical size a pixel 
represents differs from locations in image, but roughly 
it is 0.05mm in this test. The accuracy is around 0.3 to 
1 pixel. Compared to the ImPro Strain, which 
achieving 0.03 to 0.06 pixels, the accuracy of the 
prototyped approach is not very competitive. It is 
probably because stereo triangulation the major error 
source, which is diluted over the measurement region 
because ImPro Strain only applies triangulation at 
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boundaries. In addition, it should be mentioned that 
the feature of the prototyped method in this work is its 
capability on out-of-plane deformation measurement, 
not plane strain field accuracy.  

Table 1: Measured displacements  

 
Measurement horizontal displacements (mm) 

(rigid plate moved horizontally) 
Disp. 
(mm) Max Min Average Absolute 

error 
Relative 

error 
0.02 0.0214 0.0161 0.0199 0.0001 0.50%
0.32 0.3248 0.3120 0.3188 0.0012 0.38%
1.28 1.2790 1.2600 1.2691 0.0109 0.85%
2.56 2.5544 2.5367 2.5463 0.0137 0.54%
5.12 5.1259 5.1001 5.1133 0.0067 0.13%

 Measurement vertical displacements (mm) 
(rigid plate moved vertically) 

Disp. 
(mm) Max Min Average Absolute 

error 
Relative 

error 
0.02 0.0296 0.0177 0.0233 0.0033 16.55%
0.32 0.3278 0.3069 0.3187 0.0013 0.40%
1.28 1.2854 1.2650 1.2741 0.0059 0.46%
2.56 2.5766 2.5522 2.5623 0.0023 0.09%
5.12 5.1994 5.1700 5.1838 0.0638 1.25%

 
Table 2: Measured strain fields  

 
Measurement horizontal displacements (mm)

(rigid plate moved horizontally) 
Disp. 
(mm) 

Average strain 
(exx) 

Average strain 
(eyy) 

0.02 -6.1937×10-6 -2.4930×10-5 
0.32 9.5504×10-6 2.6242×10-5 
1.28 3.4454×10-5 5.3549×10-5 
2.56 5.3986×10-5 6.9756×10-5 
5.12 1.0914×10-4 1.0061×10-4 

 
Measurement vertical displacements (mm)

(rigid plate moved vertically) 
Disp. 
(mm) 

Average strain 
(exx) 

Average strain 
(eyy) 

0.02 -1.4186×10-5 -1.6549×10-5 
0.32 -5.1797×10-5 -3.6087×10-5 
1.28 -5.0911×10-5 -2.2190×10-5 
2.56 -1.2157×10-5 -5.1413×10-5 
5.12 -5.1600×10-5 -1.2380×10-4 

RC-wall Experiment 

The RC-wall experiment (Fig. 4(a)) was carried 
out at NCREE [5] and the photos taken were analyzed 
by ImPro Strain [1,7]. These photos are re-used in this 
work. Two measurement regions at two corners were 
selected as shown in Fig. 4(b). Figs. 5 and 6 
demonstrate the measured strain fields at different 
stages of the experiment. The measured strain fields 
are close to those measured using the ImPro Strain. 
Because of the page limit, only a few demonstration 
figures are shown here. Complete image-based 
measurement strain fields of this experiment can be 
found in [6] and [7].  

(a) RC-wall 
configuration [5] 

(b) Measurement 
regions [1] 

Fig. 4: RC-wall experiment  

(a) Strain field exx (b) Strain field eyy 
Fig. 5: Left-corner strain fields (Top Ux=91mm)  

(a) Strain field exx (b) Strain field eyy 
Fig. 6: Left-corner strain fields (Top Ux=183 mm)  

Steel Braced Frame 

A concentrically braced frame was carried at 
NCREE [8]. A plate connecting a brace and a gusset 
plate was observed by a dual-camera system as shown 
in Fig. 7. Out-of-plane deformation occurred to the 
observed plate during the experiment. Therefore, the 
ImPro Strain is not suitable for the measurement job. 
In this work the photos are used evaluate the 
prototyped system. The red grid in the Fig. 8 is 
post-processed, representing the measurement region.  

Fig. 7: Steel braced frame test and camera setup 
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Fig. 8: A photo taken in the steel braced frame test 

(Red grid is post-processed, showing measurement 
region) 

Figures 9(a) and 9(b) show an example of the 
shape of the plate before and after it is deformed. Each 
rectangle cell in the measurement region grid is 
positioned through image template matching and 
stereo triangulation. The thorny signals at the 
lower-right part of the grid should be ignored as it is 
not what researchers are interested. These signals are 
thorny because the two cameras take different faces of 
the protruding connector, and the image pairs can not 
be matched. The out-of-plane deformation is observed 
using the prototyped method in this work. Further 
information of the measured data of the plate can be 
found in [6].  

(a) Initial shape (b) Deformed shape 
Fig. 9: Deformation/movement measurement plots 

Summary 
In this work, a surface deformation measurement 

method was prototyped to measure out-of-plane 
deformation, while the original ImPro Strain was only 
applicable on plane surfaces. Four-node finite element 
shape functions were adopted for image reconstruction 
during sub-image template matching to decrease the 
geometric distortion induced by the viewing angle 
differences between two cameras.   

A set of zero-strain tests were carried to estimate 
the accuracy of the prototyped method. Although the 
accuracy of measurement of plane strain fields using 
the prototyped method is not as high as that ImPro 
Strain does, this method captures out-of-plane 
deformation which ImPro Strain can not. The photos 
of an RC-wall experiment performed and a steel 
braced frame were used in this work. The results 
demonstrate that this system is capable to capture both 
in-plane and out-of-plane deformation and their strain 
fields.  
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Abstract 
A novel motion analysis method, the so-called vector form intrinsic finite element 

(VFIFE) method, was used to simulate the nonlinear behavior of reinforced concrete 
structures. Two-dimensional solid finite elements were used to model the concrete, and 
truss elements were adopted to model the steel reinforcements. An equivalent uniaxial 
strain model that can characterize the nonlinear monotonic loading behavior of concrete 
material by Darwin and Pecknold was adopted. The investigation first considered the 
development of a consistent material model that matches the analytical model made by 
Darwin and Pecknold. In the second part, the results of VFIFE method were compared with 
experimental results for the behavior of concrete under monotonic, uniaxial and biaxial 
loadings. Numerical examples demonstrated that the nonlinear responses of RC structures 
can be analyzed effectively by the proposed equivalent uniaxial strain model of concrete in 
two-dimensional solid finite elements and truss elements. 

Keywords vector form intrinsic finite element, reinforced concrete structure, equivalent uniaxial 
strain model 
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Introduction 
Reinforced concrete is one of the most widely 

used modern building materials. To improve the 
mechanical properties of high-strength concrete, 
reactive powder are commonly used to satisfy criteria 
of safety, durability, and serviceability. In order to 
ensure the serviceability requirement, it is necessary to 
predict the deflections of RC structures under service 
loads. 

A novel motion analysis method, the so-called 
vector form intrinsic finite element (VFIFE) method 
is utilized in this study. Two-dimensional solid finite 
elements were adapted to model concrete. The truss 
elements were adopted to model the steel 
reinforcements. Both models were used to simulate 
the nonlinear responses of reinforced concrete 
structures. 

Fundamentals of the V-5 method of  
2D solid element 

Basic assumptions 
Basic assumptions in the VFIFE method are:  
1. In a path element, deformation of the structural 

element is small. The internal nodal force shall 
have small deformation and large displacement. 

2. In a path element, geometrical change of the 
internal nodal force can be neglected. 

In the spatial point, basic assumptions in the VFIFE 
method are:  
1. The deformation of the structural element to 

approximate uniform deformation. 
2. The displacement interpolation functions in 

element are adopted. 
3. The element mesh is continuum. 
Motion analysis of the basic steps 

The position and the geometry of the structure 
member are described by a set of mass particles. At a 
time t ( a bt t t ), the equation of motion for a mass 
particle can be established by using of Newton’s 2nd 
law of motion, 

1 1
,

n n

i i a b
i i

m t t td P p f  (1) 

The displacement vector d is mathematically 
expressed as, 
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ax is the displacement vector of mass particle at 

time at . 
In this project, a 3-node plane element was 

adopted. tx 1,2,3  are the node 
displacement vectors of the element. The nodal 
deformation can be calculated as follows: 
Step 1: Estimate the rigid body displacement and 

rotation. 
Step 2: Let the element have a reversed rigid body 

motion from time t to ta. Comparing the 
geometry at time t and the geometry at time 
ta, the element of the deformation can be 
calculated. 

Then, the deformation coordinates ˆ ˆ,x y  is defined. 
The deformation of 2D solid elements in an arbitrary 
point is: 

2 2 3 3ˆ ˆ ˆu N u N u  (3) 

3 3ˆ ˆv N v  (4) 

1

1 ˆ ˆ( ) , 2,3i i iN x y i  (5) 

Where iN  is a shape deformation function in the 
deformation coordinates. The strain-stress relation of 
deformation solid is: 

*ˆ ˆ ˆf nD u Bu  (6) 
*ˆ ˆa nE Bu  (7) 

From the notion that external virtual work is equal to 
internal virtual work, we can compute the internal 
forces: 

*ˆ ˆ
a

T
a a a a

A

d dAf B  (8) 

Equation (8) gives three nodal forces 
corresponding to the relative motion of the element. 
The other force components corresponding to the total 
element motion can be found from the force 
equilibrium conditions of the element.  
The Constitutive Model of Concrete and 
Steel 

In this study, the stress-strain relationship of 
concrete was adopted incrementally for the 
orthotropic material in VFIFE Method. This 
relationship was built in the principal direction. In 
addition, the principal stress direction is equal to the 
principal strain direction. Then, the constitutive 
model of concrete can be computed from the 
following expressions: 

D
01 1 2 11 01 2 2 221
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 (9) 

Where 1E 、 2E and are stress-dependent material 
properties, where material axes 1 and 2 coincide with 
the current principal stress axes, and G is the shear 

modulus of the material. 
The shear modulus G can be established by the 

following equation based on an assumption that there 
is no particular direction, 
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Basic assumption of equivalent uniaxial strain 

The concept of “equivalent uniaxial strain” was 
developed in order to keep track of the            
degradation of stiffness and strength of plain 
concrete and allow actual biaxial stress-strain curve 
to be duplicated from “uniaxial” curves. 
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The curves selected for compressive loading were 
based on an equation suggested by Saenz (see Fig. 1) 
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where E0 is the tangent modulus of the initial part of 
the ascending branch;  Es is the secant modulus 
which corresponds to the maximum compression 
stress ic and the equivalent uniaxial strain ic at the 
peak unaxial stress. 
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Fig 1. Equivalent uniaxial strain stress-strain curve 
 
The equivalent uniaxial strain stress-strain curve can 
be computed from the following three steps: 

Step 1. Determination of ic and it  
The classification of constitutive relationships 

must be guided by an interactive failure criterion for 
concrete. Various proposals have been made to 
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describe the failure strength characteristics of concrete. 
Among these proposals, the most popular is Kupfer’s 
failure surface (Kupfer and Gerstle, 1973) which 
provides the biaxial strength of concrete under 
compression-compression, tension-compression and 
tension-tension as follows: 
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Fig 2. Biaxial strength envelope 

(1) In the compression – compression stress space: 

2 2

(1 3.65 )
(1 )c cf , 1 2c c  (16) 

(2) In the tension-compression stress space: 
2

1 (1 0.8 )t t
c

f
f

, 2 2

(1 3.28 )
(1 )c cf  (17) 

(3) In the tension–tension stress space: 

1t tf , 2t tf  (18) 

Wherein cf  is the compressive strength of 
cylinder specimen; is the ratio of principal stresses; 

ic  is the maximum compressive stress; it  is the 
maximum tensile stress; 1c, 2c and f c are negative for 
compression. 

Step 2. Determination of ic     

When ic cf  

3 2ic
ic p

cf
                 (19) 

When ic cf  
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      0.35

ic ic
ic cu cu
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cu

c

f f
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Where cu is the strain at peak stress for the real 
uniaxial curve. 
 

Step 3. Determination of Poisson’s Ratio  
0.2  (21) 

Equation (21) is adopted in compressive-compressive 
and tension-tension conditions. 

4 42 1

1

0.2 0.6( ) 0.4( )
c tf

 (22) 

0.99  
Equation (22) is adopted in uniaxial compressive and 
tension- compressive conditions. 

Due to the steel reinforcing bars, RC structures 
can carry tension and compression forces. In structural 
analysis, the truss element is the simplest form of 
structural elements. It is used to model the steel 
reinforcements in RC structures. In this study, the 
concrete and reinforcing bars were represented by 
different material model. These models are combined 
together with a model for the interaction between 
reinforcing bar and concrete through perfect bond in 
describing the behavior of the composite reinforced 
concrete material. 

To account for the bond-slip effect between 
concrete and reinforcement, an elastic-plastic model 
of reinforcement is proposed for the numerical 
simulation (see Fig. 3). 
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Fig 3. Steel stress-strain relation 

If the reinforcing steel is subjected to tension stress 
behavior: 

when s sy , adopt 1 0s s sE E E   

when s sy , adopt 2 00.01s s sE E E  

where 0sE is the initial modulus of a steel 

reinforcement; and sy is yielding strain of a steel 

reinforcement , 0/sy y sE . 
If the reinforcing steel is subjected to compression 
stress behavior: 

when s sy , adopt 1 0s s sE E E   
when s sy , adopt 2 00.01s s sE E E  

Numerical Examples 
In this study, two numerical examples are presented 
to demonstrate both the capability and the accuracy of 
the VFIFE method in a nonlinear dynamic analysis of 
RC structures. The first example correlates the 
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experiment result (Burns), analysis result (Barzegar) 
and result of the numerical simulations by VFIFE 
method (see Fig. 4 ). 
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Fig 4. Comparing the results of the numerical 
simulations and experimental response on force 
displacement curve. 

 

 
The second example compares experiment result 
(Bresler), analysis result (Kwak) and result of the 
numerical simulations by VFIFE method (see Fig. 5). 
 

Conclusions 
In this project, an extension of the VFIFE approach 
for the nonlinear analysis of RC structure is 
introduced. Two examples were used to demonstrate 

the effectiveness of the VFIFE method in nonlinear 
response of RC structures by the proposed equivalent 
uniaxial strain model of concrete. 
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Fig 5. Comparing the results of the numerical 
simulations and experimental response on force 
displacement curve. 

 
 

Compressive strength of concrete cylinder 
specimen  -4.82cf ksi  
Strain at peak stress for the real uniaxial 
curve  -0.0022 /cu in in  
Uniaxial tensile strength of 
concrete   0.482tf ksi  
Elasticity modulus of concrete 3800cE ksi  
Poisson’s Ratio  0.2  

Mass density 3150 lb
ft  

Ratio of the stresses 0.99%  
Elasticity modulus of steel reinforcement 

29500sE ksi  
Yield strength of steel reinforcement 

44.9yf ksi  

Compressive strength of concrete cylinder 
specimen 3.49cf ksi  
Strain at peak stress for the real uniaxial 
curve 0.0022 / .cu in in  

Uniaxial tensile strength of concrete 0.349tf ksi  

Elasticity modulus of concrete 3367cE ksi  
Poisson’s Ratio 0.2  

Mass density 3150 lb
ft  

Ratio of the stresses 1.53%  

#9: 
Elasticity modulus of steel reinforcement 31600
yielding strain of a steel reimforcement 80.5

s

y

E ksi
f ksi

 

#4:
Elasticity modulus of steel reinforcement 29200  
yielding strain of a steel reimforcement 50.1

s

y

E ksi
f ksi

 

#2:
Elasticity modulus of steel reinforcement 27500
yielding strain of a steel reimforcement 47.2

s

y

E ksi
f ksi
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Construction and Application of NCREE Information and 
Knowledge Services (II) 

Kuang-Wu Chou 1, Wen-Hsiang Tu2, Chun-Yu Lin3, Shang-Hsien Hsieh4,              
and Hsien-Tang Lin5 

周光武 1、涂文祥2、林峻毅3、謝尚賢4、林顯堂5 

Abstract 
In order to manage and disseminate the accumulated research accomplishments of 

NCREE, this work developed knowledge management tools and information management 
systems, and improved the existing information systems to meet new requirements. An 
earthquake engineering knowledge retrieval system, based on this work last year (2008), 
was developed for dissemination of the NCREE research accomplishments. In addition, an 
experiment information management system integrates all the existing experiment 
management tools that had already developed, and offers complete services from the 
application of an experiment to its finish. Finally, a cooperation platform was established 
to help NCREE colleagues co-manage important documents and at the same time 
implement the information security policy of NCREE. 

Keywords: information retrieval system, ontology, experiment data and flow management, 
experiment online application, cooperation platform 
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Introduction 
The National Center for Research on Earthquake 

Engineering (NCREE) has delivered valuable research 
and accumulated extensive knowledge in areas such as 
large-scale experiments; innovative experimental 
technologies; seismic design, evaluation, and retrofit 
of structures; and seismic hazard simulation. If the 
knowledge gets managed, disseminated, and 
demonstrated effectively, it may form a strong basis of 
further research and may be used to solve more 
problems in the field of earthquake engineering. 
Therefore, how to manage the NCREE knowledge and 
promote its applications is one of the focuses of this 
work. Extending out the effort done in the past years, 
an earthquake engineering knowledge retrieval system 
was developed as a tool of knowledge management. 
Besides, this work considers that the data exploited or 
produced by experiments can be reused as a valuable 

asset of NCREE. The experiment online-application 
system and NCREE Data Center was thus created to 
manage experiment input and output data as well as 
the related information (Chou et al., 2008). Then the 
experiment flow management system (Chou et al., 
2009) was developed to offer more information 
management services for experiments. In 2009, those 
experimental systems were further integrated into an 
experiment information management system that 
provides complete services during the whole life time 
of an experiment, from its application to finish. 
Finally, this work considers that raising the NCREE 
colleagues’ working efficiency may promote both the 
quantity and quality of the NCREE researches. A 
cooperation platform was therefore established to help 
NCREE colleagues co-manage important documents 
and at the same time implement the information 
security policy of NCREE. 
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Development of Earthquake Engineering 
Knowledge Retrieval System 

This work and Department of Civil Engineering of 
National Taiwan University cooperate to develop an 
earthquake engineering knowledge retrieval system, 
OntoPassage. OntoPassage is based on the earthquake 
engineering ontology created in 2008 and provides 
users with domain-specific information retrieval 
services differing from what are provided by 
general-purpose search engines like Google. As 
shown in Fig. 1, OntoPassage can be used in two 
modes: the traditional retrieval mode and the 
conceptual retrieval mode. The method of conceptual 
retrieval is the focus of this work here. It appears 
capable of giving more precise search result than 
traditional information retrieval methods (Lin, 2009). 

 
Fig. 1 Entry to the OntoPassage system 
In the following, an example is given on how 

OntoPassage handles a query with the phrase Base 
Isolation under either the traditional or conceptual 
mode. Under selection of the traditional retrieval 
mode (i.e. selection of the Display Document radio 
button), the system found 84 related papers. The first 
page of the retrieved result shows top 5 papers that 
appear agreeing with the query (see Fig. 2). The user 
may choose the first paper and then review its full text 
as shown in Fig. 3. But users need to find the 
paragraph themselves in which they are interested. 

With the same query and the selection of the 
conceptual retrieval mode (i.e. selection of the Display 
Passage radio button), the system found 83 related 
papers. Here what the system targets is not a 
document but partitions of this document. For 
convenience, we name a partition “passage”. Before 
the system performs information retrieval, document 
passages have been determined according to the query 
and the query-related concepts from the earthquake 
engineering ontology we already developed (Chou et 
al., 2009). Thus we say this system found 940 
passages that appear agreeing with the Base Isolation 
query. 

The same as in the traditional mode, the page 1 of 
the retrieved result in the conceptual mode lists top 5 
agreeing documents. Top 3 agreeing passages, beneath 
each listed document, are also listed and each assigned 
an identifier followed by their similarity ranks (See 
Fig. 4). The right side of each result page shows how 
the topics of a document distribute over a concept tree 
or concept network. Besides, when the user chooses a 
document for review, the system will mark the 
agreeing passage in a full-text review (see Fig. 5). The 
left-top of this review page shows a concept tree or 

network that constitutes the chosen document. Such a 
concept view could help users rapidly figure out what 
the document describes. In addition, the second row in 
the left column of the document review page lists all 
the topics and positions of their corresponding 
passages. The user can switch among those topics, and 
the passage marked in the full-text view also change 
correspondingly. The third row lists the passages of 
other documents also containing the chosen topic. 
This function helps users study a concept across 
different documents. 

 
Fig. 2 Page 1 of the retrieved result in the traditional 

retrieval mode 

 
Fig. 3 Paper full-text review in the traditional 

retrieval mode 

 
Fig. 4 Page 1 of the retrieved result in the 

conceptual mode 

 
Fig. 5 Paper full-text review in the conceptual 

retrieval mode 
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Experiment Information Management 
The development of experiment information 

management systems has been conducted for two 
years since 2007. First, a management system named 
NCREE Data Center was released in 2007. It provides 
a user interface and a central repository for users to 
store and manage their experimental data. In 2008, 
this work extended its focus from experimental data to 
all experiment-related information. Thus the 
experiment online-application system and experiment 
flow management system were developed and 
provides more convenient services to help researchers 
follow through some required experimental processes. 

In 2009, NCREE began implementing a concept of 
integrated experiment information management in 
order to further carry out the experiment information 
management, and to reduce resource consumption and 
researcher effort on managing experiment information. 
It was expected that the integration of management 
systems could help users understand and then work 
more efficiently with the experiment information 
management. A concept of experiment life cycle was 
then conducted into the experiment information 
management. This concept describes what should be 
done during the life cycle of an experiment, which 
comprises five stages: application, review, plan, 
execution, and finish. The objective in application and 
review is to e-enable experiment preparation 
information and the objective in the last three stages 
focuses on experimental data collection. 

Fig. 6 shows the integrated management system 
proposed in this work. This system implements the 
five stages of experiment life cycle by integrating the 
experiment online-application system, the experiment 
flow management system, and NCREE Data Center. 
As the front end of the whole system, the experiment 
online-application system is responsible for the 
application and review stages. The experiment flow 
management system, as the back end system, takes 
charge of the plan, execution, and finish stages. On the 
other hand, NCREE Data Center collects data 
generated from those five stages and makes the data 
compliant with the NCREE Data Model. That is, as 
long as users operate the online-application system 
and the flow management system, any 
experiment-related data or information will be 
concurrently saved into NCREE Data Center. 

Although development of the online application 
and flow management systems can refer to the 
existing experiments in NCREE, it is still a challenge 
how to identify system requirements and how to 
design the user interface. In addition to satisfying the 
existing experiment operation flow, the system design 
should consider problems that may arise when the 
experiment information management intervenes any 
ongoing experiment. For now, two problems hinder 
the implementation of this system. First, the existing 
experiment operation flow has no distinction among 

the plan, execution, and finish stages. Second, there is 
no regulation on experimental data exchange between 
researchers and technicians. The solution on the two 
problems is what we currently investigate as new 
system requirements. 

 
Fig. 6 Integrated management system 
The prototype of the integrated management 

system was released for users to test in mid 2009. This 
work will base new system requirements on users' 
feedback to improve the management system. Besides, 
in order to ensure the system’s availability, a plan to 
recover the management system was developed. This 
disaster recovery plan covers backup and recovery 
mechanisms for management subsystems, databases, 
and file structures.  

NCREE Web Information Service 
Document management is crucial for an 

organization to maintain and secure its important 
information. Management tools are also required to 
facilitate document manipulation that is repetitive and 
complicated.  

Table 1 shows some typical document operations 
and their corresponding problems which document 
managers usually encounter. To prevent document 
management from becoming a burden, we began 
thinking about what are the requirements on document 
management (see Table 2), what properties an ideal 
document management should have (see Table 3), and 
how to implement such document management system 
in minimum time. 

In this work, a cooperation platform was 
developed to carry out document management. Based 
on the network infrastructure of NCREE, this platform 
provides management services along with an interface 
that controls flow of all the required operations and 
makes it smooth and reasonable. Its management 
interface (the back end) and user interface (the front 
end) are well designed, so users can efficiently obtain 
their solutions of document management. As shown in 
Fig. 7, a document library named the document center 
( ) is created on this platform. Through this 
center, we can perform document management 
operations supported by this platform. 
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Fig. 7 Document center 
 With the help of this document management 

system, colleagues responsible for the information 
security of NCREE can manage their documents the 
way following the security policy they are required to 
implement. If any document modification is made by 
any colleague, it can be easily traced and the 
management system will notify the colleague of that 
modification. Besides, the system protects documents 
from being modified concurrently by more than one 
colleague. 

To facilitate colleague cooperation, this 
management system provides a version control of 
documents. Prior to being published, a document is 
usually modified into several versions by different 
users. The versions allowed for publication will be 
determined by colleagues who this system authorizes 
to review documents. Here this system manages not 
only the repository of all versions but also all 
operations within the whole course of document 
revision. Without the help of this system, reviewing 
colleagues are often required to signoff for validating 
major versions. Colleagues participating in the course 
of revision thus need paper to print out for this signoff. 
Under document version control, however, such paper 
consumption that is not environmentally-friendly can 
be avoided. 

Table 1 Typical document operations and problems 
Operations Problems 

Create a file Where to store this file? 
What file name can make this file transparent? 

Update a file 

How to find the file needing update? 
How to save a new version of a file and keep 
the older versions alive? 
How to co-manage a updating file? 

Open a file 

How to ensure this file is the latest version or 
the version the user requires? 
How to contact the most recent author if 
necessary? 

Delete a file 
How to recover a deleted file? 
How to ensure this file is actually deleted and 
no copies of it can be found? 

Table 2 Requirements for document management 
1 Methods to organize, sort and search files. 
2 A file repository structure (e.g. trees) easy to maintain. 
3 Methods to describe a file other than using the filename. 
4 Automatic file naming. 

5 A document revision record that keeps track of each 
modification made to a file. 

6 Capable of monitoring files and notifying users of what 
happens on these files. 

7 Capable of locking an updating file. 

Table 3 Features of an ideal document management 
system 

1 Storage of diverse document types 
2 Built-in document version tracking. 
3 Built-in file locking. 
4 Automatic notification of file update.. 
5 Customized file management policy 
6 Built-in file recovery mechanism. 
7 Well-designed file security mechanism. 
8 Customized view of files. 

Conclusions 
The earthquake engineering knowledge retrieval 

system OntoPassage has been developed on a basis of 
the earthquake engineering ontology this work created 
in 2008. OntoPassage offers a conceptual retrieval 
method that yields more precise result than traditional 
methods. This system is expected to boost the 
dissemination of NCREE’s research achievements. In 
addition to improving this system’s functions, this 
work will keep enriching the content of the earthquake 
engineering ontology and enriching system database 
with more knowledge documents. To implement the 
management of experiment life cycle, the integrated 
experiment information management system has 
successfully integrated the experiment 
online-application system, experiment flow 
management system, and the experimental data 
management system. This work will keep improving 
the functions of the integrated system so that it may fit 
into the whole course of the NCREE experiments. 
Finally, the cooperation platform has helped the 
colleagues responsible for the NCREE information 
security co-manage the documents all of them may 
access. Its e-enable document management flow, from 
modification, review signoff, to publication, can 
prevent users from printing out documents. This 
advantage could make NCREE colleagues work not 
only more efficiently but also more 
environmentally-friendly while avoiding unnecessary 
paper consumption. 
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Abstract 
As part of the total solution of seismic hazard mitigation, the on-site earthquake early 

warning system (EEWS) is under development to provide a series of time-related 
parameters such as the magnitude of the earthquake, the time until strong shaking begins, 
and the seismic intensity of the shaking (peak ground acceleration). Interaction of different 
types of earthquake ground motion and variations in the elastic property of geological 
media throughout the propagation path resulted to a high nonlinear function. The neural 
networks were used to model these nonlinearities and the learning techniques were 
developed for the analysis of earthquake seismic signal. This warning system was designed 
to analyze the first-arrival from the three components of the earthquake signals in as early 
as 3 seconds after the ground motion is felt by the sensors. Then, the EEWS 
instantaneously provide a profile consists of parameters including the time until peak 
ground acceleration (PGA) and maximum seismic intensity. The neural network based 
system was trained using seismogram data from more than 1000 earthquakes recorded in 
Taiwan. The proposed EEWS can be integrated with distributed networks for site-specific 
applications. By producing accurate and informative warnings, the system has the potential 
to significantly minimize the hazard caused by earthquake ground motion. 

Keywords: earthquake early warning system, neural networks, P-wave 
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Introduction 
As one of the catastrophic natural disasters, 

earthquake usually caused tremendous damages to 
human beings.  These irreversible damages include 
loss of human lives, public and private properties, as 
well as huge adverse economic impacts. Taiwan has 
suffered from the threatening of moderate earthquakes 
for a long time since Taiwan is located between 
Euro-Asian and Philippines tectonic plates on the 
Pacific Earthquake Rim. It is very difficult to avoid 
the damages caused by earthquake due to its high 
frequency of occurrence. If people can only receive 
the warning of the coming earthquake even by only 
few seconds, the damages can be reduced due to 
possible appropriate reaction. 

The earthquake early warning system (EEWS) 
makes it possible to issue warning alarm before arrival 
of severe shaking (S-wave) and to provide sufficient 
time for quick response to prevent or reduce damages. 

The development of the EEWS is remarkable due to 
the solid background of the current development of 
the information technology and the earthquake 
observation technology. Based on the principle that 
the electronic signal is faster than the earthquake wave, 
the idea of EEWS was originated by Cooper in the 
U.S. since 1868. With the collaboration of California 
Institute of Technology and United States Geological 
Survey (USGS), Kanamori leaded the CUBE project 
in 1990. In Japan, Hakuno showed the idea of the 
earthquake early warning at an earlier stage. Also, the 
UrEDAS developed by JR is famous for their practical 
system. Recently, the Real-time Earthquake Disaster 
Prevention System and some other systems were 
developed and have been used in Japan. The 
Real-time Earthquake Information by JMA is based 
on the source information as a point source and 
therefore the accuracy of the predicted ground motion 
is limited especially for a large scale earthquake. In 
some engineering applications with higher demands, 
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the ground motion prediction shall not be limited to 
seismic intensity but shall be extended to more precise 
information such as further waveform information as 
well as peak ground acceleration (PGA). 

The Neural Network has been applied to the 
ground motion prediction and generation since 1997 
(Lin, 1999; Kuyuk and Motosaka, 2008 and 2009). 
Previous researches showed that the neural networks 
make it possible to provide more accurate, reliable and 
immediate earthquake information for society by 
combining the national EEWS and applying it to  
advanced engineering application as well as planning 
of hazard mitigation. This paper presents a 
state-of-the-art methodology using neural networks 
for forward forecasting of ground motion parameters 
(magnitude, PGA and estimated arrival time for strong 
motion) before S-wave arrival using initial part of 
P-waveform measured on-site. The estimated ground 
motion information can be used as warning alarm for 
earthquake damage reduction. The validity and 
applicability of the method have been verified using 
the CWB observation data sets of 2,505 earthquakes 
occurred in Taiwan. 

On-Site Earthquake Early Warning 
System 

The EEWS were expected to work efficiently at 
the sites with certain distance from the epicenter of the 
earthquake and also from the observation point where 
the earthquake motion (P-wave) is first observed. 
However, the EEWS was classified into ‘on-site 
warning’ and ‘regional warning’. The regional 
warning EEWS was proposed and developed using the 
difference of the velocity for the beginning P-wave 
and destructive S-wave of the earthquake. Since 2007, 
Japan Meteorological Agency (JMA) began the 
general operation of the real-time earthquake 
information, which is composed of earthquake 
occurrence time and hypocenter information (the 
magnitude and the earthquake location) and is 
expected to provide warning and to substantially 
reduce casualties and physical damages of earthquakes. 
The EEWS by JMA could be called as ‘national 
warning’ due to the use of JMA-NIED system 
(nationwide earthquake observation system). One of 
the technical limits is its applicability to the 
near-source earthquakes. Although the propagation 
velocity of the waves depends on density and 
elasticity of the medium penetrated, the typical speed 
for the P-wave is around 5 km/sec and the speed for 
the S-wave is around 3 km/sec. If the area is far from 
the epicenter, say 100 km, then we will have at most 
15 seconds reaction time before the S-wave arrives if 
the sensor at the observation station was able to pick 
up the earthquake signal (P-wave) and locate the 
epicenter within 18 seconds. However, if the location 
is less than 50 km from the epicenter of the earthquake, 
then the regional warning EEWS is almost useless 
since reaction time is less than one second. Therefore, 

the on-site EEWS has become increasingly important 
for areas located within the 50 km radius from the 
epicenter. 

The EEWS developed in Taiwan by Central 
Weather Bureau (CWB) is similar to the one by JMA 
with so-called ‘regional warning’ or ‘national 
warning’. While working with the sensor array from 
Taiwan Strong Motion Instrumentation Program 
(TSMIP), the EEWS has undergone various tests by 
cooperative research institutes since 2006, but the 
warning is only useful for the area located outside the 
50 km radius of the earthquake epicenter. Therefore 
the on-site warning is much needed for a near-source 
earthquake. In addition, the effort to integrate the 
regional warning with on-site warning to become a 
more robust EEWS is noticed, and the on-site warning 
became increasingly significant for areas within the 50 
km radius of the earthquake epicenter. 

The on-site EEWS, as part of the total solution of 
seismic hazard mitigation, has been developed to 
provide a series of time-related parameters such as the 
magnitude of the earthquake, the time until strong 
shaking begins, and the seismic intensity of the 
shaking (peak ground acceleration). Interaction of 
different types of earthquake ground motion and 
variations in the elastic property of geological media 
throughout the propagation path resulted to high 
nonlinear function. Neural networks were used to 
model these nonlinearities and develop learning 
techniques for the analysis of earthquake seismic 
signal. This warning system was designed to analyze 
the first-arrival from the three components of the 
earthquake signals in as early as 3 seconds after the 
first ground motion is felt by the sensors at a rate of 50 
samples per second. Then, the EEWS will 
instantaneously provide a profile consists of the 
estimates of hazard parameters, such as magnitude, 
arrival time of S-wave, and maximum seismic 
intensity (peak ground acceleration, PGA). The neural 
network based system is trained using seismogram 
data from more than 1,000 earthquakes recorded in 
Taiwan. The proposed EEWS can be integrated with 
distributed networks for site-specific applications. By 
producing accurate and informative warnings, the 
system has the potential to significantly minimize the 
hazards of a devastating ground motion. 

Neural Network 
Neural networks that possess a massively parallel 

structure are well-known as biologically-inspired soft 
computing tool. Their learning capabilities are 
provided by the unique structure of neural networks 
which allows the development of neural network 
based methods for certain mathematically intractable 
problems.  Neural networks are formed by many 
interconnecting artificial neurons. Signals propagate 
along the connections and the strength of the 
transmitted signal depends on the numerical weights 
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that are assigned to the connections. Each neuron 
receives signals from the incoming connections, 
calculates the weighted sum of the incoming signals, 
computes its activation function, and then sends 
signals along its outgoing connections. Therefore, the 
knowledge learned by a neural network is stored in its 
connection weights. To solve difficult engineering 
problems, it is necessary to design a task-specific 
neural network. Therefore, the neural network 
program developed by Lin using FORTRAN was used 
in this study. A combination of the Quick-Prop 
algorithm and the local adaptive learning rate 
algorithm were applied to the multiple-layer 
feed-forward (MLFF) neural networks to speed up the 
convergence rate of the networks. In addition, a 
mechanism to avoid over-training the neural networks 
for certain patterns was designed to monitor and 
equalize the influence of each pattern on the 
connection weights in the training case during each 
period. The average root-mean-square output error of 
the networks became lower while maintaining the 
generalization ability of the neural networks when 
using the adaptive process (Lin, 1999). 

Furthermore, a new concept of grouping neural 
networks called Expert Group Neural Network 
(EGNN) (Lin et al., 2009) is also used in this study. 
The EGNN behaved like a group of experts, who grew 
up from different backgrounds with individual 
expertise and were able to provide the appropriate 
comment when working together as a committee.  
The optimal solution among the comments will be 
chosen with easiness and efficiency while solving this 
kind of inverse problem. Eight feed forward 
back-propagation neural networks trained by different 
inputs constituted the EGNN as a committee of 
experts to provide the time related information from 
earthquake accelerograms. The architecture of each 
neural network among EGNN is set to be different. It 
consisted of one input layer with 450 to 1500 neurons, 
two hidden layers and one output layer with 8 neurons. 
Each of the EGNN were used to analyze reversely the 
relationship between the initial few seconds of 
earthquake accelerogram and the magnitude as well as 
the waveform information (seismic intensity, peak 
ground acceleration, and arrival time of S-wave) of a 
specific earthquake. 

 
Figure 1 The framework of the on-site EEWS 

Proposed Methodology and Case Study 
The authors have proposed the new ground motion 

estimation method using neural networks and have 
verified its validity and applicability. The EGNN were 
trained with the data from first 3 seconds to 10 
seconds of the earthquake accelerograms separately, 
as shown in Figure 1. The earthquake magnitude, 
PGA (seismic intensity) and arrival time of S-wave 
were predicted using the waveform data from in situ 
sensors. In this case, when the real-time information 
measured from the in situ sensors is verified as 
earthquake using 1 second of time history after the 
arrival of P-wave at the site, the initial 3 seconds part 
of the earthquake accelerogram (P-waveform) was 
used as the input for the neural network (NN:T-3) to 
estimate the magnitude of the earthquake, the PGA 
(seismic intensity) in three directions of the 
earthquake, and the arrival time of the S-wave. At the 
same time, the sensors are recording and the initial 4 
to 10 seconds part of P-waveform were used as the 
input for the neural networks (NN:T-4, NN:T-5, .., 
NN:T-10) to estimate the parameters for EEWS. The 
best prediction was then chosen from these eight 
results through certain optimization algorithm or time 
factor. The emergency response actions can be 
activated right after receiving the warning due to the 
seismic intensity of the earthquake as well as the 
remaining time before the strong S-wave occur. 

The training and testing (validation) data were 
prepared using the earthquake accelerograms recorded 
in Taiwan from 1992 through 2006, the magnitude of 
these earthquake were from Ritcher Scale 4.0 to 8.0. 
There are around 60,000 recorded accelerograms from 
2,505 earthquakes. Among them, the training data 
were randomly chosen using around 50,000 
earthquake records (almost 80% of the total) from 
2,371 recorded earthquakes, while the testing data 
were prepared using the rest 10,000 earthquake 
records (almost 20% of the total) from 1,012 recorded 
earthquakes. 

Figure 2-3 shows the comparison of the results in 
prediction of seismic intensity and arrival time for 
S-wave of NN model T-3. In Fig. 2, R2=0.6977 for 
PGA and the accuracy of the exact seismic intensity 
prediction is around 51% while the accuracy for the ± 
one degree seismic intensity is around 90%. Figure 3 
shows that R2=0.6051 for the accuracy of the 
estimated arrival time for S-wave. If a tolerance of 
±20% is considered feasible for warning people on the 
arrival time of S-Wave, then the accuracy is around 
60%. 

As for the comparison of results in prediction of 
seismic intensity and arrival time of S-wave from NN 
model T-10, the R2=0.7714 for PGA and the accuracy 
for the exact seismic intensity prediction is around 
50% while the accuracy for the ± one degree seismic 
intensity is around 95%. For the estimated arrival time 
of S-wave within ±20% tolerance, the accuracy is 
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around 60%. 

It has been found that the accuracy of the predicted 
peak ground motion is drastically improved compared 
the results of NN:T-10 to NN:T-3 since more 
earthquake information (10 seconds of earthquake 
accelerogram) is provided for neural network to be 
considered, however, the disadvantage for NN:T-10 is 
the time loss of  7 seconds. 

 
Figure 2 Comparison of the real and estimated 

seismic intensity (T-3) 
 

 
Figure 3 Comparison of the real and estimated 

arrival time for S-wave (T-3) 

Conclusions 
In this report, the authors presented the early stage 

development of the on-site EEWS using neural 
networks as the recent research achievement of the 
project. It is always better to be well prepared in times 
of severe earthquakes and since the obstacles could be 
expected beforehand. The methodology using EGNN 
were described and its results show great potential in 
the application. During a large earthquake, time factor 
is the key countermeasure, thus a good optimization 
algorithm to determine immediately when and what 
information must be provided. Besides, the 
development of the data analysis method as well as 

the verification of the reliability of the communication 
lines and system would be needed in handling the 
online utilization of the EEWS with more robustness. 
The immediate, accuracy and reliability of the 
earthquake information are needed and should be 
integrated with the EEWS. Therefore, the EEWS is 
able to consequently bring huge benefits on the 
earthquake hazard mitigation. With further research 
on the use of the observed earthquake record and 
enhancing the accuracy and immediate response of the 
real-time ground motion prediction, the possibility of 
the on-site EEWS is within reach. 
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Feasibility Study of Structural Response Prediction by 
Scenario-based Technique 
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Abstract 
Earthquake occurs frequently in Taiwan, thus may caused serious damages to structures. 

To avoid the collapse of building during an earthquake similar to the 921 Chi-Chi 
earthquake, a real-time earthquake early warning system (EEWS), which can predict the 
structural response efficiently and accurately during an earthquake, has been developed in 
this study. The scenario-based technique were developed herein based on the strong-motion 
seismograph network records from the Central Weather Bureau (CWB) while the 
verification of the regression modules was also conducted to check the feasibility of the 
scenario-based technique by comparing the predicted amplitude coefficients with the 
amplitude coefficients from real structural responses. 

Keywords: Earthquake early warning system, scenario, regression 
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Introduction 
It is known that when earthquake happens, the 

farther the distance between the structure and 
earthquake’s epicenter, the longer the time that it will 
take to propagate the energy to the structure. 
Meanwhile, due to the different wave speeds between 
pressure (P) wave and shear (S) wave, there will 
always be difference on their reaching time. Recently, 
the concept of real-time earthquake early warning 
system (EEWS) is proposed based on the time delay 
characteristic. Meanwhile, estimation of the peak 
structural response is also an important issue. It is 
expected that the peak structural response can also be 
roughly predicted with the early warning system. By 
inputting earthquake characteristic such as the 
magnitude of the earthquake, the peak ground 
acceleration (PGA), and the distance between the 
structure and epicenter into the real-time EEWS 
system with scenario simulation technique, the 
amplification coefficient for each floor of the structure 
respective to the ground response can be obtained 
easily. 

Scenario -based Technique 
The supporting theory on the scenario-based         

technique is derived from the branch of informatics, 

the Support Vector Machine (SVM) method. To 
integrate the scenario-based technique into the 
real-time EEWS System, the first thing is to decide the 
proper SVM module in estimating the structural 
response. In this study, the two most correlated 
earthquake parameters obtain from the preliminary 
analysis right after the earthquake, which are the 
distance to the epicenter and the magnitude of the 
earthquake, were chosen as the basic classification 
condition for the SVM modules. The corresponding 
scenario-based modules were then built up by taking 
other parameters into consideration, such as the 
structure damping ratio, the soil type, etc. As the 
EEWS concept mentioned above, the response 
amplitude of a structure will be obtained by inputting 
the parameters obtained from the strong ground 
motion stations of the CWB to the SVM modules of 
the real-time EEWS System. The flowchart of the 
system is shown in Fig. 1. 

 

Fig. 1 Flowchart of the proposed system 
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Regression Analysis 
Regression analysis is commonly referred to as a 

statistical method for analyzing data. The main 
purpose of using regression analysis is to find the 
specific relationship between data, or the correlation 
between two or multiple parameters. Furthermore, a 
mathematical model can be built to predict specific 
interested variables through investigating these 
parameters. In this study, the regression analysis 
method will be conducted accompanied with the 
scenario-based techniques to predict the roof 
amplification factor of a structure under an earthquake. 
Since the regression model developed here is based on 
the earthquake data collected before, the method can 
be expected to be reliable with high precision for 
response estimation. 

To discuss the relationship between the 
independent earthquake characteristic variables and 
the structural response variables, the Response 
Surface Methodology (RSM) is conducted in this 
study. The RSM is an extended application of the 
combination between mathematics and statistics, and 
it is usually found in the design of experiments where 
they are used to optimize the design variables. 

First, an unknown objective function should be 
assumed where 

Y is the structural response; nXXX ,,, 21  are 
the independent variables, and  is the error. The 
optimized design variable values and the regression 
model can be established by using a large amount of 
records from the database. 

Generally, two common RMSs were used for 
design purpose. One is the approximation of lower 
order polynomial, which is called the first-order model 
defined as follows: 
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Another one is the polynomial with higher order, 
which is the second-order model defined by the 
following: 
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The interaction model and pure quadratic model are 
the other two options for regression analysis. 

 
The form of interaction model can be expressed as 
follows: 
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The form of pure quadratic model is shown below: 
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The model includes a constant ( 0 ), first order 

terms ( i ), interaction terms ( ij ), and second order 

terms ( ii ). Both interaction and pure quadratic 
models are parts of second order regression models. 
There is no second order term in intersection models 
and no intersection term in pure quadratic models. A 
comparison of four regression models mentioned 
above was conducted in this study in order to 
determine the most effective regression model. 

The Construction and Analysis of 
Scenario-based System 

In this study, the Tai Power Building was taken as 
the study sample. A total of 26 sensors were 
distributed at the B3, 1F, 9F, 19F, and RF floors of the 
major structure and B2, 5F, and RF of the secondary 
structure. All these sensors were arranged on the floor 
surface. By utilizing these sensors, the peal 
acceleration values of each floor will be collected 
whenever an earthquake happened, and in the mean 
time, the time history analysis for the finite element 
method (FEM) model of the Tai Power Building will 
be conducted by using different time history records in 
the Taipei basin. The regression of Scenario-based 
modules was based on the analysis result of 500 
earthquake records. 

 
Fig. 2 The Tai Power Building 

When earthquake happened, due to the difference 
of the magnitude, distance to epicenter, and intensity, 
the structure responses usually behave in different 
ways. In the analysis of the Tai Power Building, the 
magnitude of earthquakes, distance to epicenter, 
ground accelerations, the frequencies of the 
earthquake, and the time differences between P wave 
and S wave were taken as five independent variables. 
The relationship between the roof floor amplitude and 
the five variables will be discussed, and the regression 
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formula for predicting the responses of the roof floor 
of the structure can be obtained. By comparing the 
correlation coefficients between the 5 variables and 
the amplification factor of the roof floor, it can be 
found that the magnitude of earthquake and the 
distance to epicenter are the two governing variables 
with the highest correlation to the amplification factor 
of the roof floor in both the X and Y directions. From 
the result, these two variables will be used in the 
classification standard of the scenario-based modules. 

After determining the variables with the highest 
correlation, the data were classified into two groups 
based on the value of the earthquake magnitude. The 
standard is to divide the database into two groups with 
approximately equal records. In this analysis, the 
earthquake magnitude 6 is the first standard which 
separates the data into two groups. The first group 
includes data with earthquake magnitude larger than 6 
and the other is data smaller than 6. For each group, 
the distance to the epicenter is used as another 
classification criterion. For the group in which the 
magnitude of the earthquake is smaller than 6, the 
criterion is that the distance to epicenter equals to 
60km. For another group, the criterion is that the 
distance to epicenter equals to 130km. The four 
groups of Scenario-based modules are shown in Fig. 
3. 

 
Fig. 3 The Scenario-based modules 

As shown in Figure 3, each group of data will be 
fitted into a regression model, and there will be one 
regression formula for each scenario-based module. 
The comparison of the scenario-based regression 
module having magnitude smaller than six and 
distance smaller than 60km with the real magnitude is 
shown in Figure 4. By the method developed in this 
study, when an earthquake happened, the 
amplification factor of the roof floor of the structure 
can be rapidly estimated and the possible responses of 
the structure can be calculated. 

 

 

 

 
Fig. 4 The module of mag<6 and dist<60kmin  

The Test of the Scenario-based System 
In this section, some randomly selected data were 

used to test the reliability of the regression formula 
generated from the previous regression analysis. To 
test the amplification factor predicted by the 
regression formula, the earthquake data of the Tai 
Power Building from the CWB database, which were 
not being used in establishing the regression module, 
were selected. The data were classified and fitted into 
its corresponding scenario-based module. The five 
earthquake parameters, namely: the earthquake 
magnitude, the distance to epicenter, the frequencies 
of earthquakes, and the time differences between P 
wave and S wave, are then inputted to the regression 
formula of the module. The amplification factor of the 
roof floor has then finally compared with the practical 
value. 

The comparison between the regression amplitudes 
and error is shown in Table 1. Two groups of modules, 
mag<6, dist<60km and mag>6, dist<130km were 
taken as examples here. As shown in Table 1, there 
are errors between the amplification factor based on 
the regression formula and practical amplification 
factor. The errors are greater in the module of mag<6, 
dist<60km in contrast with mag>6, dist<130km. 

 Tale1 1. Comparison of amplification factor in 
x-direction 

Time Amp X Regression 
Amp X Error 

mag<6, dist<60km 

2005/10/05 
16:16:35 0.64 0.45 -25.85%

2000/11/20 
00:07:09 0.75 0.45 -40.23%

mag>6, dist<130km 

1996/07/29 
20:20:53 0.64 0.73 13.86% 

2002/03/31 
06:52:49 2.84 2.92 2.78% 
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Table 2. Comparison of intensity in x-direction 

Time 
Practical 

intensity 

Intensity 

estimated 

mag<6, dist<60km 

2005/10/05 
16:16:35 2 2 

2000/11/20 
00:07:09 2 2 

mag>6, dist<130km 

1996/07/29 
20:20:53 3 3 

2002/03/31 
06:52:49 6 6 

Conclusions 
From the results discussed above, the feasibility of 

predicting the structure response by scenario-based 
regression formula has been verified. According to the 
comparison between the estimated amplification 
factor and practical ones, accuracy improvement of 
the system is still required. Improvement of the 
accuracy will be a big challenge for future studies. In 
the present study, same problems happened in every 
scenario-based module. When an extremely large 
value appeared, it may not be included into the 
regression trend line. As a result, larger error occurs. 
To avoid such situations and to increase the accuracy 
of regression analysis, different scenario-based 
estimation method can be tried in order to figure out 
the best regression result, and then the predicted 
amplification factor may be closer to the practical 
ones. In addition, other regression models, such as 
nonlinear regression models, can also be introduced in 
the future study and compared with the present 
regression method in order to find out the best way for 
regression analysis. 

Furthermore, the Tai Power Building was used in 
the present study, but due to the different 
characteristics of different structures, such as 
structure’s damping ratio, the arrangement of a 
structure, etc. the roof floor amplification factor would 
definitely be different. The characteristic of structure 
should be considered when building another real-time 
EEWS by scenario-based technique. Moreover, the 
EEWS system is expected to be implemented in a 
customized way.   
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Abstract 
The September 21, 1999 Jiji earthquake shook all of Taiwan and caused massive damage, 

and many other catastrophic have occurred around the world during the past decade. 
Members of the public must make sure that their homes will be safe in the event of an 
earthquake, and should know how to buy an earthquake-resistant home. In order to respond to 
the public's need for knowledge and enhance disaster prevention awareness, the National 
Center for Research on Earthquake Engineering (NCREE) recently compiled a popular 
science handbook on earthquake engineering entitled "Building a Safe 
Homeland—Introduction to Earthquake Engineering." This book has won widespread praise 
since it was first published in September 2009. This work results report provides an 
introduction to the handbook's key content items. 
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Cover of Popular Science Handbook on  

Earthquake Engineering 

Foreword 
Taiwan—"a beautiful island in a magnificent 

ocean"—has been shaped by geological activity and 
climatic changes. Everyone living here must adapt to 
and prepare for the eventuality of earthquakes and 
typhoons. Due to the advance of technology, typhoon 
forecasts are accurate enough that everyone can 
prepare and protect themselves. In contrast, scientists 

still have no way of accurately forecasting when and 
where earthquakes will strike, nor can they predict 
how strong earthquakes will be. Earthquakes will 
always be a threat to society, and will always be hard 
to defend against. 

Earthquakes are simply the shaking of the earth. 
When the epicenter of an earthquake is in a 
sparsely-populated, undeveloped area, the earthquake 
will not cause many deaths and injuries. But if the 
epicenter of a strong earthquake is near a city or 
heavily postponed area, the quake may cause severe 
loss of life due to collapsing buildings. A major 
earthquake occurring near an urban area will test 
every building: Buildings with strong earthquake 
resistance will survive, but buildings with poor 
resistance will be damaged or collapse. Whether a 
building is able to withstand shaking in an 
earthquake is literally a matter of life and death.  

Since Taiwan has experienced many earthquakes 
during the last three decades, citizens have become 
increasingly concerned about the safety of their 
homes and other buildings. The National Center for 
Research on Earthquake Engineering has compiled 
this handbook in order to introduce 
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earthquake-resistant construction from an "engineer's 
point of view," and also interest young students in 
earthquake engineering research and practice. This 
book uses clear and simple text, illustrations, and 
simulated experiments to explain earthquakes, the 
ways that they cause damage, and things to look for 
when buying a house. 

The 10th anniversary of the great 1999 Jiji earthquake has 
recently passed. Children who were in elementary school 
children at that time have now grown up and are in high 
school or university. Perhaps many have not vivid memories 
of the earthquake. Although our recollections and impressions 
may fade and disappear, we can preserve and use our 
experiences and lessons learned. If we can employ these 
lessons to prevent future disasters, then the suffering of the 
victims of the Jiji earthquake will not have been in vain. 
NCREE hope that this handbook can pass on valuable 
experience and lessons about earthquakes. 
 
Introduction 

The field of earthquake engineering spans a wide 
range of disciplines. All technologies that can 
alleviate damage from earthquakes and quickly 
restore the normal functions of society are included 
within earthquake engineering. One way of looking 
at earthquake engineering is to divide it into an 
upstream area of seismology, a mid-stream area of 
engineering technology, and a downstream area of 
risk management. Each of these areas is highly 
specialized and complex. 

While most people may not be very familiar with 
earthquake engineering, they are certainly very 
concerned about the safety of their homes. This book 
is therefore positioned as an instructional popular 
science textbook, and is entitled "Building a Safe 
Homeland—Introduction to Earthquake 
Engineering." The book's goal is to increase public 
awareness of the need to prevent earthquake damage, 
and increase curiosity and interest in earthquake 
engineering. We avoid the use of mathematical 
equations in his book, and instead rely on 
photographs, illustrations, and easy-to-understand 
text to explain scientific and engineering concepts. 
We hope that the comic book-like format will give 
readers a clearer picture of seismic activity, 
earthquake damage, the principles of 
earthquake-resistant construction methods, how to 
find an earthquake-resistant home, how to protect 
yourself from earthquakes at home, and guidelines 
for building inspection after an earthquake. We also 
hope that this book will make high school students 
interested in civil engineering, environmental 
engineering, and new earthquake-resistance 
technologies. 

Some of the materials used in this handbook 
were obtained from government agencies and 
university professors, and we are very grateful for 
their permission to use these items. Some materials 
were provided by personnel at the National Center 
for Research on Earthquake Engineering (NCREE), 

and some materials were arranged and produced by 
the editorial committee before receiving visitors at 
NCREE. The editorial committee acknowledges that 
there may be errors or omissions in the contents of 
this book, and asks readers to provide their 
comments and corrections in order to help us 
continue to make improvements 

 

Overview of Earthquake Engineering 

Key Current Areas of Work 
After completing the Chinese version of a 

popular science handbook on earthquake engineering, 
the working group will publish an English translation, 
and hopes to establish an "earthquake engineering 
science education web site" within the next one or 
two years. This web site will contain even more 
videos and interpretive information, and will be a 
step toward the goal of establishing an "earthquake 
engineering online museum." When that time comes, 
domestic and foreign students, teachers, and ordinary 
people will be able to learn about the practical 
aspects of earthquake engineering and the 
importance of preparedness and preventive measures. 
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● Taipei Structure Engineering Association 

Structural safety appraisal, structural reinforcing 
appraisal, earthquake resistance assessment 

● Taipei/Taiwan Professional Geotechnical Engineers 
Association 

Site foundation surveys, soil and rock core assessment, 
earth retaining structure and supports, foundation 
improvement and grouting, side slope stabilization 

● Taiwan Professional Civil Engineers Association

Assessment of structural safety, assessment of water 
and soil conservation facilities 
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