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Seismic Requirements for the Framing below the Base of
Building Structures

Yuan-Tao Weng® and Gee-Jin Yu?
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Abstract

The current design requirements for the seismic design of buildings below the base include
the strength of the vertical frame, and the relevant design requirements for appropriately
performing the ductility design of such frames, or the capacity design of the ultimate shear force
of the upper structure. There is no clear and consistent procedure as to check whether the
requirements can ensure that serious damage will not occur. In this study, aiming at the seismic
design requirements of the frame below the base surface, a clear and specific design program
revision plan is proposed. The seismic design requirements of the frame below the base tend to
be more reasonable, consistent, and comprehensive.

Keywords: framing below the base, ultimate shear force, vertical elements

Introduction

The seismic design requirements for structures
below the building base are mainly presented in
Section 6.2.11 of the current seismic design code in
Taiwan [ABRI, 2011]:

Provision:

The design strength and stiffness of the frame
between the base and the foundation shall not be lower
than those of the superstructure. The special provisions
on the ductility of reinforced concrete structures and
steel structures shall also apply to the members that

transmit seismic forces from the base to the foundation.

The ultimate shear force generated above the base can
also be used as a lateral force, which can be applied to
the base instead; however, the vertical members
should still be provided with tight stirrups according
to the relevant regulations on ductility.

Commentary:

The basement structure between the base and the
foundation has a high stiffness outer wall, which
makes it difficult for its beams and columns to yield .
Therefore, it should be allowed to be included in a
ductility design; however, its strength should be
sufficient, and the ground layer should be used. The
ultimate shear force is designed to keep the basement

structure elastic in the event of a major earthquake. For
example, the design of the ground beam should
withstand the ultimate floor shear force of the ground
floor or the internal force caused by 1.4 times the
design seismic force. When the stress method is used
for design, it is permissible not to carry out the
toughness design. If the shear force transmission of the
first floor plan fails, or the exterior wall of the
basement is damaged, the ductility design of the
basement members will be effective, and the engineer
should make appropriate judgments to determine the
best way to design the basement members.

The provisions and explanations of this
specification refer to the content of SEAOC 1999-
108.2.10 [SEAOC, 1999]. The main spirit of the
design is that the stiffness and strength of the
framework below the base surface must be sufficient
to withstand the full development of the
superstructure’s nonlinear behavior. Therefore, the
design strength and stiffness of the frame below the
base should not be lower than that of the superstructure,
and if the design of the frame below the base is based
on the design seismic force, all its components must
comply with the structural design specifications.
Special provisions for seismic design: if the design is
based on the ultimate shear force generated above the
base level or the internal force caused by 1.4 times the
design seismic force, the ductility design is not
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required; however, the reinforced concrete vertical
members must still be provided with tight hoop
stirrups.

However, the following points remain to be
clarified with regard to the provisions and
explanations in this section:

1. How much higher strength and stiffness must the
frame design below the base surface have than the
superstructure to ensure that the superstructure
can fully exert its toughness capacity?

2. The strength and stiffness of the frame design
below the base level must be higher than the
inspection method of the superstructure, which
should be based on the comparison of the lateral
stiffness and strength of the two adjacent floors
above and below the base level.

3. If the frame below the base surface is designed
with toughness, can it withstand the axial force
and bending moment transmitted from the
superstructure to ensure that the superstructure
can fully exert its ductility capacity?

4. The frame below the base has very little lateral
deformation due to its high stiffness outer wall;
that is, it is difficult to ensure ductility
requirements. Is it necessary to carry out ductility
design?

5. The ultimate shear force is only applied to the
base, and the overturning moment caused by
transverse force is not considered and the axial
force and bending moment requirements of
vertical members are underestimated.

6. At present, the estimation methods of ultimate
shear force often used in engineering are not
consistent.

Other Relevant Provision Contents
1999 SEAOC Bluebook

108.2.10 Framing Below the Base. The strength
and stiffness of the framing between the base and the
foundation shall not be less than those of the
superstructure. The special detailing requirements of
UBC 97 Chapters 19 and 22, as appropriate, shall
apply to columns supporting discontinuous lateral
force-resisting elements and to SMRF, IMRF, EBF,
STMF, and MMRWEF system elements below the base
that are required to transmit the forces resulting from
lateral loads to the foundation.

C108.2.10 Framing Below the Base. The
objective of this section is to ensure that the structural
system below the base has adequate ductility and
capacity to develop the forces and deformations
induced by the structure above. Without such

requirements, there is a possibility of major damage.
For buildings utilizing special moment-resisting
frames, braced frames, or shear wall systems, the
framing from the base to the foundation must have the
same degree of special detailing or have significantly
greater capacity than the framing above the base.
Consideration should be given to development of the
full capacity of the framing above the base. Columns
supporting special moment-resisting frames should
have the same details as the columns above the base
level; and the beams of these frames at the base level
should have the same details as the beams above the
base. Shear walls continuing below the base should
have the same boundary element details as the wall
element immediately above the base. Columns below
the base supporting discontinuous shear walls or
braced frames are subject to the load, and the detail
requirements are presented in Section 105.8.2.2.
Overturning effects must be carried into the
foundations, and the structural elements of the
foundation should have the strength to develop either
the capacity of the supported elements or the
maximum forces that would occur in the fully yielded
structural system. (See Commentary of

Chapter 3 for further discussion of the foundation
and related soil conditions.)

ASCE/SEI 7-22

12.4.3.2 Capacity-Limited Horizontal Seismic
Load Effect Where capacity-limited design is required
by the material reference document, the seismic load
effect, including overstrength, shall be calculated with
the capacity-limited horizontal seismic load effect, Ecl,
substituted for Emh in the load combinations of
Section 2.3.6 and Section 2.4.5.

C12.4.3.2 Capacity-Limited Horizontal Seismic
Load Effect The standard permits the horizontal
seismic load effect, including overstrength, to be
calculated directly using actual member sizes and
expected material properties, where it can be
determined that yielding of other elements in the
structure limits the force that can be delivered to the
element in question. When calculated this way, the
horizontal seismic load effect including overstrength
is termed the capacity-limited seismic load effect, E..

As an example, the axial force in a column of a
moment resisting frame results from the shear forces in
the beams that connect to this column. The axial forces
caused by seismic loads need not be taken as greater than
the sum of the shear forces in these beams at the
development of a full structural mechanism, considering
the probable strength of the materials and strain
hardening effects. For frames controlled by beam hinge-
type mechanisms, these shear forces would typically be

calculated as 2MwL,, where M, is the probable flexural

strength of the beam considering expected material
properties and strain hardening, and L. is the distance
between plastic hinge locations. Both ACI 318 (2019)



and AISC 341 (2022) require that beams in special
moment frames (SMFs) be designed for shear calculated
in this manner, and both standards include many other
requirements that represent the capacity-limited seismic
load effect, E., instead of the use of a factor
approximating overstrength. This design approach is
sometimes termed “capacity design.” In this design
method, the capacity (expected strength) of one or more
elements is used to generate the demand (required
strength) for other elements, because the yielding of the
former limits the forces delivered to the latter. In this
context, the capacity of the yielding element is its
expected or mean anticipated strength, considering
potential variation in material yield strength and strain-
hardening effects. When calculating the capacity of
elements for this purpose, expected member strengths
should not be reduced by strength reduction or resistance
factors, .

Amendment Scheme for Seismic Design
Requirements of Frames below Base Level

In Section 6.2.11 of the Building Seismic Code
(ABRI, 2011) for the design requirements for the
structure below the base, the following points must be
clarified and adjusted:

1. If the design of the frame below the base level
uses the ultimate shear force generated above the
base to ensure that its strength and stiffness is
higher than those of the superstructure, the
ultimate shear force is generally 1.8-2.3 times the
total design earthquake transverse force, and the
basement structure between the base surface and
the foundation has a high stiffness outer wall, and
there is no need for toughness. Compared with the
upper structure, the internal force caused by the
lateral force of the vertical members below the
base surface is lower, so if the base surface. The
design strength and stiffness of the following
vertical members cannot be lower than those of
the vertical members connected above the base
surface. It is necessary to pay attention to whether
the strength of the vertical members connected up
and down the base layer are too different. At this
time, the frame below the base surface seems to
have no... Although it is necessary to carry out
toughness design, it is still necessary to consider
the relevant inspection requirements such as the
gathering members and the force transmission
path of the floor slab in order to effectively ensure
that the superstructure can effectively exert the
toughness and that the vertical members will not
cause axial damage.

2. If the ductility design is adopted for the frame
below the base surface, it must be carried out on
the premise that the design strength and stiffness
of the frame below the base surface must not be
lower than those of the superstructure. In this case,
the design seismic force can be used to adjust the

structure below the base surface design; that is, at
least the vertical members must still meet the
seismic design requirements of their structural
design specifications.

3. Because of the high stiffness of the outer wall of
the frame below the base surface, the lateral
deformation is very small; that is, it is difficult to
have toughness requirements. Therefore, this
study suggests that the strength and stiffness of the
frame below the base surface should not be lower
than those for the superstructure. The design total
transverse force of the superstructure can be used
to design the frame below the base level; however,
at least the vertical members must comply with
the special requirements for the seismic design of
the structural design code, and the beam members
can be considered without ductility. However, the
aggregate members in the frame and the shear
force transmission path of the floor plan still need
to be checked.

4. The ultimate shear force can be estimated in
accordance with the provisions of Section 2.17 of
the current building seismic code, or a nonlinear
static thrust analysis is performed, and the base
shear force value corresponding to the lateral
thrust building and its ductile capacity shall
prevail.

Based on the above considerations, it is suggested
to modify the seismic design requirements of the frame
below the base as follows:

Provision:

For the framework between the base surface and
the foundation, the ultimate shear strength of the floor
above the base surface and 1.4 times the design
seismic force are considered, and the internal force
caused by the two is larger, and the strength design is
carried out. At this time, if the design strength of the
vertical member below the base surface is... For
vertical members whose stiffness is not lower than that
of the base surface, the design strength may be
calculated on the basis of the design seismic force, and
it is ensured that the special requirements for seismic
design of the corresponding structural codes are met.

Commentary:

The structure of the basement between the base
and the foundation has a high stiffness outer wall, and
there is no need for ductility design. Therefore, the
frame below the base surface must be designed with
strength; however, its strength must be sufficient to
support the structure above the base surface and fully
develop its nonlinear behavior. The corresponding
seismic load is increased, which allows the frame
below the base surface to be designed with the internal
force caused by the ultimate shear strength of the
structure above the base surface and 1.4ay times the



design seismic force, whichever is greater. The frame
does not need to meet the special requirements for
seismic design of the corresponding structural code.

Compared with the superstructure, the internal
force of the vertical member below the base surface
caused by the lateral force is relatively low. Therefore,
if the vertical member below the base has been
designed for the aforementioned strength, its design
strength and stiffness are not lower than those
connected to the base surface. For vertical members,
the minimum total seismic transverse force may be
used to calculate their design strength; however, the
vertical members must meet the special requirements
for seismic design of the corresponding structural code.

Conclusions

This study clarifies the principles and procedures
for ductile design or capacity design in the seismic
design requirements of the structure below the base
level of the building. Considering that the structure
below the base level has no obvious ductility
requirements, the strength of its vertical members
should be considered in the design. Therefore, in this
study, it is suggested that if the design of the frame
below the base level is carried out with the design
seismic force of the upper structure, not only its
strength and stiffness should not be lower than those
of the upper structure but also its vertical members
must meet the seismic resistance of each structural
code. The design specifically stipulates that it can have
sufficient member strength and ductility to ensure that
the superstructure can effectively develop its ductility;
if the ultimate shear strength above the base level and
1.4ay times the design seismic force are considered,
the strength design can be directly carried out.
However, regardless of what design procedure is
adopted, considering the effect of non-structural walls
and other factors, the design of the frame below the
base level still needs to check the requirements of the
aggregated members and the shear force transmission
path of the floor slab.

In the US building design code, the
superstructure and the frame below the base level are
regarded as different structural systems. In other words,
the frame below the base level is regarded as a
structural system with low ductility capacity, and its
seismic force reduction coefficient is small, making
it... The design seismic force is greater than its
superstructure, and its vertical members must be
designed for capacity.
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The Scaling Procedure of the Recorded Ground Motions for
Seismic Analysis of Base-Isolated Buildings
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Abstract

The objective of this study is to provide some guidelines for the selection and scaling of real
records for bi-directional analysis of base-isolated buildings in Taiwan. The geometric mean
component of response spectrum is selected as the preferred definition of the horizontal
component when bi-directional analysis is carried out. A 24-storey base-isolated RC building
located in Tainan city is selected as the study case. The comparisons show that the selection and
scaling requirements specified in the TBC may obtain a very conservative results for recorded
ground motion records. Due to some shortages of the PSHA procedures, the design spectrum
provided by code is probably not able to represent some features of ground hazard of extreme
earthquake at the site. A ground motion recorded from near on-site damaging-earthquake is also
recommended for the study case as an extreme damage assessment of the structure.

Keywords: Taiwan Building Code (TBC), response time-history analysis (RHA), ground motion
selection and scaling, pulse-like ground motion

Introduction

Estimation of the seismic safety to a structure
requires assessment of both the seismic hazard and the
structural response due to the earthquake. However,
the inconsistencies of definitions of the horizontal
spectral component between the seismic hazard
assessment and structural analysis have been very
common in engineering practices. [Baker, and Cornell,
2006]. The nonlinear response history analysis (RHA)
is now a common engineering practice to estimate
seismic demands for performance assessment and
seismic design of complex structural systems
including base-isolated buildings, high-rise structures.
Three types of the signals are usually used for the
inputs of RHA in engineering practices: (1) artificial
waveforms; (2) recorded ground motion records; and
(3) simulated accelerograms.

Most seismic design code allows employment of
all three kinds of accelerograms listed above as the
inputs for seismic structural analysis. In the last two
decades, the real accelerograms are becoming the most
attractive option to get unbiased estimations of the
seismic demand. The purpose of time-history analysis
for design is to successfully predict the unbiased

seismic demand with relatively limited variation in
results. Earthquake records selected for RHAs often
need to be scaled to a seismic hazard level considered.
The basic features of selecting and scaling of ground
motion records for dynamic analysis are consistency,
sufficiency, and efficiency.

The selections of ground motion record have to
reflect both the seismic hazard and the shallow
geology of the area under study, they also have to
consider the record-to-record variability. The seismic
design codes also provide some basic requirements of
selecting and scaling of ground motion record sets,
which are sufficient and efficient to produce reliable
median estimates of the structural response.

Scaling Requirements as per Codes

A review of code provisions regarding selection
and scaling of ground motions for RHA revealed that
the guidelines provided by international seismic codes
are frequently inconsistent or are lacking transparency
regarding the underlying assumptions [Beyer &
Bommer, 2007]. For example, the ASCE 7-16 used the
maximum direction spectrum to define the design
response spectrum. However, the SRSS of bi-direction

1 Research Fellow, National Center for Research on Earthquake Engineering
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spectrum component was used in the procedures of
ground motion selection for the RHA of base-isolated
buildings. The comparisons of the international
Seismic Design Codes also reveal that the period
ranges of interest for checking the fitness of spectral
shape are also significantly different. The period range
over which matching of design spectrum and the
scaled spectrum of the records required by the seismic
design code can be expressed as [T]=[Tmin, Tmax] =
[a1 T, a,- 7}] for traditional buildings linear or

nonlinear RHA. T, is the fundamental period of the
structure. The factors of (¢, , «,) are significantly

different in the international codes, e.g., (0.2, 1.5) is
required in EC8, FEMA 368, and ASCE 7-16; (0.4, 1.3)
is required in NZS.

Full agreement of commonly accepted selection
and scaling criteria of recorded ground motion records
has not yet been reached.

The Spectral Component

The geometric mean spectral ordinates were used
to develop the GMPEs, then, the uniform hazard
spectral maps were derived through the PSHA, and
adopted by the TBC. The geometric mean component
of response spectrum is, therefore, selected as the
preferred definition of the horizontal component when
bi-directional analysis is carried out. Both components
ofa selected record should be scaled by the same factor,
to match their geometric mean spectrum to the target
spectrum over the period range. The orientation of the
two horizontal components as recorded is used for the
selection of single direction ground motion.

The Database for GM Selection

The three most important selection parameters to
select ground motions consistent with the hazard are
magnitude (M), source-to-site distance (R), and site
class. The parameters-(M, R) bins are gained from the
de-aggregation of the PSHA on the PE of the specified
design-basis ground motion. Based on the design

spectral shapes and site conditions, the Taiwan
recorded ground-motion database for structural RHA
has been established in a previous study. A brief
summary of the ground motion properties is provided,
which provides a few metadata fields for each selected
ground motion. A more complete set of information is
available from the project website
(http://seaport.ncree.org/inmost/).

Period Range for Scaling

The period ranges of interest, [ T]=[ Tmin, Tmax], for
checking the fitness of spectral shape are different in
the seismic design codes. This insistency may result in
different sets of ground motion and the corresponding
scaling factors. The period ranges of interest, [T],
required in selected seismic design codes (TBC-2011,
ASCE 7-16, NZS-2019, and NBC-2015) for base-
isolated buildings are compared and listed in Table 1.

The effective period (T. or Tm) of the base-
isolated structure at the maximum displacement is key
factor in the seismic design procedures, and has a
significant effects on the structural response subjected
to an earthquake. Most seismic design codes use the
effective period to define the period ranges for ground
motion selection and scaling. As shown in Table 1, the
period ranges of interest are extended beyond effective
period to recognize that the tangent-stiffness based
period near maximum displacement may be associated
with a period significantly longer than the secant-
stiffness-based period. On the other hand, the NBC-
2015 use the post-yield stiffness of the isolation
system to define the period range of interest, and is
likely to have a larger range of period.

Scaling Procedure

Because of the limitations of the existing
earthquake ground motion records, it is necessary and
useful to scale the records to make seismograms
consistent with a target ground motion for structural

Table 1: the comparisons of period range of interest, [T],
required in Seismic Design Code for base-isolated buildings.

Code period range: [T]=[Twmin, Tmax] Notes
TBC-2011 [02-T , 1.5-T ] Te: The.effectl\{e period of the isolated structure at
the maximum displacement.
Twmi, Tmz : The effective period, at the maximum
ASCE 7-16 [0.75-1,,", 1.25-T,,] displacement, determined using upper- and lower-

bound isolation system properties, respectively.

NZS-2019 [min.(0.47,; ,, T c)» 1.2T,5 4]

Tetr : Effective period of isolated structure;
T elastic : the fundamental period for the isolated
system during elastic phase response of the isolators.

NBC-2015 [02-7, , 1.5-T;]

T, : the period of the isolated structure, determined
using the post-yield stiffness of the isolation system.

Note 1: the requirement of Tmin is replaced by ASCE 7-22, it is now the same as the case for traditional

buildings linear or nonlinear RHA.



design and evaluation. The intensity-based scaling
methods preserve the original non-stationary
characteristics of the ground motion record and only
modify its amplitude. There are many intensity-based
scaling procedures have been proposed for the RHA in
previous researches [Kalkan & Celebi, 2009; Huang,
et al.,, 2011]. There are two main requirements per
current international codes on the selection and scaling
for ground motion records: (1) the shape matching
criterion, and (2) the 90% criterion.

The shape matching criterion requires that the
response spectrum of the record should be as similar
as possible to the target. In other words, the average of
the logarithm of the acceleration response spectrum of
ground record should match the average of the
logarithm of the target spectrum over the specified
period range, [T]. For record j, the error, Erry, of the
spectral shape at period T e[T] is defined as,

Erry = Err(T) = Ln[S, o (D)1= Ln[S, .0 (0] (D
and, Err =~ B 2
N5

where, N is the number of records required by the code.
The scaling factor of the record j is assigned as

exp(ﬁ,,j), and the fitness index will be ok, A two-

step scaling procedure is adopted in this study.

Step 1: according to the fitness index, ol N-records

are selected, and each one with the scaling factor of
1, :exp(ﬁr/). The shape matching criterion will be

satisfied for every individual record and/or for the N-
record group (the average spectrum of the N-records).

Step 2: the extra requirement, the 90% criterion,
should be applied to make sure that no significant
energy drop occurred at any period within the
specified period range. This will confirm that the
spectrum of the scaled record does not underestimate
the code spectrum, with a 10% tolerance. Another
scale factor f, > 1.0 must be applied in this step.

The final scaling factor for the j-th record will be fi=fj;
* f,. In most international seismic design code, the
90% criterion is applied to the average spectrum of the
N-records, and make an identical group scale factor f;
for all the N-records. However, the TBC requests that
the 90% criterion must be applied to each individual
record.

Case Study

A 24-storey base-isolated RC building located in
Tainan city is selected as the study case. The site
condition, Vs0=214.8 m/s, is classified as the S2 site
per TBC (or the NEHRP site class “D”). This is not a
near-fault site. The important design parameters of the

isolator system are summarized in Table 2. The
effective period of the seismically isolated structure at
design displacement Dp, is estimated as T.=4.349 s.
The period of the isolated structure determined using
the post-yield stiffness, Kp, of the isolation system is
estimated as T;=5.48 s. As shown in Table 1, the
period ranges of interest required by different seismic
design codes for this study case are compared in
Figure 1. The period range defined by the NBC-code
is much wider than that defined by the ASCE 7-16
code. The variation of the nominal design parameters
of the isolator is assumed to be 15% in total for
calculating the property modification factors and
period range for ASCE 7-16 code.

The total of seven pairs of ground motion records,
as suggested by the code, is selected and scaled for
nonlinear RHA in this case study. The records are
selected from the Taiwan recorded ground-motion
database, the (M, R)-bin can reflect the hazard on the
PE of the design-basis earthquake. In order to take into
account the record-to-record variability, an additional
criterion is adopted to limit the number of records to
two selected from any single event.

The geometric mean spectra of scaled records
compared with the target spectrum are shown in Figure
2, as per TBC-code and ASCE 7-16 code, respectively.
The spectra of the original records are also shown for
reference. Following the scaling requirements of the
TBC-code, the intensities of the scaled record set are
60% higher than those following the ASCE 7-16 code.
The TBC-code requests that the 90% criterion must be
applied to each individual record, and, could result
unnecessarily conservative assessment of the seismic
hazard. Similar procedures and results for one-
directional ground motion selection and scaling are
also conducted in this study.

Table 2: the important characteristics of
the isolator system of the study case.

parameters value
Yielding strength (I;YD 782091' '214ttff
Initial stiffness Ki | 40055.16 tf/m
Post-yielding stiffness Kp | 3593.16 tf/m
Design displacement Dp 0.345 m
Effective stiffness at Dp | Ke 5706.9 tf/m

TBC-2011 0.9~6.5 E

ASCE 7-16 3.0 +' 5.8

NZs-2019 1.7%5.2

1
|
NBC-2015 1.1~ 8.2
\
| |
05 1.0 15 20 25 3.0 35 40 45 50 55 60 65 7.0 7.5 80 85
Period range of interest, (s)

Figure 1. the comparison of period ranges of
interest using different Seismic Design
Code for the study case.
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Site-Specific Consideration

Due to some shortages of the PSHA procedures,
the design spectrum provided by code is probably not
able to represent some features of ground hazard of
extreme earthquake at the site. One or two ground
motions recorded from near on-site historical
damaging-earthquake are also suggested as an extreme
damage assessment case of the structure using the
RHA.

The M6.4 Meinong earthquake occurred in 2016
and caused significant damage in and around Tainan
city (117 deaths). Many strong motion stations near the
study site recorded the pulse-like ground motion data.
These ground motions contain pulse components of
energy that could have a large destructiveness to the
long-period structures, e.g., base-isolated buildings.
The records of CHY064 and CHY'116 of the TSMIP
during the M,6.4 event are selected and scaled for the
RHA of the case study. The EW-components of these
two records have high V/A-values of 0.284s and
0.252s. These high V/A-values reveal the long period
energy contents of the ground motion, which is
relating to the features of pulse-like ground motion.
The geometric mean spectra of scaled records
compared with the target spectrum are shown in Figure
3, in a similar way. The period range specified by the
TBC-code is used in the scaling procedure for the

2 Scaling of Recorded Ground Motions
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Figure 3. The comparisons of the RS of GM-record
(CHYO064) collected from 2016 Meinong M16.6
(Mw6.4) earthquake with the target spectrum (MCE)

pulse-like ground motion records. The lower bound of
period range, Tmin, is based on the TBC-code and fell
on the constant spectral acceleration domain of the
target spectrum. Based on the geo-mean spectra
component, the scaling procedure is, then, likely to be
constrained on the constant Sa domain of the target
spectrum. The features of the far-field-ground-motion
portion can be scaled appropriately, so as those of the
pulse-like-ground-motion portion.

Conclusions

The geo-mean spectra component is adopted in
the ground motion selection and scaling for the real
record. A single scale factor is applied to the two-
components of ground motion, which can be applied
for evaluation of the seismic demands and
performances under the design-basis level earthquakes
(DBE and MCE) for the target site. However, there
exist a significant difference in intensity between the
two components. Considering of different direction of
the scaled ground motion pairs to the structure is
highly recommended for the RHA to take into account
the difference in intensity between two components of
the real records.
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Seismic Analysis of a Vertically Irregular Building Collapsed
on a Shake Table
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Abstract

A 7-story reinforced concrete building with a soft bottom story and plan-asymmetry in one
horizontal direction was collapsed on a shake table by generating bi-directional near-fault ground
motions. The numerical model of the 7-story building is introduced and verified through
comparison with the experimental results. The hysteretic models of the verified numerical model
are calibrated according to static cyclic component tests. To assume the condition that the static
cyclic component tests are not available, the hysteretic models of some critical structural
components are intentionally altered. Three additional numerical models of the building, which
serve as the distorted numerical models, are obtained from the combinations of the altered
hysteretic models. Incremental dynamic analyses (IDA) are applied to the four numerical models
of the building (i.e., one verified model and three distorted models). Comparing the IDA results
of the four numerical models helps to elucidate the effect of the hysteretic models on the full
range of the seismic responses (i.e., from elastic response to total collapse) of the building.

Keywords: seismic analysis, vertically irregular building, shaking table, hysteretic model

Introduction

Hysteretic models can be categorized into two
types depending on whether the hysteretic loops are
piecewise linear or smooth: a polygonal hysteretic
model (PHM) [1] or a smooth hysteretic model (SHM)
[2]. Regarding PHMSs, Takeda et al. [1] proposed a
model with a trilinear backbone curve, whose first
segment represents the state of uncracked concrete.
Unloading stiffness deterioration was also considered
in this model. For SHMs, the Bouc—\Wen model [2] has
a smooth change in stiffness that realistically reflects
the features of hysteretic loops.

The abovementioned hysteretic models [1, 2] are
sophisticated and versatile, facilitating the application
of nonlinear response history analysis (NRHA) to
various structures. However, regardless of the
hysteretic model, the selection and justification of the
values of the parameters of hysteretic models remain
challenging for NRHA. These parameters can be
calibrated using the hysteretic loops obtained from
static cyclic tests of the structural components under
investigation. For example, the deterioration

parameters of the hysteretic models proposed by Ibarra
et al. [3] were calibrated from component tests
performed on materials including steel, reinforced
concrete (RC), and plywood. It was remarked that
further research is required to establish consistent
methods for assessing the deterioration parameters [3].
When the hysteretic loops of component tests are not
available for calibration, engineering judgment seems
to be the only alternative for deciding the values of the
parameters. As a result, it is highly likely that the
results of NRHA on a structure fluctuate when
different sets of parameter values for the hysteretic
models are adopted.

The effect of hysteretic models on the seismic
performance of structures has been extensively
investigated. For example, Huang and Foutch [4]
investigated the effects of five types of hysteresis on
the drift limit for global collapse of 3-, 9-, and 20-story
steel moment frames. They concluded that strength
degradation has a more significant impact on the
global drift limit compared with stiffness degradation
and pinching [4]. Owing to the scarcity of shake tables
with  sufficient long-stroke and high-velocity
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capacities to reproduce near-fault ground motion
records, there is a demand to validate numerical
models of complete buildings subjected to near-fault
ground motions through shaking table tests. A blind
contest for predicting the seismic response of a 1:2
scale 7-story RC building was held by Taiwan’s
National Center for Research on Earthquake
Engineering (NCREE) in 2018 (Figures 1 and 2).

The present study first demonstrates the ability of
the numerical model to simulate the seismic responses
of the 7-story building, varying from slightly yielding
to completely collapsed. Second, the verified
parameter values of the hysteretic models used for the
7-story building are intentionally altered to simulate
cases when the hysteretic loops of the component tests
used for calibration are not accessible. Using the
hysteretic models with the verified parameter values
as benchmarks, the effects of hysteretic models on the
seismic evaluation of the 7-story building are
examined.
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Figure 1. (a) Top view, (b) front elevation, and (c) side
elevation of the 7-story building.

Figure 2. Collapse of the 7-story building under the
CHY063_200% event: (a) full model, (b) close-up
photograph of the bottom two stories, damage at the
bottom of (c) Column C1 located at B-3 and (d)
Column C2 located at A-3, (e) Column C2 located at
A-3 as viewed perpendicularly to the long side of the
column, and (f) perspective from Column C2 located
at A-1 toward Column C1 located at B-2.

Shaking Table Test

The 7-story building was tested on the shake table

using five simulated seismic events (Table 1). The first
seismic event is the 70%-scaled ground motion record
of Station CHYO015 during the 1999 Chi-Chi
earthquake. The second to fifth seismic events are the
ground motion record of Station CHY063 during the
2016 Meinong earthquake with scaling factors of 50%,
100%, 150%, and 200%, respectively. The two
selected ground maotion records, denoted as CHY015
and CHYO063, are far-field and near-fault ground
motion records, respectively. Figure 3 shows the
acceleration histories of the two selected ground
motion records, in which the time scales are multiplied
by 1/J§ according to the theory of dimensional

analysis. The east-west, north—south, and up—-down
(denoted as EW, NS, and UD) components of each
generated seismic event were simultaneously applied
in the x-, y-, and z-directions of the building model.

Table 1. Peak accelerations of the five shaking events.

exerted PGA
| Groundmation | e | OUEr
(m/s?)
1 CHYO015_70% | 1.16/1.18/0.26 200
2 CHY063_50% | 2.30/1.14/0.81 90
3 CHYO063_100% | 4.60/2.26/1.72 90
4 CHY063_150% | 7.01/3.46/2.54 90
5 CHY063_200% | 9.09/5.19/3.28 90
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Figure 3. (a) EW, (b) NS, and (c) UD components
of the acceleration history of CHY015, and the (d)
EW, (e) NS, and (f) UD components of the
acceleration history of CHY063.

Numerical Simulation

Based on the results of the component test and
shaking table test, a calibrated numerical model was
constructed and verified. Beam—column elements with
concentrated plastic hinges at the two ends of the
elements were used to simulate the beams and columns
of the 7-story building model. A degrading material
model featuring stiffness deterioration, strength
deterioration, and pinching was used for the columns.
A bilinear material model was used for the beams. The
material models are combined with the section




properties of beams and columns to define the overall
force—deformation relationship of a cross section of a
beam-column element. Moreover, because most
deformation was expected to be concentrated at the
soft bottom story, panel elements with a linear elastic
material model were used to simulate the walls. The
floor slabs were modeled as rigid diaphragms with
lumped masses. Rayleigh damping was applied with a
damping ratio of 5% for the first two vibration modes

to simulate the inherent damping of the building model.

The vibration periods of the first and the second modes
were found to be 0.72 s and 0.64 s, respectively. In
addition, the first mode is purely x-translational,
whereas the second mode is coupled y-translation and
rotation.

Figures 4c and 4f indicate that the x- and y-
directional peak interstory drifts of the first story under
the CHY063_150% shaking were 6.5% rad and 1.1%
rad, respectively. The peak values of the interstory
drifts imply that the building model underwent
significantly inelastic excursions in the x-direction and
yielded moderately in the y-direction. According to
the results of component tests, a drift of 6.5% rad
means that the first-story columns have exceeded their
peak strength and entered into a negative-stiffness
softening state. The x-directional seismic responses
are satisfactorily simulated until 22 s. After 22 s, the
experimental seismic responses decayed much more
slowly than the analytical results. For the y-directional
responses, the numerical model is capable of
estimating the amplitudes and times of the occurrence
of peak responses. Nevertheless, the residual

displacement in the y-direction was not well simulated.

This verified numerical model is further exploited to
investigate the effects of hysteretic models on the
seismic evaluations of the building subjected to the
near-fault ground motion CHY063.

Analysis
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Figure 4. Histories of the x-directional (a) roof
acceleration, (b) roof displacement, and (c) the first
story interstory drift of the 7-story building under
CHY063-150% shaking. Figs. (d), (e), and (f) are the
y-directional counterparts of (a), (b), and (c).

Effects of Hysteretic Models

In addition to using the verified numerical model

as the benchmark model (denoted as Case 0), this
study considers three hypothetical cases (denoted as

Case I, II, and Ill). Figures 5a to 5d illustrate the
combinations of the hysteretic models of columns and
beam-to-column joints used in Cases o, |, I, and Ill,

respectively. In Figure 5, the blue plots are the original
(calibrated) hysteretic models and the orange plots are
the hypothetical hysteretic models.
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Figure 5. Arrangements of the hysteretic models
adopted in Cases (a) 0, (b) I, (c) I1, and (d) I11.

Figure 6a shows the x-directional inter-story
drifts at the two edges of the first story (denoted as
Oy 1redge), IN which the two edges correspond to
Column C2 at A-3 (denoted as A3) and Column C2 at
A-1 (denoted as Al). As the building is symmetrical in
the x-direction, the drift responses at the two edges
(A3 and Al) are almost identical when the building is
elastic, regardless of the hysteretic model used (Figure
6a). Nevertheless, as Sa(T1, 5%) is approximately
equal to or slightly greater than 0.5 g, the eight lines
shown in Figure 6a start bifurcating. The eight lines
essentially divide into two groups, one of which
contains the four cases of Column C2 at A-3, and the
other the four cases of Column C2 at A-1 (Figure 6a).
In addition, the drift demands of the former group
(Column C2 at A-3) are generally greater than those of
the latter group (Column C2 at A-1). This phenomenon
implies that the bifurcation of the eight lines (Figure
6a) results from not only the different hysteretic
models but also the plan-asymmetry in the y-direction.
Furthermore, given the aforementioned division of the
drifts into two groups, the x-directional drifts seem to
be more affected by the y-directional plan-asymmetry
than by the hysteretic models. This observation
underscores the complicated seismic characteristics of
asymmetric-plan buildings subjected to bi-directional
ground motions. Moreover, the magnitudes of the x-
directional drift demands from great to small in each
group is Case I, Case o, Case Il, and Case lll; this
reasonably reflects the arrangements of the hysteretic
models (Figure 5).



Figure 6b shows the y-directional interstory drifts
at the two edges of the first story (denoted as 6,,1cedge),
in which the two edges correspond to Column C2 at
A-3 (denoted as A3) and Column C1 at B-3 (denoted
as B3). As the building is asymmetrical in the y-
direction, the drift responses at the two edges (A3 and
B3) are substantially different regardless of whether
the building is elastic or inelastic (Figure 6b).
addition, because Column Line A is the stiff side in
terms of the y-directional plan-asymmetry, whereas
Column Line B is the flexible side, the y-directional
drift demand of Column C2 at A-3 is significantly less
than that of Column C1 at B-3 (Figure 6b). For
Column C1 at B-3, the magnitude of the y-directional
drift demand from great to small is Case I, Case o,

Case Il, and Case Ill, which is identical to the
observations for the x-directional drift demands
(Figure 6a).
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Figure 6. (a) x-directional and (b) y-directional
interstory drifts at the corresponding two edges of the

first story for Cases o, I, Il, and Ill under various
seismic intensities.

Figures 7a and b respectively illustrate the x- and y-
directional hysteretic loops of Case o subjected to
CHYO063 with Sa(T1, 5%) = 2.5 g. The four plots in
each of Figures 7a and b, from left to right, are the
hysteretic loops of Column C2 at A-3, Column C1 at
B-3, the beam—column joint at A-3, and the beam—
column joint at B-3. The counterparts of Cases I, Il,
and Il are illustrated in Figures 7c-d, e-f, and g-h,
respectively.

Conclusions

This experimental and numerical study tackled
three challenging issues: the replication of near-fault
ground motions using a shake table, shaking and
numerically simulating a vertically and horizontally
irregular building model until its collapse, and
consideration of the effect of bi-directional
earthquakes. While these issues have been
individually and intensively examined by the
earthquake engineering community, they have been
rarely studied together because of the scarcity of shake
tables with a long-stroke, high-velocity capacity. This
study addressed these challenges in a single
experiment, which may reflect the actual complex
conditions imposed on a large number of building
structures.
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Figure 7. Hysteretic loops of the building under
CHYO063 with Sa(T1, 5%) = 2.5 g for Case o in the (a)
x- and (b) y-directions, Case | in the (c) x- and (d) y-
directions, Case Il in the (e) x- and (f) y-directions, and
Case Il in the (g) x- and (h) y-directions.
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Abstract

Attaching external reinforced concrete (RC) frames to existing buildings not only enhances
the seismic capacity of existing structures but also reduces the interruption in the use of buildings
during retrofitting. The mechanisms of force transmission between the interface of attached and
existing frames are significant in design technology. Therefore, improvement in the confidence
of connections is essential during construction. This study proposes using high strength anchor
bolts for connection instead of adhesive rebar, as this can improve the quality control of
connection. Three frame tests, a prototype RC fame, an attached RC frame using an adhesive
rebar connection, and an attached RC frame using an anchor bolt connection, are reported.
Comparison of the connections using adhesive rebar and anchor bolts is discussed. Testing results
indicate that the lateral strength of the retrofitted frames is significantly increased and the
deformation capacity is also improved when the frame is attached using anchor bolts rather than
adhesive rebar connections.

Keywords: seismic retrofit, reinforced concrete frame, adhesive rebar, anchor bolt, existing

building

Introduction

Seismic retrofit of existing public school
buildings has been implemented in the past decade in
Taiwan. Most of the public school buildings were
retrofitted by reinforced concrete (RC) jacketing
columns, wing walls, RC walls etc. These traditional
retrofitting schemes can be conducted on school
buildings because the schools have summer and winter
vacations. However, many existing buildings, such as
hospitals, factories, and residential buildings, cannot
lose functionality for two to three months for
retrofitting. Attaching external RC frames to existing
buildings can not only enhance the seismic capacity of
existing structures but also reduce the interruption to
the use of buildings during the retrofitting.

Attaching external RC frames to the outside of
existing buildings has been widely applied to schools
in Japan. Takeda et al. (2013) adopted a new RC slab
for connection between the attached and existing
frames by adhesive rebar. However, the construction
quality control may be an issue in Taiwan. This study

proposes attaching new RC frames to the existing
frames without a connecting slab. The interface
between the attached new beams and existing beams is
connected by high strength anchor bolts. The
construction procedure is simplified to drilling holes
in the existing RC beams, placing the high strength
anchor bolts in the holes, reserving a suitable
embedded length of bolts in the steel cages of the new
attached beam, and finally casting the concrete of the
newly attached beam. No cleaning holes and injection
of adhesive paste are required. This can significantly
improve the construction quality of connections.

This study conducted cyclic loading tests on three
RC frames, a prototype RC frame, an attached RC
frame using an adhesive rebar connection, and an
attached RC frame using anchor bolt connections, in
the structural laboratory of National Center for
Research on Earthquake Engineering (NCREE) in
Taiwan. Different connections for the interface
between the attached beam and existing beam are
clarified and discussed in conjunction with the
experiments. In the following sections, the retrofitting

Research Fellow, National Center for Research on Earthquake Engineering
Honorary Advisor, National Center for Research on Earthquake Engineering

1
2
8 Master, Dept. of Civil Engineering, National Taiwan University
4
5

Assistant Technologist, National Center for Research on Earthquake Engineering
Graduate Student, Dept. of Civil Engineering, National Taiwan University



design and test program, results of cyclic loading tests,
analysis and comparison of testing results, and
conclusions are reported.

Retrofitting Design and Test Program

The tests were conducted in the Multi-Axial
Testing System (MATS) in NCREE. The specimens
simulated the existing school building frames at a scale
of 0.45 due to the limitation of MATS. The attached
external frame was designed with higher lateral
stiffness and strength than the existing frame.
Therefore, the new frame will develop its ultimate
strength under a small deformation while the existing
frame would still remain in the elastic range, as shown
in Figure 1.

To test the effectiveness of retrofitting using an
external frame, a prototype existing frame and an
attached external frame were designed for
investigating the behavior. The dimensions of the test
frames are shown in Figure 2, and detailed sections of
the frames are shown in Figure 3. To test the
connection between the beam interfaces, the external
frame attached with high strength anchor bolts and
with adhesive rebar were tested. The connection
details of the beam interfaces are illustrated in Figure
4.

Ductility

Base Shear (tf)

==External Frame
== Exist Frame

!
1
LAk
!
1
1

Br By
Displacement {cm)

Figure 1. Design concept of retrofit by external frame

(a) Prototype frame (b) Retrofitted frames

Figure 2. Dimensions of prototype and retrofitted RC
frames

(@) Column section of
prototype frame

(b) Beam section of
prototype frame
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- - - -
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-  _man - i

(c) Column section of
retrofitted frames

(d) Beam section of
retrofitted frames

Figure 3. Detailed sections of prototype and
retrofitted RC frames

Existing Beam  External Beam Existing Beam  External Beam

(a) Adhesive rebar (b) Anchor bolts

Figure 4. Different connections of prototype and
retrofitted RC frames

Cyclic Loading Tests

The existing prototype frame is abbreviated as PT,
the external frame attached with high strength anchor
bolts as AB, and the external frame attached with
adhesive rebar as PB. The material properties are
reported in Tables 1 and 2.

The tested behavior of specimen PT is
summarized as follows. The frame remained elastic
while the inter-story drift ratio was less than +0.5%.
The ultimate lateral strength occurred when the inter
story drift ratio reached +1.5%, and the ultimate
lateral strength was 4.84 tf and 5.39 tf, respectively.
The cracking pattern at the ultimate lateral strength is
shown in Figure 5. Above 2.0% inter story drift ratio,
the lateral strength slowly decreased. The test was
terminated at the first cycle of 5.0% inter story drift
ratio due to loss of axial loading capacity of the
columns; at this point the lateral strength decreased to
2.05 tf. The hysteresis loop of lateral strength versus
displacement of specimen PT is shown in Figure 6.



The behavior of specimen AB is as follows.
Frame AB remained elastic while the inter story drift
ratio was below +0.5%. The ultimate lateral strength
was reached when the inter story drift ratio
reached +3.0%, and it was 13.84 tf and 11.41 ftf,
respectively. The cracking pattern at the ultimate
lateral strength is shown in Figure 7. Above 4.0%
inter story drift ratio, the lateral strength slowly
decreased. The test was terminated at the second cycle
of 10% inter story drift ratio due the loss of axial
loading capacity of the columns, and the residual
lateral strength was only 2.02 tf. The hysteresis loop
of lateral strength versus displacement of specimen
AB is shown in Figure 8.

The behavior of the specimen PB is as follows.
BP remained elastic below +0.375% inter story drift
ratio. The ultimate lateral strength was reached when
the inter story drift ratio reached +1.5% and was
14.23 tf and 12.93 tf, respectively. Significant flexural
cracks occurred in the columns of the existing frame,
and. the cracking pattern at the ultimate lateral strength
is shown in Figure 9. After 2. 0% inter story drift ratio,
the lateral strength decreased significantly. The test
was terminated at the first cycle of 8.0% inter story
drift ratio due to loss in the axial loading capacity of
the columns, and the residual lateral strength was only
6.72 tf. The hysteresis loop of lateral strength versus
displacement of the specimen PB is shown in Figure
10.

Table 1. Compressive strength of concrete

fé (kgf/em?) PT  AB  PB
Existing frames 356 419 421
Attached frames - 452 427
Table 2. Tensile strength of rebar
Existing Attached
2
fy (kgf/em®) frames frames
#2 3647 3647
#3 3632 4490
#4 3466 -

Figure 5. Cracking pattern of specimen PT at the
ultimate lateral strength.
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Figure 6. Hysteresis loop of lateral strength versus
displacement of specimen PT.

Figure 7. Cracking pattern of specimen AB at the
ultimate lateral strength.
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Figure 8. Hysteresis loop of lateral strength versus
displacement of specimen AB.

Figure 9. Cracking pattern of specimen PB at the
ultimate lateral strength.

Dritt Ratio (%)

Force (t)

Displacement (cm)

Figure 10. Hysteresis loop of lateral strength versus
displacement of specimen PB.



Analysis and Comparison of Test Results

Comparison of the ultimate lateral strength of the
three specimens is shown in Table 3. The test results
indicate that the ultimate lateral strength of the
retrofitted frames was significantly increased, with
strength values more than double that of the prototype
frame.

Comparing the anchoring effect using the
different connections indicates that the lateral force
was well transmitted between the interface of the
existing and new beams by both the anchor bolts and
the adhesive rebar. However, the beam connection
with high strength anchor bolts (specimen AB) could
retain its post strength toughness more effectively than
the connection with adhesive rebar (specimen PB), as
shown in Figure 11.

Table 3. Comparison of ultimate lateral strength of
the three specimens.

Vinax. (tonf) | ultimate lateral strength Z’E?"'
PT 5.39 1.0
AB 13.84 2.57
PB 13.12 2.43

5

10

Force (tf)

Figure 11. Envelopes of the hysteresis loops of the
three specimens.

Conclusions

The study conducted cyclic loading tests of three
RC frames, a prototype existing RC frame, an attached
RC frame using an adhesive rebar connection, and an
attached RC frame using an anchor bolt connection.
Based on the test results, the following conclusions
can be drawn.

1. Retrofitting frames with attached external
frames significantly increases the ultimate
lateral strength, with strength values more
than double that of the prototype frame.

2. Retrofitted frames with attached external
frames have increased deformation capacity,
with values more than double or triple that of
the prototype frame.

3. Both the proposed connection using high
strength anchor bolts and that using adhesive

rebar transmit the lateral force between the
interface of the existing and new beams well.

4. The proposed beam connection using high
strength anchor bolts performs better with
regard to post strength toughness than that
using adhesive rebar.
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Abstract

Many old existing mid- to high-rise reinforced concrete buildings do not meet the
requirements of current seismic codes and are vulnerable to damage in earthquakes. The damaged
column is found to be controlled by flexural-shear failure. When the ground columns of mid- to
high-rise buildings are subjected to an earthquake force, the axial load varies between tension and
high compression in the edge columns owing to the overturning moment effect. The main goal of
this research is to study the seismic shear strength and deformation capacity of flexural-shear
critical columns under high axial load and varying axial load.

This research conducts an experimental study on six full-scale column specimens with cross-
sectional dimensions of 500 mm % 500 mm subjected to quasi-static cyclic loading under constant
high axial load and varying axial load. The design parameters were the spacing of transverse
reinforcement and the magnitude and type of applied axial load. Test results indicate that the
higher the applied axial load, the faster the degradation of strength and stiffness.

Keywords: flexural-shear, high axial load, full-scale, reinforced concrete column

Introduction

Reinforced concrete (RC) structures are the
major building system in Taiwan. Due to high
population density in the metropolitan area,
construction of high-rise residential buildings is a
necessity. The lower-story columns of a high-rise
building cause extremely high axial load. Earthquake
reconnaissance reports show that RC columns of old
existing buildings are vulnerable to earthquakes
because the transverse reinforcement is widely spaced
[1]. RC columns with insufficient transverse
reinforcement could be dominated by flexural-shear
failure [2]. The strength and stiffness of the structure
severely degrade due to shear failure after the flexural
strength.

Although many experimental studies have been
conducted to investigate the seismic behavior of RC
columns, they focused on low-rise RC buildings.
Moreover, in existing experimental studies, the
structures were mostly subjected to a lower axial load
[3]. Test results under high axial load are limited,

leading to insufficient data. The present study
elucidates the flexural-shear behavior of a column
under high axial load and varying axial load. Moreover,
the test results can be used for developing the
backbone curve and hysteretic loop models of RC
columns.

Specimen Design

All the column specimens were designed with
500 mm x 500 mm square cross sections. The clear
height of specimens was 2000 mm, with each
specimen having a constant height-to-depth ratio of
4.0. Figure 1 shows the elevation and rebar layout of
each column.

The nomenclature of the specimens is as follows:
letters “R” and “V” denote the specimens under
constant and varying axial loads, respectively; letters
“D” and “N” denote the specimens with 100 mm and
200 mm spacing, respectively; numbers “4” and “6”
denote the specimens with applied constant axial load

Assistant Researcher, National Center for Research on Earthquake Engineering
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ratios (P/Agfc) of 0.4 and 0.6, respectively.
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Figure 1. Elevation view and rebar layout

The longitudinal reinforcement consisted of 12-
D25 with a measured yield strength of 468 MPa. The
corresponding longitudinal reinforcement ratio was
2.43%. The D10 and D13 rebars were used for stirrups
with 135-degree hooks and crossties with 90-135
degree hooks, respectively. The measured yield
strengths of D10 and D13 transverse reinforcement
were 456 and 468 MPa, respectively. The spacings of
transverse reinforcement were 100 and 200 mm,
respectively. Hence, the corresponding transverse
reinforcement ratios were 0.54% and 0.27%,
respectively. The measured compressive strengths of
concrete ranged from 22.0 to 25.2 MPa on the day of
tests. Specimens RD4 and RN4 were subjected to an
axial load ratio of 0.4, while specimens RD6 and RN6
were subjected to an axial load ratio of 0.6. As for the
rest of specimens, varying axial load ratios were
applied. The design parameters and material properties
of specimens are listed in Tables 1 and 2.

Table 1. Design Parameters

Specimen Longitudinal Transverse P

p rebar rebar Agfc,
RD4 Stirrup: D10 0.40
RD6 Crosstie: D13 0.60
VD 12-D25 P =0-54% | Varying
RN4 | P =243% | Qtirrup: D10 | 040
RN4 Crosstie: D13 0.60
VN p, =0.27% Varying

Table 2. Material Properties

Specimen S o s
(MPa) (MPa) (MPa)
RD4 24.8
RD6 25.2
VD 456 (D10) | 24.6
RN | 0P| ges 013) [ 220
RN6 244
VN 249

Not only constant axial load but also varying axial load
was chosen to investigate the flexural-shear behavior
of column specimens. Two actuators were added to
supply the vertical load to simulate the axial load of
the edge column of mid- to high-rise RC buildings
under earthquakes. The concept of varying axial load
was adopted from Hassan [4]; the test results are
compared with those of specimens subjected to
constant axial load.

Test Setup

Tests were conducted using the Multi-Axial
Testing System (MATS) at the National Center for
Research on Earthquake Engineering. The specimens
were subjected to constant and varying axial loading
in conjunction with double-curvature cyclic loading.
The lateral cyclic loading was based on the ACI test
guideline [5]. The initial drift ratio was 0.25% in the
linear elastic response range. The lateral drift ratio was
increased by 1.25 to 1.5 times of the previous one. The
load cycles were repeated three times at each drift
ratio. The loading protocol is shown in Fig. 2.

6

4

2

Drift Ratio(%)
<

0 5 10 15 20 25 30 35
Cycles

Figure 2. Loading protocol

Test Result

Figure 3 shows the crack pattern of specimens at
peak load. When specimens were subjected to a larger
drift level, some inclined cracks developed and
became enlarged when they propagated closer to the
top and bottom of specimens. The peak strengths of
four specimens under constant axial load were reached



at 1.00% drift ratio, whereas the peak strengths of two
specimens under varying axial load were reached at
0.75% and 1.00% drift ratios. Severe spalling of
concrete was observed at the final stage of loading.
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joc n‘a F| i"*"
A B
RN4 RN6 VN RD4 RD6 VD
@1.00% @1.00% @0.75% @-1.00% @-1.00% @1.50%

Figure 3. Crack pattern at peak load

Hysteretic Response

Figure 4 shows the relationship between lateral
force and drift ratio for each specimen, in which the P-
A effect has been removed. The drift ratio was
calculated by dividing the lateral displacement by the
clear height. The envelope curve was obtained by
connecting the peak values of hysteresis loops of the
first cycle, as shown in Fig. 4. The comparison of
envelope curves of each specimen is shown in Fig. 5.

After the peak strength, most specimens showed
a significant loss of strength and stiffness during cyclic
loading. Specimen RD6 experienced the maximum
strength in the positive and negative directions among
the four specimens under constant high axial load.
Meanwhile, no significant differences were observed
on the maximum strength in the positive and negative

directions of the two specimens under varying axial
load.
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Conclusions

In this study, cyclic tests were conducted on critical

column specimens. The test parameters were the

amount of transverse reinforcement and the magnitude
and type of applied axial load. Based on experimental
observations, the following conclusions are drawn:

(1) The hysteretic response of specimens RD4 and
RN4 were similar; however, the ductility of
specimen RD4 was better than that of specimen
RN4.

(2) For specimens RD6 and RN6, the strength and
stiffness of specimen RN6 dropped dramatically
after the peak strength.

(3) The maximum strength of specimen RN6 was
greater than that of specimen RN4; however, the
deformation capacity of specimen RN6 was
lower than that of RN4.

(4) For specimens under varying axial load, the
deformation behavior of specimen VD was
better than that of specimen VN.

(5) When specimen with lower amount of
transverse reinforcement was subjected to high
axial load, the strength degraded rapidly and the
seismic performance was poor.
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Abstract

The Meinong earthquake struck southern Taiwan in the early morning of February 6, 2016.
Two years later, a major earthquake also occurred in the Hualien area at midnight on February 6,
2018. Several mid-to high-rise buildings collapsed after each event. Some of those collapsed
buildings caused severe casualties. The damage modes of such buildings can be summarized as
follows: the presence of a soft and weak first story, a lack of redundancy, and a lack of lateral
reinforcement. Results of the investigation of such buildings are used in conjunction with the
earthquake duration screening database recently recommended by the National Center for
Research on Earthquake Engineering to propose a set of easy-to-implement non-linear dynamic
analysis methods, designated as the "Non-linear dynamic analysis methods for seismic evaluation
of reinforced concrete structures in Taiwan" (Taiwan Earthquake Assessment for Structures by
Dynamic Analysis), as a standard reference for domestic and foreign industry, academia, and
research circles. It is hoped that it can effectively remove doubts concerning the poor earthquake
resistance of existing buildings and serve as a basis for subsequent improvement.

Keywords: non-linear dynamic analysis, mid-to high-rise buildings, damage investigation,

seismic assessment methods

Introduction

Due to a large number of residents in mid-to high-
rise buildings, earthquake disasters that affect these
buildings, such as building collapse and other damage,
should be a subject of serious concern. An appropriate
seismic evaluation method for such buildings is
urgently needed as a basis for screening in engineering
practice.

Current evaluation methods are mostly carried
out using nonlinear pushover analysis, which is
accurate for low-rise buildings, but its defect is that the
methods cannot be used to predict the effect of the
higher vibration modes of mid-to high-rise buildings.
It is also a deterministic method, which fails to
consider the uncertain factors regarding the seismic
load, the analysis method, and construction errors. In
light of this, the National Center for Research on

Earthquake Engineering (NCREE) recommended a
reasonable probabilistic collapse assessment method
for mid-to high-rise buildings (Hsieh et al., 2018). The
assessment process refers to the collapse fragility
assessment (CFA) of FEMA P-58 and incremental
dynamic analysis (IDA) is used to consider the
nonlinear dynamic responses of mid-to high-rise
buildings during strong earthquakes and account for
the uncertainty of the seismic load. This method
estimates the structural response using nonlinear
dynamic analysis and employs a probabilistic seismic
assessment framework to take into account the many
uncertainties involved in the analysis. The collapse
criteria refer to the American Society of Civil
Engineers (ASCE) 41-13 and the Tall Building
Initiative (TBI) recommended standards for avoiding
collapse and damage, to formulate clear judgment
criteria. This method is used to assess the seismic
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capacity of buildings and can avoid the analysis
limitations of nonlinear pushover analysis for
buildings with significant torsional or high modal
effects. However, a large number of analysis
operations must be performed and so it is more
suitable for use in important facilities with high
seismic performance requirements.

For the needs of more general building types, this
paper proposes an easy-to-implement nonlinear
dynamic analysis method with the input motion
selection database recently proposed by the National
Earthquake Center, named the "Taiwan Earthquake
Assessment for RC Structures by Dynamic Analysis”
(TEASDA). Itis to be used as a common reference for
domestic and foreign industry and university research
centers, and it is hoped that it can effectively remove
any doubts concerning the insufficient seismic
capacity of existing buildings and serve as a basis for
subsequent improvement of building seismic capacity.

Ground Motion Selection

In the current draft revision of the seismic code
for buildings, at least three horizontal seismic records
consistent with the design response spectrum are
required for the ground motion input selection of the
dynamic analysis method. The ground motion should
be able to accurately reflect the design base earthquake
of the site (or the maximum considered earthquake). If
more than seven horizontal seismic records consistent
with the design response spectrum are used, the
structure may be designed using the average of the
analysis results. For any horizontal seismic record, its
response spectrum with a 5% damping ratio should be
calculated. At the same time, the seismic records
should be adjusted so that the spectral acceleration
value at any point within the period range 0.2-1.5 T,
is not lower than 90% of the design spectral
acceleration value, and the average value within this
period range is not lower than the average of the design
spectral acceleration value, where T; is the
fundamental natural period of the building in the
direction under consideration.

To enable engineers to conduct design checks and
seismic  assessments  following the relevant
requirements of the seismic code when conducting
dynamic analyses, the NCREE built a database of
"Recorded Ground Motion Selection for Generic
Sites" (Liu et al., 2020). At present, the Platform
"Input Motion Selection for Taiwan" (Figure 1) has
been preliminarily constructed for general earthquake
areas in Taiwan and the Taipei Basin (excluding the
near-fault area). This platform can assist in the
selection of earthquake records for design verification.
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Figure 1. The platform of input motion selection for
Taiwan (http://seaport.ncree.org/inmost/)

After the ground motion selection is completed,
the intensity must be adjusted according to the
provisions of the current seismic code on dynamic
analysis. According to the research of Malhotra (2003),
it is suggested that the limit of the adjustment ratio of
earthquake intensity should not exceed 4.0 and 6.0 in
an earthquake regression period of 475 years and 2500
years, respectively. The Canadian National Building
Code (NBC) Interpretation J, Appendix 4.2
recommends that the earthquake intensity adjustment
ratio should be between 0.5 and 4.0. If the selected
earthquake record cannot meet this criterion, it is
suggested that the natural earthquake records be used
to make artificial earthquakes. The number of artificial
earthquakes should not exceed one-third of the ground
motions used for design verification. In addition, if a
sufficient number of earthquake records cannot be
found in the database, other seismic record databases
are available (such as the ground motion database of
the Pacific Earthquake Engineering Research Center
(PEER) in the United States,
https://ngawest2.berkeley.edu/site) ~ from  which
suitable ground motions can be selected.

Member Behavior and Simulation

Engineers often use structural analysis packaged
software such as ETABS and SAP2000 to perform
pushover analysis or nonlinear dynamic analysis of
reinforced concrete (RC) structures. Most of these
analysis software products are mainly composed of
members and nodes to form a model of the structure
and are combined with nonlinear hinge settings to
simulate the nonlinear behavior of structural members,
such as its columns, beams, and RC walls. Therefore,
it is necessary to understand the nonlinear behavior of
such structural members, before assigning them
suitable nonlinear hinge properties and positions to
simulate their behavior.

3.1 RC columns

When an RC column is subjected to both axial
and lateral loads, it has three failure modes: shear
failure, flexure-shear failure, and flexural failure. For
shear failure column members, the oblique shear
cracks are usually distributed at both ends of the
column. Li et al. (2019) found that the deformation



capacity of the shear-dominated column was not as
conservative as expected and suggested a model
presenting the lateral load-displacement curve. When
a column has sufficient stirrups, its column shear
strength will be higher than its flexural strength, and
its failure mode will tend toward flexural behavior.
Assuming that the longitudinal reinforcement does not
undergo strain hardening, the lateral load strength
remains constant. Until the column has a flexural
failure mode such as a longitudinal reinforcement
fracture, buckling, or the crushing of confined
concrete, its lateral load strength will decrease, but its
axial load capacity will not be lost immediately.

Since the position of the inflection point of the
column will change during the nonlinear reaction of
the frame, the failure mode of the column cannot be
specified before the analysis. Therefore, when setting
the nonlinear hinges of the column member, it is
necessary to set the moment nonlinear hinges at both
ends of the column. The moment nonlinear hinge is
used to simulate the moment-rotation relationship of
the column. The shear nonlinear hinge is set in the
middle of the column to simulate the shear-
displacement relationship of the column, as shown in
Figure 2.
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Figure 2. The simulation of a column (nonlinear
hinge)

3.2 RC beams

In the case of a cracked section, the flexural
stiffness of the beam is generally expressed as

0.35E,1,, where E_ is the modulus of elasticity of

the concrete and ly

total section. Considering that the beams of an existing
reinforced concrete structure are often connected with
the floor slab to form T-beams, the seismic capacity of
the beams is improved. Therefore, the behavior and the
section stiffness of the T-beams should also be
considered in the beam simulation. The nonlinear
behavior of RC beams can be based on the nonlinear
hinge that comes from the load-displacement curve of
RC members suggested by ASCE/SEI 41-13.

is the moment of inertia of the

3.3 RC walls

Weng et al. (2017) suggested that a trilinear
analysis model should be used to simulate the
relationship between the shear force and lateral
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displacement of RC walls with a height-to-length ratio
less than two, as shown in Figure 3. This analysis
model includes the cracking point, strength point, and
collapse point. Before the concrete cracks, the RC wall
remains elastic and has high lateral stiffness. After the
concrete cracks, its lateral stiffness begins to reduce,
and this first turning point is the cracking point. When
the concrete cracks, the crack pattern in the RC wall
develops and accumulates rapidly, accompanied by a
large amount of shear deformation and finally concrete
crushing damage occurs. This is the second turning
point, namely the strength point. After shear failure
occurs, its stiffness and shear strength decrease rapidly,
and eventually the RC wall loses its ability to carry the
lateral load, which is the collapse point. The analytical
model simulates this behavior by a negative slope.

Strengt
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A
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»
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Figure 3. The lateral load-displacement curve of a

wall
Hysteresis Model of the Structural
Members
The nonlinear dynamic analysis contains

repeated loading. For the nonlinear plastic hinge of the
structural members, its hysteresis behavior must be
clearly defined, including the characteristics of
unloading and reloading. An appropriate hysteresis
model must be selected to describe the energy
dissipation behavior of different structural members.
This study proposes to use the Pivot hysteresis model
for the RC column, in which the force-displacement
curve points to specific reference points (P1~P4, PP2,
and PP4) during unloading and reloading. These
reference points are called "pivot points” and defining
these pivot points by parameters « and B can

describe the hysteresis behavior of nonlinear plastic
hinges (Figure 4). Since the hysteresis behavior of the
RC column has different properties due to its failure
mode, Ling (2019) suggested that the two parameters
can be calculated according to the following equations:

b c d
f f
a=ax N, X i LI I i 211 +e<10
Agfc fc fc

ﬁ:ax( Nf'j x(p[ff,w'j x(p[ff,ytj +e<l1
Al ¢ ¢ ..(2)

where N is the axial load, A, is the gross area of

(1)




concrete section, f/ is the specified compressive
strength of concrete, p, and p, is the ratio of area
of longitudinal steel and transverse steel, f , and

f . is the specified yield strength of steel.

yl
yt

The five parameters a, b, ¢, d, and e were adopted
from the work of Ling (2019) and were substituted into
the above equations to calculate « and g . In
addition, it is recommended to use the Takeda

hysteresis model for the flexural-plastic hinges and
shear-plastic hinges of RC beams and RC shear walls.
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Figure 4. Pivot hysteresis model in ETABS (CSl,
2018)

Seismic Performance

Regarding the implementation of the earthquake
resistance assessment and reinforcement plan of the
Executive Yuan, the regulations on earthquake seismic
evaluation, and retrofitting standards, a building can
also be evaluated using its performance target point as
the verification for earthquake resistance to ensure that
the building is within the 475 years return period
earthquake, which is the performance level to be
achieved under design seismic forces. In line with this
benchmark, the proposed performance targets are
divided into overall and member component criteria,
which are described below.

Overall criteria: The technology handbook for
seismic evaluation and the retrofit of school buildings
should be referred to in order to define the seismic
performance target of the structure. For an importance
factor | = 1.25 structure, it is recommended that the
maximum inter-story drift angle of any floor should
not exceed 2%. For an importance factor 1 = 1.5
structure, the building should be required to have a
higher performance level, so it is stipulated that the
maximum inter-story drift angle of any floor should
not be greater than 1.0%. For a structure of importance
factor | = 1.0, the maximum inter-story drift angle of
any floor should not be greater than 2.5%.

Member component criteria: To avoid serious
damage to the vertical structural members, which may
lead to the collapse of the entire structure, the
performance criteria adopted for the members should
be such that the vertical load-carrying members should
not suffer axial damage or completely lose lateral
strength.
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Conclusions

Mid-to high-rise buildings have a high population
density. When disaster strikes such a building, the
effect on human life and damage to property is much
greater compared with low-rise buildings. The 0206
Hualien earthquake in 2018 was a moderate
earthquake with a magnitude of 6.0 on the Richter
scale, but it also caused the collapse of four mid-to
high-rise buildings. It is thus evident that the
earthquake resistance problems of existing mid-to
high-rise buildings have never been effectively solved.
In order to effectively solve the above-mentioned
problems, this paper proposes an easy-to-implement
nonlinear dynamic analysis method for the reference
of domestic and foreign industry, academia, and
researchers, in the hope of more effectively clarifying
the seismic capacity of existing buildings and thereby
removing doubt. This could form the basis for
subsequent improvement of building earthquake
resistance.
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Reinforced-Concrete Coupling Beams
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Abstract

Short-span reinforced-concrete (RC) coupling beams are prone to shear failure and slip
failure of the main steel bars. Therefore, this study proposes two schemes to improve the seismic
performance of traditional coupling beams with straight-through main reinforcement. In the first
scheme, a sheet steel plate is placed inside the traditional coupling beam to increase the shear
strength. In the second scheme, the traditional coupling beam is cladded with additional
reinforcement and concrete, but leaving a gap at the ends of the coupling beam such that the end
portions have the same dimensions as the original dimensions. The cladded RC can only improve
the shear strength of the original beam section and the bond strength of the main steel bar but not
the moment strength of the original beam section. The test results show that the two schemes
exhibit good ductility performance, and neither shear failure nor main steel bar splitting failure
occurs. Plastic hinges occur for both specimens at the ends of the beams; this suggests the ideal
flexural failure mode, thus meeting the expected behavior.

Keywords: coupling beam, shear plate, shear capacity, shear demand, bond strength, bond

demand, double-layer stirrup.

Introduction

A coupling beam is an important member of the
ductile reinforced-concrete (RC) shear wall system. In
the current Taiwan Civil 401 [1] and ACI 318 [2]
design codes, coupling beams with a span-to-depth
ratio of less than 2 and shear requirements must be
configured with diagonal reinforcement. However, it
is very difficult to apply diagonal reinforcement in an
actual construction site.

According to previous research results, the
traditional coupling beam with straight-through
reinforcement has a bending moment capacity similar
to that of the diagonally reinforced beam but lower
ductility performance. Embedding steel plates in a
traditional straight reinforced coupling beam can
increase the shear strength of the beam and delay its
degradation. This may in turn improve the ductility of
the beam. Therefore, traditional straight reinforced
coupling beams composited with steel plates may
exhibit good seismic performance and can address the

problem of difficult construction of diagonal steel bars.

In this study, cyclic loading tests were conducted

on high-strength RC coupling beams embedded with
steel plates for shear walls to evaluate the behavioral
response of the coupling beams. Furthermore, the
proposed steel plate and beam composite and steel
plate end anchor design theory were verified.

It was observed that the embedded steel plate
increases the beam’s shear capacity. However, it also
increases the bending moment capacity, which in turn
increases the beam shear requirements. To reduce the
increase in the bending moment capacity of the beam
caused by the embedded steel plate, the embedded
steel plate needs to be partially cut off in the plastic
hinge zone of the beam.

Specimen Design

An experiment to simulate the behavior of a
coupling beam under the action of seismic force was
conducted in the reaction wall and strong floor test
area at the National Center for Research on Earthquake
Engineering. The simulation causes double curvature
deformation of the testing frame. To accommodate the
limitations of the test structure, a beam section of 30
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cm x 50 cm with a length of 100 cm was selected. In
this study, Ci-Hong Chen® CB20SW1 was adopted as
the standard specimen, and two coupling beam
specimens with a span—depth ratio of 2 were designed
and constructed.

CB2-1 and CB2-2 are test specimens embedded
in comb-shaped cutting steel plates, with Ci-Hong
Chen® CB20SW3 as the model, having a beam section
of 30 cm x 50 cm, beam lengths 100 cm and 150 cm,
and span—depth ratios of 2 and 3, respectively. The two
test body reinforcement configurations are as follows:
twelve straight-through main ribs #6-SD420,
transverse tie reinforcements #4-SD420, and stirrups
#3-SD420, with a 10 cm spacing; six boundary
column main ribs #7-SD420, and stirrups #3-SD420,
with a 6 cm spacing. Concrete strength is 42 MPa. This
test mainly aimed to reduce the number of main
reinforcements and the spacing of the stirrups as well
as increase the reinforcement as the main variables.

CB2-2 has an enlarged middle section of 45 cm x
65 cm and the standard section of 30 cm x 50 cm is
retained at 5 cm in front of and behind the beam
section in both ends.

The reinforcement configuration for CB2-2 is the
same as that for the CB20SW1 specimen: six straight-
through rebars #8-SD420, transverse reinforcements
#4-SD420, and stirrups #3-SD420, with a 10 cm
spacing. Then, a second layer of stirrups and tie ribs is
inserted in the middle section to observe whether in the
later stage of the experiment, the damage of shear
force and grip wrap can be effectively avoided, and, as
a result, the specimen’s ductility performance can be
improved.

Table 1. Specimen design parameters.

Table 2. Specimen size chart (mm).
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Test Setup and Cyclic Loading Tests

This test simulates the double curvature
deformation of the specimen when it is subjected to a
seismic force. An L-shaped steel frame and two
vertical MTS actuators were used to ensure that the
upper foundation did not rotate during the test. Two
horizontal MTS actuators were used to apply a
progressively increasing displacement to the test
specimen. The test setup for the test is shown in Figure
1.
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Figure 1. Test setup.

To simulate the repetitive characteristics of
earthquakes, this test referred to the loading protocol
of ACI 374.1-05. A total of two loops were performed
for each displacement load. The lateral displacement
increments were 0.25%, 0.375%, 0.5%, 0.75%, 1%,

1.5%, 2%, 3%, 4%, 5%, 6%, 8%, and 10%,
respectively, as shown in Figure 2.
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Figure 2. Test protocol.

Test Results

Figure 3 shows the load and displacement
hysteresis cycles of each specimen. The extremum of
the first cycle of each interlayer displacement is
plotted as an envelope, and the ultimate interlayer
displacement of each specimen is calculated, as shown
in Figure 4. Table 3 lists the initial strength value of
each specimen, and Figure 5 shows the failure of each
specimen.

The ultimate interlayer displacement of the
standard specimen CB20SW1 is only 2.22%
(negative), which implies that the displacement
toughness of the coupling beam with traditional
reinforcement is poor and the energy dissipation
ability is the worst.

For cutting steel plate specimens, the part with
span—depth ratio 2 is compared with the Ci-Hong
Chen?® standard specimen CB20SW1 and cutting steel
plate CB20SW3. Specimen SW3 has a maximum
strength point of approximately 2% interlayer
displacement and a maximum lateral force of 760.8 kN;
CB2-1 has a maximum strength of 3%, which is
similar to that of CB20SW3 (approximately 4%) and
approximately 40% higher than the maximum lateral
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force of the standard specimen. From the perspective
of the ultimate interlayer displacement, the steel plate
specimen CB2-1 was configured to be approximately
2.46 times higher than the standard specimen and
approximately 1.73 times higher than CB20SW3 and
the cumulative dissipation energy when 7%
interlayer displacement is reached is 1.5 times that of
the CB20SW3. After the standard specimen is
configured with the steel plate, the cladded part must
be considered so that with the increase in the lateral
force, the strength of the specimen does not decay
rapidly in the later stage, thereby fully taking
advantage of the ability of the steel plate.

For the cladded concrete specimen, CB20SW1
was used as the prototype to cover the concrete in the
middle section of the beam to increase the shear
strength while the shear demand remains unchanged.
The maximum lateral force of CB2-2 is approximately
15 times that of CB20SW1 at 861 KkN; its
displacement capacity is 5.81%, which is
approximately 2.1 times that of the standard specimen;
the cumulative dissipation energy of CB2-2 when 5%
interlayer displacement is reached is approximately
2.25 times that of CB20SW1, and the maximum lateral
force increase results in an increase in accumulated
dissipative energy. The above analysis results indicate
that the configuration of double-layer stirrup-cladded
concrete in the middle section of the beam can
effectively improve its interlayer displacement and
increase the maximum lateral force as well as the
accumulated energy.

The intensity decay of each specimen shows that,
among all specimens, CB20SW1 has the maximum
strength before the interlayer displacement of 3%, and
there is no obvious attenuation; Furthermore, rapid
decay in the standard specimen strength is observed
after the interlayer displacement of 4%. Below, the
configuration of the cutting steel plate specimen and
the cladded concrete specimen is maintained at the
maximum lateral force strength of more than 80%,
with the decay in the later stage being relatively less.
It can be seen that the initial strength of the CB2-1
steel plate with 50% of the cutting area of the comb-
shaped steel plate is the initial stiffness of the CB2-2-
coated concrete specimen, which is 81.1 KN/mm; it is
approximately 3% lower than that of the standard
specimen 0.6%. This indicates that irrespective of
whether CB2 is placed in steel plates or cladded on
concrete, the initial stiffness is relatively unaffected.

Table 3. Initial stiffness of specimens.

Initial stiffness (KN/mm)
Specimen + - Average | Increase
CB20SW1 | 824 | 811 81.7 -
CB2-1 85.8 | 83.6 84.7 +3.0%
CB2-2 829 | 793 81.1 —0.6%




The deformation of CB20SW1 mainly occurs in
the beam body, which is shear force deformation,
while the boundary structure remains intact. The
deformation of CB20SW3 occurs in the beam body,
where it is curved deformation in the early stage and
grip wrapping deformation in the later stage.
Deformation of the CB2-1 and CB2-2 specimens
occurs at the junction of the beam and foundation,
while the core concrete remains intact. Plastic hinges
are generated at the end of the beam, which is a
flexural failure.
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Figure 3. Hysteretic loops of specimens.
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Figure 4. Envelope curves of specimens.
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CB20SW1

CB2-1
Figure 5. Failure mode of specimens

CB2-2

Conclusions

In this study, two reinforced-concrete (RC)
coupling beam specimens with a span—depth ratio of 2
were designed and tested. The test results revealed that
plastic hinges were generated on the specimens mainly
at the end of the beam, which is an ideal flexural
failure. Good ductility performance was observed for
the specimens used in the two design schemes. The
comprehensive experimental results confirmed that
the proposed RC coupling beam schemes have good
seismic performance and can be used for engineering
applications in practice.
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Abstract

Using ETABS software, the nonlinear hinge is replaced with the fiber section to explore and
simulate the backbone curve of TEASPA's RC component. The fiber section model has the
function of mutual control of axial force and bending moment and free setting of hysteresis loop
rules. Herein, the analysis results of the fiber section model and the nonlinear hinge model are
compared using the three- and seven-story structures of the South Laboratory of the NCREE. The
analysis results show that the nonlinear dynamic analysis of the overall structure based on the fiber
section model is efficient and feasible. The results of nonlinear hinge and fiber section models are
compared with experimental values. The results confirm that the fiber section model can reflect
the axial force and bending moment of PM interaction. The convergence of the descend of the
fiber section model is better than that of the nonlinear hinge model. Hence, the fiber section model
can be used in nonlinear dynamic analysis and can compensate for the shortcomings of PM
nonlinear hinges in ETABS that cannot freely set the hysteresis behavior. The analysis results of
the three-story and seven-story structures with the fiber section model of the TEASPA method are
consistent with the experimental values to a certain degree. The fiber section model is suitable for
use in the seismic evaluation program for weak ground-floor buildings and mid- and high-rise

buildings.

Keywords: detailed seismic evaluation, fiber section model, nonlinear hinge model, TEASPA

Introduction

At present, the detailed evaluation method of
TEASPA earthquake resistance commonly used by
engineers in Taiwan [1,2] adopts TEASPA’s nonlinear
model of a concrete structure and nonlinear lateral
push analysis to obtain the capacity curve of the
building structure, that is, to establish the relationship
curve of the structural base shear force and the roof
displacement. Then, based on the performance
requirements of the building, the performance target
point is set on the capacity curve, and the Capacity
Spectrum Method [3] is used to determine the
performance target earthquake with the roof
displacement response of the performance target point.
The performance target design earthquake is presented
in terms of the seismic response spectrum and the
maximum surface acceleration during the earthquake.
A performance target earthquake greater than the 475

design earthquake implies that the building has
sufficient earthquake resistance; otherwise, the
building needs to strengthen its earthquake resistance.
TEASPA2.0 [4] uses the M3 nonlinear hinge. After
TEASPA3.1 version [5], this was replaced with the
PM nonlinear hinge with mutual axial force and
bending moment, which also lifted the limit on the
number of floors and obtained certification from the
Construction and Construction Administration. China
still uses nonlinear static lateral thrust analysis for the
seismic evaluation of mid-to-high-rise buildings.
However, the higher the floor, the higher the error of
the analysis. It is necessary to check the seismic
performance of the building with nonlinear dynamic
analysis; however, general software packages cannot
freely set the hysteresis energy dissipation mode of
PM nonlinear hinges. Therefore, this study explores
replacing nonlinear hinges with fiber sections and
simulating the spine curve of TEASPA's RC members,
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which has mutual axial force and bending moments.
Further, the function of the hysteresis energy
dissipation mode is freely set.

The fiber section model was established for the
three- and seven-story frame specimens of the
southern laboratory of the National Center for
Research on Earthquake Engineering (NCREE) [6],
based on the single-column lateral thrust analysis as a
benchmark. The cross-section model adopts the
TEASPA seismic evaluation program developed by
the NCREE. The resulting fiber cross-section model
can fully conform to the TEASPA's nonlinear model.
The three- and seven-story structures of the fiber
section model are used to perform nonlinear dynamic
analysis to obtain the overall structural response. The
results of the experiments, nonlinear hinges, and fiber
section models are compared, based on the fiber
section obtained by TEASPA. For the model, the
analysis results of the three- and seven-story structures
show a certain degree of accuracy with the
experimental values. This paper adopts the
recommendations of the second edition of the
Technical Manual of NCREE [4] to set the bending
moment of the nonlinear hinges of the member, and
the nonlinear dynamic analysis is performed with the
package software ETABS [7].

Fiber Section Model

The fiber element model, also known as the
section discrete element, is the most detailed analysis
model in the nonlinear analysis of reinforced concrete
frame structures and is close to the actual structural
force performance. It has a wide range of applications;
its principle is to divide the component into several
sections longitudinally. The deformation of a certain
section in the middle of each section represents the
deformation of the section. The section is divided into
several concrete and reinforcing steel fibers. The force
state of the fiber element is only one-dimensional.
Strain, through the integration of each sub-block or
layer along the section to obtain the generalized
stiffness relationship between the internal force of the
section and the corresponding deformation, and then
the stiffness matrix of the component element is
obtained.

ETABS provides a beam—column fiber section
model [7]. For the beam fiber section model, the fiber
division in only one direction of the section is
considered. Therefore, only unidirectional
compression and bending interaction (PM) can be
considered, and section torsion, shear force, and
out-of-plane bending are assumed to be elastic. This
model is used for simulating the unidirectional
nonlinear bending of the beam section. As for the
column fiber section model, the fiber division is
considered in two directions; therefore, the
bidirectional compression and bending interaction
(PMM) can be considered, assuming the same
cross-section torsion and shear to be elastic. This
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model is mainly used for double-bending simulation
of the column cross-section.

In ETABS, first, the nonlinear stress—strain curve
(for material fiber) and the corresponding hysteresis
model are defined, and then, the column or beam
section reinforcement of the required fiber section is
defined. Further, the ETABS program is used
according to the set fracture of the surface, and its
reinforcement can automatically generate fiber
section hinges and automatically distribute fiber
hinges on the section. This type of fiber hinge is
Fiber P-M2-M3, which describes the relationship
between force and the deformation of the member
and the relationship between the stress and strain of
the material. Therefore, the mutual relationship
between the axial force and the bending moment and
the construction of hysteresis energy dissipation
behavior can be realized simultaneously.
Theoretically, the fiber element model has higher
accuracy and is especially suitable for situations
where the axial force changes greatly, such as mid-
and high-rise buildings; however, its disadvantage is
the larger workload, which requires considerably
more calculation time.

Single Column Test

The NCREE produced two reinforced concrete
three-dimensional structure specimens with nonductile
reinforcement for three- and seven-story buildings.
The first floor is high, the first and second floors have
only columns without any walls, and the floors above
the third floor. Reinforced concrete walls are installed
on the two outer sides of the short direction to
highlight the characteristics of the weak ground floor
and to explore the seismic performance of typical
composite mid-to-high-rise buildings in Taiwan under
the action of near-fault earthquakes. Before
conducting three- and seven-story shaking table
experiments, the mechanical properties of structural
members need to be understood. Therefore, two-pillar
member specimens are prepared with the same
cross-sectional dimensions and steel bar configuration,
and repeated load tests are conducted using the
multi-axial testing system (MATS) of the Taipei
Laboratory of the National Center for Seismology [6].
The two column components of the single-column
specimens are A-column (30 cm x 30 cm) and
B-column (30 cm x 75 cm). The nonlinear hinge
model and the fiber cross-sectional model of the
single-pillar specimens are compared as follows.
Figure 1 shows the comparison of the lateral capacity
curve of the fiber section model of A-pillar and the
hysteresis loop of the single-column test, and Figure 2
shows the comparison of the lateral capacity curve of
the fiber section model of the B-pillar and the
hysteresis loop of the single-column test. The fiber
model is extremely close to the test values irrespective
of whether in the capacity curve or the hysteresis loop.
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Three-Story Structure Test

The NCREE produced a three-story nonductile
reinforced concrete three-dimensional  structure
specimen [4]. The first floor is high, the first and
second floors have only columns without any walls,
and the third floor is in the short direction. Reinforced
concrete walls are set on the outside to highlight the
characteristics of the weak ground floor and to explore
the seismic performance of typical high-rise buildings
in Taiwan under the action of near-fault earthquakes.
The southern laboratory of the National Earthquake
Center officially conducted public seismic tests on the
three-story test specimen [6]. Four groups of tests
were conducted: the 0728 TCUO052_350gal near-field
earthquake and 0728 CHYO047_420gal far-field
earthquake on July 28, 2006, and 0809
TCUO052_800gal and 0809 TCUO052_1000gal on
August 9, 2006. The peak ground acceleration (PGA)
value mentioned after the earthquake record name is
the set target value, and the actual shaking table output
is slightly different. The seismic chronological
analysis sequence of the frame specimen, except for
the three-story frame specimen, was set. In addition to
its own weight, the earthquake duration analysis was
performed first with 0809TCU052_800gal and
0809TCUO052_1000gal. Then, the post-earthquake test
body was used as the prototype test body, and four sets
of seismic tests were officially conducted
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continuously [11]. For the nonlinear hinge model and
fiber section model of the three-story structure
specimen, the input seismic sequence described in the
previous section is followed, and PERFPRM-3D is
used to achieve the nonlinear hinge model and fiber
section model of the three-story structure. Comparison
of the roof displacement histories from the two models
are compared for the small earthquake
TCUO052_350gal and the large earthquake
TCUO052_1000gal, as shown in Figure 3 and Figure 4,
respectively.
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Figure 3. TCU052_350gal roof displacement
comparison
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Figure 4. TCU052_1000gal roof displacement
comparison

Seven-Story Structure Test

The NCREE assembled the seven-story structure
test body and conducted follow-up related tests. For
further details, refer to the blind test analysis test [12]
of the reinforced concrete three-dimensional frame
specimen of the seven-story building with nonductile
reinforcement. The earthquake duration and maximum
surface PGA [12] of the CHYO015 and CHY063
stations set by the test were used. The sequence of
earthquake duration analysis was set as follows: In
addition to its own weight, the sequence of earthquake
duration input is CHYO015 70%, CHY063 50%,
CHY063_1009%, CHY063_150%, and
CHYO063_200%; CHYO015 is a remote earthquake,
while CHY063 is a near-field earthquake.
PERFPRM-3D was used to perform the nonlinear
dynamic analysis on the nonlinear hinge model and
fiber section model of the seven-story structure. The
roof displacement histories of the analysis values of
the two models are compared for the small earthquake
CHYO015_70% and the large earthquake CHY063_150,



as shown in Figure 5 and Figure 6, respectively.
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Conclusions

In this paper, based on the lateral push analysis
of the fiber section model of two curvature columns
A and B and the TEASPA bending moment nonlinear
hinge model, the material parameters of the fiber
section model were adjusted such that the capacity
curves of the two are consistent. Then, the fiber
cross-section model of the B-column and the
three-story building and the seven-story building
structures were used separately for nonlinear
dynamic analysis based on the selected far-field and
near-field seismic records. The acceleration,
displacement, and floor center of each floor were
analyzed. The interlayer displacement angle was
compared with the experimental values of the
nonlinear hinge and fiber section models to discuss
the rationality and accuracy of the compared fiber
section model. The following conclusions can be
drawn from the comprehensive analysis results:

1. The fiber cross-section model ratio of the
single-column specimen is extremely close to the test
data whether it is the spine curve or the hysteresis
loop.

2. The analysis results of the nonlinear hinge model
and the fiber section model of the three- and
seven-story structures are consistent in the medium
and small earthquakes. When a large near-field
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earthquake is applied, the analysis results begin to
show obvious differences. The analysis results of the
hinge model and the fiber section model are still close
to the test.

3. The fiber section describes the relationship between
the force and deformation of the component and the
relationship between the stress and strain of the
material. It can consider the mutual control of axial
force and bending moment and construct hysteresis
energy dissipation behavior simultaneously. It has
high accuracy and is suitable for situations with large
axial force changes such as medium- and high-rise
buildings. The software package ETABS, commonly
used in the industry and in this study, automatically
generates the fiber of the column section. Hence, it is
a convenient and accurate method for both academic
research and engineering practice cases.
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Abstract

Artificial intelligence and extensive data analysis technologies have been gradually
developed in many fields, and their benefits and market demand in the industry are becoming
more and more apparent. This article briefly describes a preliminary research framework for
applying data science methods to long-term bridge monitoring technology. Using integrated field
inspection or test data, we can conduct data analysis research and extract critical information from
structural monitoring data. The extracted sensing parameters can lighten the burden on the long-
term monitoring system and construct a representative data science model that incorporates data
science monitoring and management thinking. Combined with an economic sensing system, it
enables bridge maintenance authorities to improve the efficiency of bridge maintenance
management operations under the restraints imposed by limited maintenance resources.
Furthermore, it allows the collection time of on-site bridge monitoring data to be extended in
accordance with the demands of bridge service life.

Keywords: Data science, Bridge structure, long-term monitoring

Introduction

Bridges provide essential infrastructure required
to maintain a sustainable level of transportation within
a society. In response to the successful developments
in information technology, many advanced countries
have been gradually investing management resources
into important bridge structures, installing long-term
on-site  bridge monitoring systems, and also
conducting research into structural health diagnosis
technology applications and related subjects. The
number of bridges set up for long-term monitoring has
increased. The number of sensors installed in each
monitored bridge is also growing, and so the amount
of collected long-term bridge monitoring data is
enormous. The current bridge long-term monitoring
technology needs to be improved to use the data to
increase the effectiveness of the long-term monitoring
system. Many unique bridges, such as landscape
suspension  bridges, cable-stayed bridges, and
extradosed bridges have been built to meet the needs
of traffic, road transportation, and regional economic
development. Many bridges have been set up with
long-term monitoring systems to collect field data on
the structural condition of the bridges, especially

cable-stayed and extradosed bridges.

The processing tools of the data science methods
can be divided into three categories with regard to
bridge monitoring parameters: structural analysis, data
regression, and structural condition classification, as
shown in Figure 1. Figure 2 shows the scientific
monitoring and management framework for the bridge
data proposed in this study. For the long-term in situ
monitoring operation of bridges, the work items
usually include planning and construction of the
monitoring system, the construction of structural finite
analysis models, and the collection and analysis of
long-term monitoring data. However, it is challenging
to adopt a single finite analysis model to estimate the
output response of the local bridge structure using
analytical methods because the input conditions of the
local bridge environment or the external influences on
the structural response of the bridge are dynamic
systems and because the structural field test data are
included in the long-term monitoring operation.

For the implementation of bridge life-cycle
management monitoring, the actual structural
responses can be obtained through field test data
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collection so that the analysis model better represents
the primary structural characteristics. However, the
structural properties of the bridge may change over its
service life, and it is still a great challenge for a
constructed analytical model to appropriately correct
for these changes.
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Figure 1. Data science analysis methods for bridge
monitoring parameter categories.
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Challenges of Monitoring Data Analysis

The essential software and hardware structure for
long-term monitoring systems of bridges includes four
significant functions: data sensing, data transmission,
data storage, and data processing. Therefore, the
monitoring system must effectively integrate precise
and reliable hardware and software to robustly provide
complete monitoring records for data processing. The
infrastructure of the monitoring system can improve
the decision-making confidence of management
authorities, enhance the efficiency of maintenance
operations, and effectively reduce full life-cycle costs
and the operational risks of structures. With the
development of information technology, the number of
sensors and the types of sensing items configured in
the monitoring system are increasing, resulting in a
more complex system integration. Consequently, the
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amount of information collected at remote servers or
in cloud databases is becoming greater and greater.
The specific techniques employed include the
application of big data analysis techniques to
overcome the problem of vast and overwhelming
monitoring data, the use of credible data science
methods to supplement the monitoring and evaluation
of information when it is insufficient, and the adoption
of crucial and optimal system configuration structures
to improve the economic efficiency of the monitoring
system. From a data science approach, it is very
challenging to handle the massive amount of data
involved in the monitoring system and also to consider
the data diversity and immediacy in order to analyze,
retrieve, integrate, search, share, store, convert,
visualize, query, and secure these data.

Data Science Monitoring

In recent years, Taiwan has introduced the
concept of full life-cycle management to bridge
maintenance operations. The monitoring system is
built during the construction of a new bridge to ensure
the quality of the engineering design and construction
and to record the initial bridge structure system
characteristics through in-situ testing for subsequent
long-term monitoring system data collection. The two
main objectives of deploying a long-term bridge
monitoring system are to assess the structural safety of
a bridge in its current condition and to investigate its
durability over its service life.

Traditionally, the technical approach has been to
conduct tests on the bridge in situ and collect data for
feedback to a finite element or other numerical
analysis models, together with structural long-term
inspection operation records. However, the long-term
monitoring system still has an execution limitation in
its application to bridges due to the reliance of the
monitoring system on the long-term maintenance
operation of the software and hardware needed to
ensure regular operation with limited resources. It is
not an easy task for management to build the
monitoring system into the bridge in a flexible manner
or after completing the monitoring data collection task,
and it can be similarly difficult to decide on the
appropriate scale of the monitoring system or on
whether to withdraw from data collection.

Through proper data science methods the long-
term monitoring data of bridges can be analyzed
scientifically. It is expected that more specific
monitoring purposes will be recommended, and that
long-term monitoring data can be extracted to monitor
critical aspects of a bridge. Furthermore, the structural
components  representing the actual bridge
characteristics can be identified, which can be used as
a reference for the timing decision of bridge long-term
monitoring system construction planning and system
scale adjustment.



Monitoring Data Model Framework

A long-term monitoring system has a
considerable  construction cost and follow-up
maintenance cost in the initial stage. In practice, an
existing bridge monitoring project results in long-term
monitoring data  collection interruption and
withdrawal, often due to the constraints of
maintenance resources. Therefore, this study proposes
a data science analysis method for existing long-term
monitoring system data analysis, screening essential
sensor items after the monitoring system completes the
initial stage of data collection. This data science model
can maintain dynamic data correction and incorporates
a feedback mechanism. Figure 3 illustrates the
contents and projects involved in the construction of
this model and the continued development of methods
and processes for each project to feed into the

development of long-term bridge monitoring
technology.
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Figure 3. Data science model construction content
and items for bridge monitoring.

The highest technical workload when applying
data science methods is estimated to be at least 70%
related to the complexity of the data analyzed and
processed and also to the amount of raw data. In order
to develop a long-term bridge monitoring data analysis
model properly, this study has to use various data
models and consists of three stages. The first stage is
data pre-processing and classification labeling. The
second stage is the construction of the data science
analysis model. In this stage, there are many
development resources available for implementation
due to the universality of open-source programs and
tools; however, custom models are still needed
depending on the characteristics of the field data.
Therefore, an examination of the results of the analysis
and model tuning comprise the third stage of this
construction process.

Laboratory Experiments of Loading Tests

The planned analysis process and study details
are shown in Figure 4. Using the bridge long-term field
monitoring system and the load test on experimental
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specimens returns a considerable amount of
measurement data. This study verified the scientific
analysis measurements using these data. On-site
monitoring data mainly use the environmental
temperature change as an input parameter and match
vehicle load test results. The laboratory load test can
accurately show applied load values and loading
positions and conditions and can measure the precise
response of structural specimens. In addition to the
traditional finite element analysis method that uses the
structural model for analytical solutions, load tests can
also be analyzed using structural influence line theory
to obtain an analytical solution for the corresponding
load condition.

The structural analysis model and test
measurement data can be compared. Data science
methods can be used to perform regression
calculations and classification analyses. The sorting
and screening data are required to formulate functional
studies for monitoring and measurement data and
define representative measurement  parameters
corresponding to safety. A quantitative index process
that assesses bridge safety and disaster prevention can
then be developed.
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Figure 4. The research analysis process and the
studied content.




Figure 5. Load test landslide lane and the structural
analysis model.

The data science analysis model can be examined
and trained to develop a framework applicable to the
bridge monitoring field by collecting and analyzing
the test data. The current measurement parameters of
the laboratory experiments include loading car speed,
structural displacements, and component strains, and
with the mounting of related structural damping
elements such as tuned mass dampers, the structural
loading characteristics can be analyzed. The
importance and correlation of each measurement
parameter can be further explored, The data science
method can thus be applied to extract critical
monitoring data and make recommendations for
adjusting the monitoring measurement project.

Conclusions

This study evaluates the application of data
science methods to long-term bridge monitoring data
and relevant field inspection or test data. The purpose
is to extract critical information from the structural
monitoring feedback to ease the long-term monitoring
system because constructing a representative data
science model combined with a more economical
monitoring system will help authorities expand the
benefits of the monitoring system and refine life-cycle
maintenance behavior. The contents and projects
involved in construction of the data science model for
bridge monitoring data will continue to develop
methods and processes for each project and provide
feedback to the research and development of long-
term bridge monitoring technology in the field. In
addition, the data science analysis will be beneficial
for exploring the basic specifications and standards of
the monitoring system, which can be used as a
reference for developing technical manuals or
guidelines for bridge monitoring. This study also
anticipates the combination of the technical
development of strong seismic monitoring stations for
domestic infrastructure with the provision of feedback
to the research and development of structural system
health diagnosis and safety assessment technologies in
order to provide sustainable disaster prevention
services.

This study also proposed an innovative
experimental platform for evaluating bridge structures
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using load tests. A series of flatcar load tests were
conducted, and data science methods were applied to
the test data to assess bridge structure safety. The
feasibility of the dynamic load test was demonstrated
in a laboratory.

This study aimed to collect large amounts of data
using experiments or field projects to select and
discuss the applicability of the data science models.
For old bridges or bridges with unique structural
systems, the field load test is a practical method to
assess structural safety in detail. With the increasing
trend in artificial intelligence analysis, much data from
field monitoring, inspection, or experiments can be
obtained and transformed for evaluation via scientific
data analysis methods. We are now moving toward
intelligent  decision-making in bridge disaster
prevention and management, ensuring bridge service
safety during the bridge life-cycle, achieving complete
life-cycle management and maintenance, improving

bridge disaster prevention technology, and
implementing business applications.
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System Identification on the Modal Parameters of the
Main Girder of an Extradosed Bridge
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Abstract

A newly constructed extradosed bridge on provincial highway No. 61 is located in Yongan
Fishing Port, Taoyuan. Fiber optic accelerometers are installed on its main girder. In this study,
signal processing techniques are applied to analyze the natural vibration frequencies and the
associated mode shapes of the bridge structure; they are then compared with the numerical
analysis of the structural design. The research results show that the first mode identified from the
collected data is quite similar to that of the structural design. Therefore, the proposed signal
process technique is a feasible method for in situ bridge vibration signal.

Keywords: system identification, signal processing, modal analysis, optic fiber sensing

Introduction

A newly constructed extradosed bridge, WH10A,
located in Yongan Fishing Port (Figure 1) is one of the
characteristic bridges of provincial highway No. 61,
Taiwan. The bridge is a single leaning tower with
asymmetrical external pre-stressed cables. It was
completed in early 2018 and opened to the public on
May 19. Due to its specialty, the National Center for
Research on Earthquake Engineering (NCREE) was
entrusted with the health monitoring project by the
bridge owner. Along with the main girder, fiber optic
accelerometers were installed inside the box girder.
This study aims to analyze its dynamic behavior from
the data collected by the fiber optic accelerometers. In
addition, the analyzed modal parameters are compared
with those from the design.

Modal Analysis of the Design Structure

Based on the design blueprint, from the natural
vibration analysis by Midas Civil, the first and second
mode shapes of WHI10A bridge are illustrated in
Figure 2.

Layout of the Optic Fiber Accelerometers
on the Girder
The bridge is an asymmetrical bridge with a

single leaning tower. The north and south spans are 70
m and 90 m long, respectively. Inside the girder, three

fiber optic accelerometers are deployed with equal
intervals in each span, as shown in Figure 3 and Figure
4. Symbol N represents the north span, symbol S
represents the south span.

WHIOA4R = s b7 T 42
g
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Figure 1. Location and appearance of WH10A
extradosed bridge

1.44 Hz 2.35Hz
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Figure 2. The first mode shape and the second mode
shape, with the associated natural frequencies, from
the structural analysis by Midas Civil
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Signal Processing Applied for Modal
Analysis

Consider two sets of time series x[n] and y[n]
with 0 < n < N. Appling discrete Fourier transform
(DFT) for x[n] and y[n], as shown in Equations (1) and
(2), the X[K] and Y[k] frequency spectra are obtained,
with 0 <k < N.

X[k] = $N=1 e W xn] W
.2mtnk
Yk] = ¥N¥-te N yn] (2)

Since both X[k] and Y[k] are complex numbers,
Equations (3) and (4) separate their real part and
imaginary part, respectively.

X[k] =Re(X[K])+Im(X[k])-] (3)

Y[k] =Re(Y[k])+Im(Y[k]) ] (4)

Let us define Z[K] as follows:
Z[k]=Re(X[k])xRe(Y[k])+Im(X[k])xIm(Y[k]) (5)

Z[Kk] amplifies those spectra of X[k] and Y[k] with
the same dominant frequencies, the same phase, or
opposite phase. Z[k] could be a handy method for
modal analysis.

Signal Analysis for the Collected Data

At 13:11 on October 24, 2021, an earthquake with
magnitude 6.5 occurred in Yilan County, Taiwan; it
shook the WHI10A extradosed bridge with local
intensity 4, according to the Center Weather Report. At
13:06 and 13:16, before and after the quake,
respectively, two text files with 1 minute collected
signals were applied for the modal analysis.
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Among N1, N2, N3, S1, S2, and S3, the vibration
at S3 is expected to be the largest. Therefore, S3 is
assumed to be in a positive phase for all modes, and
whether N1, N2, N3, S1, and S2 are in the positive or
negative phase depends on the analysis results
according to Equations (1)—(5). If the result is positive,
they have the same phase as S3, and if the result is
negative, they have the opposite phase to S3. Figures
5-7 show the analysis results obtained using Equation
(5), and Tables 1 and 2 summarize the findings on
those figures.

To have a better understanding, Table 2 is
visualized and shown as Figures 8 and 9. The above
analysis indicates the following: (1) For the first mode,
the two text files at 13:06 and 13:16 before and after
the quake, respectively, possess almost the same
modal parameters, and the associated mode shape is
very similar to the analytical result from Midas. (2) For
the second mode, the text file at 13:16 after the quake
shows similar mode shape with the analytical result
from Midas.

Conclusions

Regarding structure dynamics, the conventional
discrete Fourier transform method for acceleration
data not only lacks the phase information between
spatial points but also faces difficulty when selecting
the natural frequency in the "multi-extremum zone" of
the spectrum. The proposed signal processing
technique can quickly calculate the vibration
parameters of bridges, including natural frequency as
well as mode shapes. The case study demonstrates that
the identified parameters are reasonably close to those
from the numerical model.
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Figure 7. Amplitude and phase for the second mode
between the six stations after the earthquake.

Table 1 Comparison of the frequency and mode shape
for the first mode. The amplitude ratio of S3 is
normalized as 1.

a'r\l/lzjl(i/as?s fl(Hz) | Phase Amr[;::gude
N1 1.44 - 0.1522
N2 1.44 - 0.1957
N3 1.44 - 0.1087
S1 1.44 + 0.4130
S2 1.44 + 0.9348
S3 1.44 + 1.0000
e | iy | one [ A
N1 1.527 - 0.1566
N2 1.527 - 0.2277
N3 1.527 - 0.1697
S1 1.527 + 0.4724
S2 1.527 + 0.8717
S3 1.527 + 1.0000
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After the f1(Hz) Phase | Amplitude
earthquake ratio
N1 1.511 - 0.1460
N2 1.511 - 0.2408
N3 1.511 - 0.1905
S1 1.511 + 0.4654
S2 1.511 + 0.9290
S3 1.511 + 1.0000

Table 2 Comparison of the frequency and mode shape
for the second mode. The amplitude ratio of S3 is
normalized as 1.

Midas f1(Hz) Phase Amplitude
analysis ratio
N1 2.35 + 1.9512
N2 2.35 + 1.9512
N3 2.35 + 0.7805
S1 2.35 - 0.2195
S2 2.35 + 0.4878
S3 2.35 + 1.0000
Before the f2(Hz) Phase | Amplitude
earthquake ratio
N1
N2
N3 The second mode signal is too
weak to be identified.
S1
S2
S3
After the f2(Hz) Phase | Amplitude
earthquake ratio
N1 2.305 + 1.2834
N2 2.305 + 1.6135
N3 2.305 + 1.0401
S1 2.305 - 0.1882
S2 2.305 + 0.5008
S3 2.305 + 1.0000
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Low-Rise Buildings using a Displacement-Dependent
Tuned Mass Damper
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Abstract

Tuned mass dampers are used to reduce the vibration of high-rise buildings caused by wind
disturbance. Specifically, the displacement-dependent tuned mass damper (DTMD) is an effective
vibration energy absorber that is connected to a primary structure to reduce its vibration response
under harmonic and external force disturbances. Its natural frequency is adjusted to be close to
the fundamental vibration frequency of the primary structure. This leads to an antiphase resonance
that dissipates the external force-induced disturbance energy. Several studies have proposed
different optimization design objective functions and developed active and semi-active tuned
mass damping systems to improve control efficiency significantly. Therefore, we considered a
reasonable mass and an objective function using a simplified degree-of-freedom structural model
(DTMD and primary structure) to derive an optimized design method and evaluated the feasibility
of the structural reinforcement through numerical analysis of the tuned mass damper and shaking
table tests. The fundamental retrofit design process used in this study can facilitate the
development of a specialized tuning mass damper that can be used in practical engineering

applications, such as improving the seismic resistance of ancient and low-rise buildings.

Keywords: Tuned mass damper, seismic performance, shaking table test

Introduction

Many studies have applied the tuned mass
damper (TMD) concept in the seismic design of civil
structures. Housner G.W. et al. proposed developing
structural control devices and algorithms for the
passive control of nonlinear systems, concentrating on
energy-saving methods and hardware to handle the
strong inputs [1]. The primary structural system was
subjected to harmonic excitation of the fixed
acceleration and displacement amplitudes without
damping. The theoretical formulae of the optimal
TMD damping ratio and the primary structure's
frequency ratio under the minimum steady-state
response were derived [2]. Warburton derived the
optimal TMD design formula for the damping of a
single-degree-of-freedom (SDOF) system in a primary
structural system subjected to harmonic external and

white noise random excitation; however, structural
systems experience damping effects; therefore, the
effect of structural damping needs to be considered for
optimal TMD design [3]. Therefore, Warburton used
the value method to investigate the behavior of a
primary structural system with damping. The TMD
design parameters were optimized, and a chart was
created for practical design reference [4, 5]. Tsai and
Lin used the curve-fitting method to confirm the
optimized TMD design parameter formula [6].

Sadek et al. used the state space method to derive
theoretical formulas for optimal TMD frequency and
damping ratios under the condition that for the main
structure that contains the TMD, the first two modes
have the most extensive and almost equal damping
ratios. Numerical analysis proved that an increase in
the mass ratio results in a smaller design frequency
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ratio and a larger design damping ratio.

The objective function of TMD design is to
optimize the dynamic characteristics [7]. For general
TMD parameter design, when the primary structural
system is subjected to harmonic excitations, the
formula or regression chart obtained in the linear
elastic phase is still considered applicable. TMD
system design based on the harmonization of external
excitations can reduce the response of the primary
structure.

In the formulated design procedure, the TMD
mass required is determined on the basis of the concept
that the damping factor loss is equal to the additional
equivalent damping factor introduced by a TMD [8].
Kaneko K describes the passive control method of the
TMD for reducing seismic response in reinforced
concrete buildings. The displacement-dependent
optimal tuning ratios of linear TMDs for nonlinear
responses were formulated to reduce the seismic
response for a wide range of solid ground motion
levels [9].

This study explores the application of a
displacement-dependent TMD (DTMD) to enhance
structural seismic performance. To evaluate the
feasibility of such an enhancement, shaking table tests
were conducted to compare the responses of a two-
story bare frame with and without displacement-type
tuned mass dampers. The duration of the test
earthquake was decided considering different peak
ground  accelerations (PGAs) and  seismic
characteristics.

In recent years, many studies have focused on
structural components and materials, particularly on
low floors that undergo long-term aging and
deterioration and thus, affect structural safety.
Designing reinforcements to improve earthquake
resistance is a common countermeasure for this
problem. The earthquake resistance of a degraded
structure can be enhanced by improving its strength,
increasing the damping ratio, and extending the
primary vibration period.

Shaking table test

This section describes the test specimens, DTMD
mechanism design, input seismic excitations, and
measurement details of the shaking table tests. The
numerical analysis is also discussed, including
comparisons of the displacement responses, inter-story

drifts, and acceleration responses of the test specimens.

The reduction in the dynamic responses of the
specimens with DTMDs under different input seismic
excitations is explored. Conclusions and suggestions
regarding the feasibility of DTMDs for the
enhancement of structural seismic performance are
presented.
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The long-stroke high-velocity seismic simulation
shaking table used for the tests has a plane size of 8 m
x 8 m, a mass of 92,000 kg, a maximum load of
250,000 kg, and four pressure actuators on each axis.
The shaking table could simulate seismic responses for
six degrees of freedom along three axes. The
maximum displacements of the shaking table were
+100 c¢cm, £100 cm, and £40 cm in the longitudinal
direction (X), lateral direction (Y), and vertical
direction  (Z), respectively. The maximum
accelerations of the empty table surface in the X, Y,
and Z directions were £2.5 g, 2.5 g, and 3.0 g,
respectively.

As per the shaking table specifications, the
existing two-story steel frame of the National Center
of Research on Earthquake Engineering (NCREE) in
Taiwan was selected as the test specimen. The
specimen with a DTMD (DTMD specimen) was
compared with the specimen without a DTMD (bare
specimen). Each floor of the test frame was 3500 mm
long, 3500 mm wide, and 3000 mm high. The cross-
section of the column member of the test specimen
was H-shaped steel with dimensions 340 mm x 250
mm x 9 mm x 14 mm; the beam cross-section was C-
shaped steel with dimensions 300 mm x 90 mm x 12
mm; and the girder cross-section was H-shaped steel
with dimensions 340 mm x 250 mm x 9 mm x 14 mm.
The steel that was used satisfied the following
specifications: SN490B (equivalent to A572) and
SN400B (equivalent to A36).
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(a) Bare specimen (b) DTMD specimen
Figure 1. Elevations of the test specimens

Displacement-dependent  tuned

damper

mass

The equations of motion that govern the response
of a structure when it is subjected to ground excitation
can be expressed as follows:

Mii(t) + Cu(t) + Ku(t) = -MRi, (t) 1
m, 0 it C,+¢ it k,+k K " m, 0 (1] "
0 m e+ < g i+ *  k 0= m, {1}”9()

where M, C, and K are the mass, damping, and
stiffness matrices of the structure, respectively; 0(t),



u(t), and u(t) are the acceleration, velocity, and
displacement vectors, respectively, of the structure
relative to the ground; R is the influence coefficient
vector, which represents the displacement vector;
Ug(t) is the acceleration of the input ground motion;
m;, is the effective mass of primary structure; k; is the
elastic stiffness of the primary structure; and ¢, is the
damping coefficient of the primary structure.

As illustrated in Figure 2, the DTMD consists of
a mass m;, which slides relative to the primary
structure and is attached to it through a spring with
stiffness k; and a friction support with coefficient c.
The parameters of the DTMD are its tuning, mass, and
damping ratios. The tuning ratio f depends on the
balance of the fundamental frequency of the DTMD
with that of the primary structure wp. Thus, the
dynamic characteristics of the linear system are as
follows:

o = :1— @
= 2rT(1:tta)t @)
@y = mpkjmt 4
£ = Zr:ppa)p (5)

where w: and ¢& are the apparent circular
frequency and damping ratio of the DTMD,
respectively; the corresponding circular frequency wy
is defined assuming m, and k, for the primary structure;
and &, is the damping ratio of the primary structure.
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Figure 2. Tuned mass damper mounted on the
primary structure

For a linear DTMD, an optimal tuning ratio fort
and an optimal damping ratio & are expressed in
the following form:

fomi«ll—ﬁ/Z _ o, m
= —— g=y
1+u m,

(6)
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where ¥ is the participation vector on the top
floor, the modal vector ¢ is considering a structure
with a DTMD, and M is the corresponding mass
matrix.

The remaining design parameter is the coefficient
friction a,, which needs to be tuned to obtain the
optimal hysteretic damping in the DTMD. For
convenience, a standardized coefficient @ is defined
in the following form:

©)

For linear elastic structures, a base shear
coefficient of the controlled structure replaces the
parameter «;, and is defined in the following form,
where Q, and g are the peak base shear and gravity
acceleration, and S, is the spectral acceleration for
specified ground motion:

max Qy (t) Sa(@p.&p)

S (mytm)g g

ay (10)

For nonlinear structures, the parameter «; is
defined in the following form:

Q

=V 11
(M, +m)g ()

@y

where Q, is the maximum shear strength of the
simplified lumped-mass structure model and the
optimal coefficient @ is approximately equal to 0.25
using numerical optimizations based on a time history
analysis:
a®™ ~0.25 (12)
With the aforementioned experimental and
numerical verification, a preliminary design procedure
of the DTMD approach is provided based on the
simplified lumped-mass structure model, as presented
in Figure 3. Under the objective function of
minimizing the structural base shear, a numerical
model was developed using the SAP2000 software for
the time-history analysis using TMD properties and
checking whether the structural response reduction
and TMD deformation were acceptable. If the
response reduction is insufficient, the TMD mass
should be increased, and if it does not satisfy the
constraint, the damping coefficient should be
increased. Then, the time history analysis should be
performed again. In the range of alpha 0.2-0.25, the



anti-phase difference motion between the TMD and
the controlled structure was more noticeable when the
external force was applied. Therefore, the seismic
response of the controlled structure can be decreased
based on the anti-phase motion. In a nonlinear system,
a value is sensitive to the frequency ratio between the
TMD and the controlled structure. Therefore, the @°P¢
was calculated using the time-history analysis results
of the seismic response.

Simplified lumped-mass structure model composed of primary structure
and DTMD

A 4

With given M to calculate y , the modal vector ¢ is considering a
structure with DTMD

A 4

With given my, my, and Sa(wp,&p) to calculate Qy
To have better displacement control performance at primary structure, o, [«
can be increased by adding frictions

Minimum of Q, using numerical
optimizations based on time history analysis

Obtain f ', &', and o, and design w(or k) and ¢,

Figure 3. Design procedure of the proposed DTMD

Conclusions

We considered different PGAs and seismic
excitations for a two-story scaling test specimen to
verify the reduction in structural responses achieved
using a DTMD. In previous studies, TMDs have been
used for the wind-resistant design of high-rise
buildings. In this study, the use of DTMDs was
proposed to improve the seismic performance of
ancient and low-rise buildings with insufficient
seismic resistance. This design method provides a
buffer solution for ancient and low-rise buildings that
have not yet undergone urban renewal, ensuring safety
during strong earthquakes. A two-story steel structure
was used to simulate a low-rise RC building for the
shaking table test, and the maximum responses in the
positive and negative directions for the bare and
DTMD specimens during the earthquake excitation
experience were observed. The test results showed that
a DTMD can effectively reduce the structure's
response. Furthermore, the strokes of the DTMD in the
positive and negative directions during the seismic
excitations were less than the design value of 50 mm,
indicating that the structure's stability and response
reduction are representative.
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In summary, a DTMD, which produces an
antiphase resonance to dissipate external force
disturbance energy, enhances structural seismic
performance. The test results revealed that the test
specimen equipped with a DTMD did not exhibit a
significantly reduced inter-story drift ratio. The
reduction in the acceleration response of the DTMD
specimen could be increased beyond 10% using a
properly designed DTMD mechanism and parameters.
Moreover, the use of compression springs to provide
stiffness and friction supports to provide energy
dissipation is a feasible method. Thus, the modularly
designed mass, compression springs, and friction
supports together could form a viable mechanism to
enhance structural seismic performance.
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Development of Advanced Bridge Information System (I1)
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Abstract

This study is to develop a system that can perform bridge structural analysis on the web. To
support such analysis, we build this system’s infrastructure this year, which comprises an efficient
back-end system and a responsive front-end system. The JavaScript framework Angular is used
to provide the front-end system with a responsive web user interface. The computer graphics
engine WebGL is utilized to render 3D structural models in the canvas of this web user interface.
A simple example demonstrates that the document-oriented database technology MongoDB can
straightforwardly describe and efficiently store a structural model. The back-end technology
Node.js works smoothly with the MongoDB database, providing the front-end system with a web
application programming interface. Through this interface, the back-end system can feed the

front-end with data of a structural model.

Keywords: C++, JavaScript, TypeScript, MongoDB, Angular, Node.js, WebGL

Introduction

Developers prefer to create native desktop
applications instead of applications of other types such
as console and web applications. This is because
desktop applications provide users with rich and
diverse native graphical user interfaces (GUI) while
the others seem unable. Nevertheless, recently,
popular and powerful desktop applications like Atom,
Visual Studio Code, Microsoft Teams, and Facebook
Messenger were developed with the web technologies
supported by a famous framework Electron. They
offer native GUIs for Windows, macOS, and Linux.
And Their being developed with the same source code
suffices to make them cross-platform.

Web technologies keep developing and get
improved so fast that we cannot ignore them. While
most of numerical analysis software are developed
with desktop application technologies other than web
technologies, this study intends to examine if
developing numerical analysis software could benefit
from applying web technologies.

As a procedure of numerical analysis, finite
element analysis or structural analysis is essential to
simulate bridge mechanical behaviors and to examine
the health of existing bridges. Thus this study aims at
developing a system that can perform structural

analysis of bridges on the web. This system will be
implemented as a web application, which never needs
users to install and frequently update it while desktop
applications need both. Besides, Electron can easily
transform this web application into a desktop
application without modifying the code of this web
application.

Before implementing structural analysis into this
web system, this year we build this system’s
infrastructure comprising a back-end system and a
front-end system. This infrastructure should support
this web system to effectively manipulate and display
structural models, to offer users responsive interface,
and to perform time-consuming computations. This
infrastructure is described in the following. A minimal
example is also given to demonstrate how this web
system’s prototype works.

System Infrastructure

The client-server architecture is applied to
develop this web system. This means that this system
comprises a back-end system and a front-end system.
The two subsystems are illustrated as follows.

Back-end system

The back-end system takes charge of providing
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clients with the resources it manages. One important
resource is the front-end system, which is described
later.

Another important resource the back-end
manages and provides is data of structural models. To
effectively manage structural model data, the back-end
utilizes a MongoDB database to store the data. This
database stores data in documents. Documents are
more flexible than fixed rows and columns, which
traditional, relational SQL databases utilize to manage
data (MongoDB 2022). In addition, the way of
describing documents in MongoDB fits how a
structural model is defined by finite element software.
This is demonstrated in the next section (System
Prototype Demonstration).

Able to directly manipulate the database of
structural models, the back-end is supposed to perform
numerical analysis on these models and thus should
have corresponding analysis modules for the back-end
to invoke. These modules will be implemented in C++,
ensuring that those analyses can be efficiently
executed. Nevertheless, we consider that these C++
modules may be called by not only the back-end, but
also the front-end. That is, our system might let users
choose which end to perform analysis.

The back-end is implemented as a web API
(Application Programming Interface) for any front-
end program or system to call. To fulfil the tasks
mentioned above, the web API is supposed to provide
manipulation and analysis on structural models.

The web API is implemented by utilizing a cross-
platform back-end web technology: Node.js. It is a
JavaScript runtime that is built and runs on Chrome’s
V8 JavaScript engine (OpenJS Foundation 2022;
Wikipedia 2022). Node.js enables using the
programming language JavaScript to develop and run
back-end systems. This means we can use JavaScript
to create both the front-end and the back-end systems.

The API of Node.js suffices to do many things
like creating web APIs and using databases (especially
MongoDB databases). To simplify our codes and
ensure the stability and reliability of our web systems,
we use a framework for building Node.js web
applications: Express. Express is minimal and flexible,
treated as the de facto standard server framework for
Node.js.

Node.js offers transparent ways for a JavaScript
module to call C++ modules. More importantly, the
C++ modules can run asynchronously in a Node.js
application without blocking this application’s main
thread. This means that a Node.js application can run
time-consuming tasks and respond to user requests at
the same time. That is why this study chooses Node.js
to examine if structural analyses that likely consume
much CPU time may run along with web applications.
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Front-end system

The front-end system provides this web system’s
GUI. This GUI helps clients send requests on
structural model data to the back-end system. To build
a responsive web GUI that feels like a native desktop
GUI, this study adopts the SPA (Single Page
Application) approach. This approach prevails over
the “traditional” MPA (Multiple Page Application)
approach. At the client side, SPA retrieves the single
web page only once from the server. After that,
according to user requests, SPA will send data to the
server or get data from the server to update the content
of this page. Under such pattern of communication
between clients and the server, the server takes charge
of only receiving and providing data that users concern
about. That is why we design the back-end system as
a web API, which provides user with manipulation on
structural model data.

There are JavaScript frameworks or libraries for
building SPAs. Three mainstream ones are Facebook’s
React, Google’s Angular, and Vue. Currently, this
study adopts Angular because it is a full-featured
framework and because its programming language is
Typescript that we prefer to utilize. Typescript is a
strict syntactical superset of JavaScript. Typescript is
statically typed so that some errors may be caught in
compile time. For dynamically typed JavaScript,
compile time never exists to detect errors. Besides,
Angular Material is used to design the front-end
system’s web GUI while Angular Mater supplies high
quality Ul design components for developing Angular
applications.

In addition to offering the web GUI, the front-end
system is supposed to show 3D structural models in
browsers. To ensure that this system can efficiently
display objects in 3D, this study uses a low-level
JavaScript API that can command a GPU (Graphics
Processing Unit) to draw with minimal overheads.
Currently, only two APIs may be utilized: WebGL and
WebGPU. Because WebGPU is still a W3C working
draft, we adopt WebGL and would try WebGPU which
is claimed faster than WebGL.

System Prototype Demonstration

Considering that next year, structural analyses
will be implemented and tested on this web system,
simple examples detailing for verifying the analysis
results are required. Here we borrow Example 5.9
from McGuire et al (2000). This example shows a
frame structure that comprises three structural
members (See Fig. 1). Each member has its section
properties. Fig. 2 shows that the structural model of
this frame is defined and stored as a JSON (JavaScript
Object Notation) document object in this system’s
MongoDB database. A JSON object is described with
its properties surrounded by two curly braces {}. Each



property is represented by a key-value pair. The JSON
object that describes this frame has key “_id”, “name”,
“nodes”, “elements”, “materials”, and “sections”. The
“name” key has a string value. Each of the key “nodes”,
“elements”, “materials”, and “sections” has an array

value.

The array value of the key “nodes” has four
members each representing a node because this frame
has four nodes. As a node, each member is described
by an array having three floating-point values that are
the node’s coordinates.

Since this frame has three elements, the array
value of the key “elements” has three members
representing these elements, respectively. To
sufficiently describe an element, each member is
defined as a JSON object owning the property (or key)
"nodes” and “section”. This property “nodes”
describes an element’s nodes with an array of node
indices. The “section” property has a string value that
is the name of a section. A section is also described
with a JSON object, as a member of the property
“sections” of the root JSON object describing a
structural model. Expanded in Fig. 2, the second
member of the property “elements” has the property
“nodes” containing the index 1 and 2 and the property
“section” whose value is “beam”. This value is the
name of a section object defined in the property
“sections” of the root JSON object (Fig. 2 shows the
first, expanded section object has a different name
“column”).

Y
I =200 x 10° mm*
5m
[=50x 10° mm*
‘.—"‘”’r -H‘—‘_‘“‘---
—7rrr X 7777
L 8m.

Fig. 1. A simple planar frame

Fig. 3 shows that the web API of this system
prototype returns a JSON object almost the same as in
Fig. 2 to a Chrome browser. The URL (Uniform
Resource  Locator) of the web APl is
http://61.56.6.172:8080/frames/61add2032623b9%aala
c8e9ch. The identifier at the end of this URL matches
the value of the property “_id” of the JSON object
describing this frame in the MongoDB database. The
web API uses this identifier to find a structure model
from this database.

Fig. 4-6 show a minimal web application of the
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system prototype. In fact, this application calls the web
APl with the aforementioned URL. Thus this web
application gets the model data of this frame from the
server. Then this application displays a 3D view of this
frame and shows the model data by using the web 3D
graphics engine WebGL and Angular Material Ul
(User Interface) components, respectively.

* MengoDB Compass - 61.56.6.172:27017 MiniteElementframe

Connect View Collection Help

61.56.6.172:27017 & Documents

W 4DES 8 COLLECTIONS c
finiteElement.frame
Schema

Documents Aggregations

MongoDB 5.0.8 Community

{} My Queries

= Dalabases

Q  Eiter v

*  admin

* config

* finiteElement
| frame
B model

L

Fig. 2. A MongoDB document that describes the
structural model of a planar frame with a JSON
object

clelch @ @ % B @ T A20@ ¢
aw

Fig. 3. The web API of the system prototype
returns a structural model in JSON format to a
Chrome browser
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Conclusions

This study created a system prototype that
provides a web APl and a web application. This
practice shows that the document-oriented database
technology MongoDB can effectively describe, store,
and disseminate structural models with JSON
document objects.

Utilizing Node.js, we quickly prototyped a web
server (the back-end system) in JavaScript. This server
may manage the MongoDB database, providing other
systems with a web API to access the structural models
stored in the database.

The front-end JavaScript framework Angular and
its Ul design component, Angular Material, suffice to
create a responsive Ul for the system prototype. By
consuming the web API, this Ul can show the data that
defines a frame model. This practice also shows that
Angular can smoothly work with the 3D graphics
JavaScript API, WebGL.

Still, this study has crucial tasks to do. First, we
need to create data of a large, complex structural
model in the MongoDB database. Until then, it is
unlikely to examine the design and performance of the
system prototype, especially the design of viewing 3D
structural models. The second is implementing
modules of structural analysis into the Node.js server.
This is to examine if such a server can efficiently run
structural analysis ~ without  blocking its
communicating with multiple clients. In addition, this
implementation can bring out more functions to be
added to the system prototype, helping this prototype
become mature.
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Abstract

Carbon fiber-reinforced polymers (CFRP) have been widely used for retrofitting and
strengthening concrete structures over the past two decades. Concrete members strengthened by
externally bonded CFRP sheets can fail prematurely in debonding between the interface of CFRP
and concrete, not allowing full utilization of CFRP tensile strength, in engineering practice. Thus,
it is essential to develop an effective and convenient CFRP anchorage system that can be applied
to practical engineering. The objective of this research is to study the effect of changing the width
and thickness of the CFRP anchorage patches on the tensile strength and effective strain of the
FRP reinforcement sheets under the same strengthening conditions. The results indicated that (1)
in the CFRP patch anchorage method used in the reinforcing scheme, the effective strain of the
CFRP reinforcement sheets under the maximum tensile force is above 0.0038, which can be used
as a reference amount for the reinforcing design strain in this scheme. (2) The CFRP patch
anchorage method improves the tensile strength and effective strain of the CFRP reinforcement
sheets, and increasing the width of the CFRP anchorage patches increases the tensile strength and
effective strain of the CFRP reinforcement sheets; however, when the number of plies and fiber
area weight (FAW) of the CFRP anchorage patches is increased, the improvement effects on the
tensile strength and effective strain of the CFRP reinforcement sheets are not significant.

Keywords: carbon fiber-reinforced polymers, shear strengthening, CFRP patch anchorage

method, tensile strength, effective strain

Introduction

In reinforced concrete (RC) members that are
shear-strengthened with externally bonded carbon
fiber-reinforced polymer (CFRP) sheets, a premature
debonding failure mode often occurs in the side-
bonding or U-wrapping CFRP schemes. Such
interfacial debonding can cause some serious issues,
not only because CFRP composites cannot fully exert
their high tensile performance but also because the
strengthening member will suffer low efficiency and
ductility [1].

The on-site bridge, which is the subject of the
study, requires shear strengthening owing to its shear
crack damage condition. The retrofitting design refers
to the AASHTO strengthening specification [2]. CFRP
reinforcement sheets and the CFRP patch anchorage

method is used for bridge shear strengthening as
shown in Figure 1.

Figure 1. Bridge damage conditions and CFRP
reinforcement sheets for shear strengthening.

Experimental Program

In this study, the effects of changing the width
and thickness (defined as the number of CFRP plies or
density of CFRP sheets) of the CFRP anchorage
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patches on the tensile strength and effective strain of
the CFRP reinforcement sheets were investigated
experimentally under the same CFRP strengthening
conditions. Table 1 shows the plan of the CFRP patch
anchor performance test specimens. The parameters
for thickness of reinforcement sheets are 2 plies and 4
plies with a density of 300 g/m? (denoted as FAW300),
and width of 50 cm. The parameters for anchor patches
are no anchor patch, anchor patches with a width of 50
cm and 75 cm and density of FWA300 and 2 plies, and
anchor patches with a width of 50 cm and density with
FAW300 and FAW400 and 4 plies.

Table 1 Plan of CFRP patch anchor performance test.

No No. of CFRP CFRP
" | Specimen | Reinforcement Sheets | Anchor Patches
1 BM1 FAW300-50-2 -
2 PA1 FAW300-50-2 FAW300-50-2
3 BM2 FAW300-50-4 -
4 PA3 FAW300-50-4 FAW300-50-2
5 PA4 FAW300-50-4 FAW300-75-2
6 PAS FAW300-50-4 FAW300-50-4
7 PA6 FAW300-50-4 FAW400-50-4

Specimen design

The total length of the concrete specimen and the
CFRP anchor patches is 230 cm to meet the
requirement of the space limitation for the test
machine. For the CFRP anchor patch performance test,
taking the specimen number PA1 (Specimen No. 1 of
Patch Anchor) as an example, the size of the concrete
block is 1600 mm x 850 mm x 354 mm. The design
drawing is shown in Figure 2. The free region of the
CFRP reinforcement sheets is 1000 mm, and the size
of the CFRP anchor patch is 1500 mm x 500 mm. The
design diagram is shown in Figure 3.
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Figure 2. Design drawing of concrete block.
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Figure 3. Design diagram of CFRP patch anchor
performance test specimen.

Preparation of specimens

The preparation procedure of the CFRP anchor
patch performance test specimens includes the
following. (1) The surface treatment of the concrete
block. (2) Polishing of the surface of the concrete
block was polished such that the surface roughness of
the concrete conformed to ICRI Guideline No.03732
CSP 2-4 grade (roughness 25-750 um). (3) Cleaning
of the surface of the concrete block by grinding the
surface of the concrete block and removing the dust
with a brush or a high-pressure air gun. (4) Testing of
the moisture content of the concrete block to ensure
that the moisture content is lower than 8%. (5) Mixing
the primer and epoxy resin and using the mixture at
one time within the recommended requirements. (6)
Coating of the primer and epoxy resin wherein the
primer was evenly coated using brush roller, with the
coating range being not smaller than the attachment
range of the anchor patches. (7) Using the carbon fiber
patch paste as follows: (a) After the unidirectional
carbon fiber patch was attached to the resin coated
surface, a brush roller or a rubber scraper was used to
forcefully push it in the direction of the fiber to
infiltrate the resin and remove air bubbles. (b) Paste
was applied and left for 30 min. If the fiber was
floating or the thread was off, a brush roller or a rubber
scraper was used to flatten and correct it. () When two
or more layers of carbon fibers were pasted on top of
each other, steps (a) to (b) were repeated, ensuring that
the previous layer of resin was dry to the touch before
applying the next layer. Photos of the preparation of
test specimen are shown in Figure 4.

Figure 4. Preparation of performance test specimens.

CFRP patch anchor performance test

The test program adopts the shock absorption and
energy dissipation components test system of the
National Center for Research on Earthquake
Engineering (NCREE). The test system consists of a
test frame and a high-performance dynamic hydraulic
actuator, and the component test was mainly
performed by displacement control. Figure 5 shows
the experimental device and the test setup of the test
specimen for the performance test of the CFRP
anchorage patch system.



Figure 5. Experimental device and test setup.

Measurement configuration

To understand the behavior of the carbon fiber
reinforcement sheets and anchor patches during the
experiment, a total of six strain gauge measuring lines
were arranged on the specimens. The three measuring
lines (1-3) were arranged on the free region of CFRP
reinforcement sheets. The strain gauge number and
position for measurement configuration are shown in
the Figure 6.

Figure 6. Strain gauge number and position.

Test procedure

The procedure of the anchorage performance test
was as follows: (1) The test machine was started and
the oil pressure was confirmed to be in a stable state.
(2) The actuator was controlled by displacement to
make the specimen appear in a state of pre-tension. (3)
The actuator of the machine was controlled by
displacement, and the displacement increment was set
at 1 mm/min. (4) When the tensile force measured by
the load cell of the actuator was lower than 30% of the
peak tensile force during the test, then an emergency
stop of the test was initiated.

Experimental Results and Discussions

Analyses of seven specimens were conducted in
this test, and the measurement results of tensile force,
displacement and strain were recorded. Figure 7 shows
the relationship between the tensile force and the
displacement of the anchorage performance test.
Among the various specimens, the maximum tensile
strength occurred in the PA5 specimen, and the
maximum tensile force was 211.81 kN. The minimum
tensile strength occurred in the BM1 specimen, and the
maximum tensile force was 106.71 kN. Figure 8 shows
a photo of the interfacial debonding failure mode of
the PA1 specimen. As the tensile force increases, the

interfacial debonding region (red line area) between
the carbon fiber sheets and the concrete interface
gradually extends from the reinforcement sheets to the
anchor patches, and finally breaks instantly.
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Figure 7. Relationship between the tensile force and

the displacement of the anchorage performance test.

Figure 8. Interfacial debonding failure mode of the
PA1 specimen.

Strain analysis of CFRP reinforcement sheets

To understand the uniformity of the
reinforcement sheets under tensile force, four sections
(Lines A-D) were selected for strain comparison.
Figure 9 shows the relationship between the strain and
the displacement measured by the three strain gauges
along Line A of the PAl specimen. When the
displacement was less than 3 mm, the tensile force and
strain remained linear. However, when the
displacement was greater than 3 mm, the CFRP sheets
and concrete interface began to peel and slip, and the
tension and strain showed a nonlinear relationship.
When the maximum tensile force was 138.57 kN, the
strains measured by the strain gauges SG 101, SG 201
and SG 301 were 0.00352, 0.00368 and 0.00358,
respectively. The average strain was 0.00359, showing
that the strain field of Line A was very uniform.
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0.0040 + — SG 101
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0.0030 + — SG 301
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0.0015 +
0.0010 +
0.0005 +
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Figure 9. Relationship between the strain and the
displacement along Line A of the PA1 specimen.

Force transfer behavior of CFRP

To understand the force transmission behavior of
the patch anchorage system under tension,



measurement line 2 of the strain gauge was selected
for strain comparison. Figure 10 shows the
relationship between the strain and the displacement
measured by the seven strain gauges along Line 2 of
the PA1 specimen. When the displacement was less
than 3 mm, only the three strains (SG 201, SG 202 and
SG203) in the free region of the reinforcement sheets
had responses and remained linear. When the
displacement was close to 3 mm, the SG 205 began to
respond, and the force was gradually transmitted to the
anchor patches. When the displacement was greater
than 4.1 mm, the force is transmitted to the SG 207
position. When the displacement was greater than 6.1
mm, the force was transmitted to the SG 209 position.
When the displacement was greater than 7.3 mm, the
force was transmitted to the position of SG 211, and
the test specimen instantly produced interfacial
debonding failure between the carbon fiber sheets and
the concrete.
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Figure 10. Relationship between the strain and the
displacement along Line 2 of the PA1 specimen.

Performance evaluation of CFRP patch
anchorage system

The patch anchor performance test adopts a
dynamic strain gauge with a sampling rate of 5Hz.
When the tensile force reached the peak value, the
maximum strain value at the maximum tensile force
measured in the free region of the reinforcement sheets
and the maximum average strain of the maximum
tensile section (Line A, Line B or Line C) were
recorded and are shown in Table 2.

Table 2 Results of CFRP patch anchor performance test.

CFRP

No. of
" | Specimen | Reinforcement Sheets
BM1 FAW300-50-2
PA1 FAW300-50-2
BM2 FAW300-50-4
PA3
A4
PAS
PA6

CFRP
Anchor Patches

Maximum
strain

Maximum tensile
force (kN)

Maximum
average strain
0.0036
0.0038
0.0024

0.003

0.004¢

0.003

0.003

N

106.71
138.57
173.80

0.0038
0.0041
0.0029
0.0042
0.00¢

0.004
0.00:

FAW300-50-2

N NI >

00-50-2
00-75-2
00-50-4
00-50-4

00-50-4
00-50-4
00-50-4
00-50-4

83.68
04.25
11.81
01.89
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The test results show that the maximum average
strain of PA1 and PA3 were 0.0038 and 0.0038,
respectively. The research results show that when the
CFRP patch anchorage method was used in the on-site
strengthening scheme, the effective strain of the CFRP
reinforcement sheets under the maximum tensile force
of the test was above 0.0038.

A comparison of the test results of PA3 and PA4,
shows that the maximum tensile force increased from
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183.68 kN to 204.25 kN, an increase of approximately
11.19%; the maximum average strain increased from
0.0038 to 0.0049. The research results show that when
using the CFRP patch anchorage method, increasing
the width of the CFRP anchorage patch has the effect
of improving the tensile strength and effective strain
of the CFRP reinforcement sheets.

A comparison of the test results of PA3 and PA5,
shows that the maximum tensile force increased from
183.68 kN to 211.81 kN, an increase of approximately
15.31%; however, the maximum average strain
decreased from 0.0038 to 0.0031. The research results
show that when using the CFRP patch anchorage
method, increasing the number of plies of anchor
patches has no significant effect on increasing the
effective strain of the CFRP reinforcement sheets.

A comparison of the test results of PA5 and PA6,
shows that the maximum tensile force decreased from
211.81 kN to 201.89 kN, a decrease of approximately
4.68%; the maximum average strain increased from
0.0031 to 0.0034. The research results show that when
using the CFRP patch anchorage method, the effect of
increasing the FAW of CFRP anchorage patches on
improving the maximum tensile strength and effective
strain of the CFRP reinforcement sheets is not
significant.

Conclusions

The results of this study showed that (1) when the
CFRP patch anchorage method is used in the
reinforcing scheme, the effective strain of the CFRP
reinforcement sheets under the maximum tensile force
is above 0.0038, which can be used as a reference
amount for the reinforcing design strain in this scheme.
(2) The CFRP patch anchorage method improves the
tensile strength and effective strain of the CFRP
reinforcement sheets, and increasing the width of the
CFRP anchorage patch increases the tensile strength
and effective strain of the CFRP reinforcement sheets;
however, when the number of plies and fiber area
weight of the CFRP anchorage patch is increased, the
effect of improving the tensile strength and effective
strain of the CFRP reinforcement sheets is not
significant.
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Hybrid Simulation of a Seven-story Buckling-restrained
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Abstract

A series of hybrid simulations was performed on a model of a seven-story steel buckling-
restrained braced frame (BRBF) with an experimental beam-to-column subassembly. The seismic
response of the BRBF is examined considering column axial shortening caused by local buckling
at the experimental column base. To achieve a more accurate control and reliable simulation result,
displacement control was applied in the lateral direction, with force control for the column axial
degree-of-freedom to impose the varying axial load predicted by the simulation in each
integration time step. Although the employed computer structural analysis software does not
support modeling of local buckling in columns subjected to high axial force and large lateral drift,
an innovative approach introducing a fictitious equivalent pull-down force was adopted to enforce
the displacement compatibility with the experimental column shortening and the numerical model.
Test results confirm that the proposed testing method can account for the measured shortening
caused by local buckling of the column in the analysis.

Keywords: hybrid simulation, box-column, column shortening, column buckling, PISA3D,
Abaqus, displacement compatibility, force control, mixed-mode control

Introduction

Chou et al. (2019, 2020) pointed out that steel
box columns under large axial force and large drift can
exhibit significant column axial shortening due to
local plate buckling at large drifts. Such behavior has
not been experimentally investigated using beam-
column subassemblies to simulate frame response
under earthquake motions. The effects of shortening in
the overall frame behavior have also not been studied.
This work is aimed at investigating seismic behavior
via hybrid simulation (HS).

Hybrid simulation has been widely regarded as an

effective testing method to study the dynamic response
of structures subjected to dynamic loading. However,
HS has its own limitations and challenges (Nakashima
2001). For example, the fidelity of boundary
conditions for the specimen can significantly influence
the quality of the HS test results. HS can be viewed as
a finite element analysis with some elements
experimentally simulated in the laboratory. This leads
to HS requiring a smaller integration time step size to
obtain more accurate (or even converging) results
when analyzing stiffer structural models. Moreover,
the quality of the HS results could be affected by error-
propagation (Shing and Mahin 1983) resulting from
actuator control when imposing the target deformation
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on the physical substructure.

This study aims to investigate the seismic
behavior of a box column subjected to high axial load
and large drift using HS. However, if a column is
selected as the physical substructure, HS would be
challenging because (1) in the actual laboratory
environment it might be difficult to properly impose
the required rotational degree-of freedom (DOF), and
(2) the displacement-control method might not be able
to provide sufficiently accurate control in deforming
the column in its axial DOF due to the high stiffness.

Three innovative approaches are used to address
these challenges. Firstly, instead of using a single
column as the specimen, this study investigates the
method of experimentally simulating a single column
while using a one-story beam-to-column subassembly
as the specimen. Secondly, the force-control method is
used to increase the control accuracy for the column
axial DOF. Thirdly, the effects of the axial shortening
of the column caused by local plate buckling is
brought into the finite element simulation by applying
a set of fictitious forces in the next integration step to
enforce the displacement compatibility in the time-
history analysis procedure.

Simulation Model and Test Setup

This experimental project adopted the computer
program “Platform for Inelastic Structural Analysis for
3D Systems” (PISA3D) (Lin et al. 2009) as the
analysis engine for HS tests. The studied seven-story
buckling-restrained braced frame (BRBF) is a dual
system (Chou et al. 2020), which uses built-up box-
sections for the right exterior and interior columns and
an H-shaped section for the left exterior column.
Figure 1 shows a schematic vertical view of the
prototype building. This research focuses on the
seismic behavior of the first-story interior column (the
physical substructure, shown in orange in Figure 1), as
well as the system level BRBF seismic response. In
addition to the single column, the erected specimen is
a subassembly that includes the 1% story column, two
half-span 2™ story beams, and the lower half of the 2"
story column. Figure 2 shows the specimen, which
corresponds to the portion of the model enclosed in the
blue dashed-line box in Figure 1. Although the
specimen is a full-scale cruciform subassembly, only
the 1% story column is selected as the physical
substructure. The other elements in the specimen are
considered the boundary conditions for the 1% story
column. The actuation system includes four hydraulic
actuators: two horizontal actuators at the top of the
specimen, with their control targets being the column
top horizontal displacement, and two vertical actuators
at the mid-span position of the 2" story beams. In
addition, a servo-controllable oil jack system was
mounted on the top of the specimen to impose an axial

force specified by PISA3D on the specimen during HS.
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Figure 2 The beam-column subassembly specimen

High-resolution digital displacement transducers
(Temposonics-111) were used to measure the horizontal
and vertical displacements of the column top end,
which is defined as the lower point of the panel zone.
Pl gauges were installed to measure the column top
rotation. A 3D optical displacement measurement
system was used to capture the buckling behavior of
the specimen. Strain gauges were used to measure the
hysteretic behavior of the beams and column. Two dial
gauges were also used to monitor the slip that might
occur at the column base.

The control targets of the horizontal actuators are
the absolute horizontal displacement calculated by
using the real-time measurement of the two
Temposonics-111 readings. For the vertical actuators,
(illustrated in Figure 2), the control target of each
vertical actuator is the vertical displacement at the
mid-span of the beam, which is assumed to be the
average of the vertical displacements of the adjacent
column top ends. In other words, the displacement
commands are 0.5%(Uy, '* + uyv'3) and 0.5%(uyv'® +
uyr'®) for the left and right vertical actuator,
respectively, where uym'® is the total vertical
displacement of the interior column and is measured
during HS. Preliminary Abaqus analyses on two
models of the left and right beam-column subassembly
(illustrated in Figure 3) were conducted to obtain
estimated time histories of uy,'® and uyg'®. The 1%
story column top rotation was not controlled in this
research since preliminary numerical analysis
indicated that with the real boundary condition for the
1%t story column, the control approach mentioned
above provides reasonably accurate responses of the
column top rotation.
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Figure 3 Displacement command for two vertical
actuators

Method of Enforcing Displacement
Compatibility and HS Implementation

Details of the method used to enforce
displacement compatibility with column shortening
can be found in Hashemi and Mosqueda (2014) and
Sepulveda et al. (2022). To apply the experimentally
measured and Abaqus-predicted column vertical
displacements in PISA3D, a set of fictitious pull-down
forces can be calculated from Eq. 1, where [K] is a 3x3
stiffness matrix associated with the vertical DOF uy
and {u,®} denotes the vertical displacement vector
due to column buckling, which can be calculated from
Eq. 2.

{Feq}ie = [KI{uy*'} @)
{uy™}i = {uy"}i - {uyi - {uy®} 2

The subscript i in Eq. 2 is the integration time step
index. {u,'*}, {u,%}, and {u,%°} denote the total
vertical displacement vector, the vertical displacement
vector due to gravity and seismic response, and the
vertical displacement vector due to geometric
constraints, respectively. As shown in Figure 3, {u,'®}
is composed of three components: u,m'® is the
measured vertical displacement at the top end of the
interior column in the laboratory, and uy, 2 and uyg'®
are the vertical displacements at the top end of the left
and right exterior columns, respectively. The latter two
are obtained from preliminary Abaqus analysis results.
{uy"} can be obtained by a HS without considering
the column shortening effect. For convenience of
computation, {uy%°} is set as zero for all the three
DOFs since the horizontal displacement of the three
column top ends is assumed to be identical. Note that
this leads to incorrect vertical displacements of the 1%
story columns but the responses (deformation and
inernal force) of all the other members in the model
remain correct. Theoretically, applying the fictitious
force {Feq}i+1 to the model would force the analysis to
include an additional displacement component {u,®'};
in the next step if the model remains elastic.

In addition to the ground excitation, the pull-
down force {Feq}i+1 is applied to the model in the
time-history analysis by utilizing the experimental
elements developed at the National Center for
Research on Earthquake Engineering (Wang and Tsali
2015). To use the experimental element, the user firstly
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needs to specify the initial stiffness matrix of the
experimental element. Then secondly the user needs to
specify a specific signal source for the resisting force
of each DOF. This signal source can be a real sensor
or a set of mathematical formulae in the remote
laboratory that provides the restoring force of its
associated specimen. Then the element returns the
received restoring force when requested by the finite
element analysis framework. In other words, if -
{Feq}i+1 is assigned as the restoring force for the
experimental elements, it is equivalent to applying the
external force {Feq}i+1 in the analysis. Therefore, to
conduct HS using the described mixed displacement
and force control method and the described method of
enforcing displacement compatibility, it is required to
simultaneously run two simulation procedures on two
models: the “Reference model” that does not simulate
the effects of column buckling, and the “Hybrid
simulation model” that does. The “Reference model”
is needed to determine {u,*“'};. The details of the two
models are shown in Figure 4. The experimental
elements are shown in orange or blue, and the ordinary
numerical elements are shown in black. Figure 4 also
shows the settings of the initial stiffness of all the
experimental elements. Figure 5 shows the software
architecture of running two PISA3D analyses for the
HS.

AL A2 A3]

axi
(a) Numerical model (b) Reference model {c) Hybrid simulation model

Figure 4. Details of the models used in numerical
analysis and hybrid simulation tests

Figure 5 Software architecture of HS

Test Results

A series of HS tests was conducted using the
aforementioned testing methods on the seven-story
BRBF with increasing intensity of a near-fault ground
motion from the 1999 Chi-Chi earthquake. Figure 6
shows local buckling at the column base at the 1%t story
drift angle of 4%. Figure 7 shows the displacement and
rotation responses at the interior column top end.
Figure 7(a) shows that both the horizontal



displacements obtained from the analysis for the
Reference and HS models are similar and are about
30% larger than the predicted value obtained from the
numerical analysis at peak story drift. This suggests
that the technique of enforcing displacement
compatibility might not be necessary for this building
under this excitation. Figure 7(b) shows that the
measured vertical displacement agreed well with that
calculated in the HS model, indicating that the
proposed method for enforcing displacement
compatibility is effective.

Figure 6 Local buckling at the column bottom
observed at 4% drift ratio
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Figure 7. Comparison of the first-story column
top end displacement in different models

Conclusions

In this work, an advanced method was employed
in hybrid simulation (HS) to achieve reliable
simulation results while the effects of column
shortening were captured. Test results demonstrate
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that the proposed mixed displacement and force
control method is reliable for applying HS lateral and
vertical degrees of freedom (DOFs). The feasibility of
enforcing displacement compatibility for the force-
controlled DOFs by applying an equivalent fictitious
force is confirmed.
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Abstract

The Biaxial Testing System located in the National Center for Research on Earthquake
Engineering’s Tainan laboratory features a high testing speed under large compressive loading.
The testing system has been employed to conduct many seismic engineering experiments and has
enabled significant achievements in research and application. However, since specimen forces are
always measured by the differential manometer embedded in actuators, the errors arising from
inertia forces and system friction are simultaneously recorded with the actual specimen responses.
Moreover, these errors might be significantly increased when small specimens are tested. This
study proposes two approaches to effectively reduce the influence of errors: one is indirectly using
empirical equations to modify test results and the other is mounting a shear force measurement
system on the specimen to directly acquire the response of the specimens.

Keywords: biaxial testing system, testing error, system friction force, inertia force, empirical
modification equations, shear force measurement system

Introduction

The Biaxial Testing System (BATS) located in
the National Center for Research on Earthquake
Engineering’s Tainan laboratory can achieve a
maximum 60 MN vertical compression force, 4 MN
horizontal force, and 1 m/s horizontal velocity.
According to recent studies and tests, owing to the
large compression load and high horizontal movement
velocity, the inertia force and system friction generated
from the loading table and actuator connection
interface, respectively, are significant. The differential
manometers embedded in the actuators are usually
used to measure the force responses during tests; these
however include the specimen force responses and
errors, such as the above-mentioned inertia force and
system friction. These errors included in the test data
are further enlarged when the specimens have low
resistance to horizontal force. To counteract this, this
study aims to reduce the influence from errors and
increase test accuracy and proposes two approaches:
indirectly modifying test results according to
empirical equations and directly measuring specimen
force responses from a designed measurement system.

Empirical Modification Equations

The empirical modification equations, which can
be regressed from a series of sinusoidal and triangular
reversal tests, are used to greatly reduce the effects of
inertia force and system friction from any test results.
To acquire the empirical equations, the process is
simply introduced below.

First, under the condition of horizontal movement
without vertical loading (Figure 1(a)), the feedback
force, P(t), can be expressed as follows:

P(t)=F )+F:(1), )

where F, (t) is the system inertia force and F(t)
is system friction. The latter can be simply defined as:

Fe (1) = 11, N (D) )

where 4, is the generalized system average
friction coefficient and N(t) is the system vertical
loading. For instance, N(t) is equal to the self-

weight of the loading table when there is no vertical
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loading.

Therefore, a series of triangular reversal tests
(with zero acceleration) can be used to regress the
average friction coefficient under a zero vertical
loading condition. On the other hand, a series of
sinusoidal reversal tests, continued from triangular
reversal tests, can be used to regress the effective self-
weight of the loading table after the average friction
coefficient is known.

By using a flat sliding bearing and conducting a
series of triangular and sinusoidal tests with various
vertical loadings, the average friction coefficients with
different vertical loadings can be acquired (Figure 1(b))
according to the following equation:

P =F O +F ®+F(1), @)

where F;(t) is the horizontal force of the flat sliding
bearing.

The average friction coefficients versus table
movement velocity under 0 t and 1000 t vertical
loadings (empirical modification equations) are
plotted in Figure 2. It is evident that the coefficient
varies with different table movement velocities and
decreases under vertical loading.

Ng
) Fp(t)
P(t) Fi(6) P(t) Fi(t)
Fe(t) 3 — Fe() 35—
IN :NO IN :NO +NB

(a) Without vertical loading (b) Under vertical loading
Figure 1. Free body diagram of a loading table.
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Figure 2. Empirical modification curves of the average
friction coefficient.
Shear Force Measurement System

As shown in Figure 3(a), the shear force
measurement system comprises a natural rubber
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bearing (NRB) used to transmit the vertical load
applied to the specimen, an intermediate plate used to
connect the system with the specimen, a reaction
frame fixed at the top of the BATS reaction block, and
four prestressed rods used to transmit horizontal force
from the specimen to the reaction frame. Therefore,
the shear force applied on the specimen is equal to the
summation of the changes in force on the four
prestressed rods and the NRB. In other words, in the
horizontal direction, the specimen is connected in
series to the prestressed rods and the NRB.

]‘-
specimen f LRB f '

t

(a) Transmitted force
diagram

(b) Plan view of design
drawing

Figure 3. The shear force measurement system.

In detail, each pressed rod is pin-connected via
laboratory-designed spherical washers at both ends.
Near the intermediate plate end, a load cell is
connected with the prestressed rod in series to measure
the axial force. Based on calculations, the theoretical
elastic lateral stiffness of the NRB is approximately
0.95 KkN/mm, whereas the summation of axial
stiffnesses of the four prestressed rods is
approximately 400 kN/mm. This shows that the
prestressed rods can take approximately 99.7% of the
shear force, which can be precisely measured by the
load cells. That means the error arising from the
theoretical calculation of the NRB, according to
theoretical stiffness and measured deformation, can be
ignored.

Finite-element analysis was conducted using the
commercial program ANSYS to check in detail the
safety and functionality of each component in the
measurement system. The finite-element model adopts
the following assumptions:

1.  The contact surfaces between the bottom side of
the reaction block of the BATS and the top side
of the NRB, as well as the reaction frame, are
assumed to be bounded.

2. The friction coefficient of metal-to-metal
slidable contact surfaces, i.e., the spherical
washers, is assumed to be 0.2.

3. Because the NRB only has minor deformation
and remains in an elastic state during tests, it is
simplified as an isotropic cylindrical elastomer,
whose Young’s modulus and Poisson’s ratio are
978.4 MPa and 0.49, respectively.



4.  The diameter of the specimen, which is not
included in the numerical model, is assumed to
be 500 mm. The compression force and shear
force, which are 10,000 kN and 200 kN,
respectively, are uniformly distributed on the
bottom side of the intermediate plate.

5. The pretension force in the four prestressed rods
is 120 kN.

The results of the principal stress analysis of the
shear force measurement system are shown in Figure
4. The stresses at the intermediate plate and the
reaction frame are much smaller than the yielding
stress of A36 steel, whereas the stresses at the
prestressed rods and their connecting ends
concentrates up to approximately 300 MPa, but are
still much smaller than the yielding stress of F10T
steel. The deformation condition is shown in Figure 5.
The maximum deformation (1.0-1.5 mm) of the NRB
occurs at the central, owing to the applied compression
and shear forces, and the maximum vertical

displacement (approximately 2.4 mm upward) occurs
near the center of the intermediate plate.

Figure 5. Deformation condition.

To verify the efficiency of the shear force
measurement system, a series of practical experiments
was conducted on the BATS, as shown in Figure 6. The
specimen installed beneath the measurement system is
a 500 mm diameter lead rubber bearing (LRB), with a
total height of 197 mm and thicknesses of 4.5 mm for
single rubber layers and a total rubber layer thickness
of 90 mm, respectively. The force at zero displacement,

i.e., the characteristic strength, is 64 kN, and the
effective stiffness corresponding to 100% shear strain
of rubber is 1.13 KN/mm. The experiment comprised
seven four-cycle sinusoidal reversal tests under the
same compressive stress of 10 MPa. Of the seven tests,
five tests were conducted with the same frequency
(0.25 Hz) but different amplitudes (50%, 100%, 150%,
200%, and 250% shear strain of rubber) to observe the
influence of different specimen shear forces on the
measurement system, and the other two tests were
conducted with same amplitude (100% shear strain of
rubber) but different frequencies (0.01 Hz and 0.1 Hz)
to observe the influence of different loading velocities

on the response time of shear force measurement.

Figure 6. The experimental setup.

Two representative test results, Test 3 (100%
shear strain of rubber and 0.1 Hz frequency) and Test
7 (250% shear strain of rubber and 0.25 Hz frequency)
were chosen to demonstrate the functionality and
efficiency of the shear force measurement system. The
results are shown in Figure 7; the green curves (469D)
are the direct feedback forces from actuators, the blue
curves (Sum of LC) are the summation of orientation-
modified measurement data from the four load cells
installed at the prestressed rods, and the red curves
(NRB) are the theoretical forces of the NRB calculated
from the measured deformation and theoretical elastic
stiffness, where the force in the NRB is only 2% of the
prestressed rod. The percentage is slightly larger than
the original prediction, but it nevertheless verified the

design concept.
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(a) Test 3 (shear strain 100%, frequency 0.1 Hz)
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(b) Test 7 (shear strain 250%, frequency 0.25 Hz)
Figure 7. Time history of results for forces.

Likewise, the force—displacement results of Test
3 and Test 7 were chosen to discuss the reasonableness
of shear force measurement results and are plotted in
Figure 8. In this figure, F1 is the direct feedback force
from actuators, F2 is force F1 modified according to
the empirical modification equations, and F3 is the
force measured from the shear force measurement
system (including the orientation-modified load cell
forces and the theoretically calculated NRB force.)

As observed from Figure 8(a), under low velocity
and small shear strain, F2 and F3 are obviously
smaller than F1, owing to the deduction of the friction
force. However, because the friction coefficient of the
modification equations has larger variance under low
velocity range, F2 is slightly different from F3. On the
other hand, as shown in Figure 8(b), under high
velocity and large shear strain, comparison of F1 to F2
and F3 shows that not only the friction force but also
the inertia force is modified, which can be seen from
the counterclockwise rotation of the force—
displacement behaviors. Furthermore, F2 and F3 are
similar, which mutually verifies the accuracy of the
modification equations and measurement system.
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Figure 8. Comparison of hysteresis loops.

Conclusions

This study preliminarily verified the feasibility of
both the empirical modification equations and shear
force measurement system. Through a practical
experiment, the two approaches were found to have
greater differences under low velocity and small shear
strain, but were mostly consistent under high velocity
and large shear strain. However, in practical terms,
although the shear force measurement system has
higher accuracy, the complex installation process,
large space requirement, and limited measurement
capacity may reduce the scope of application.
Therefore, the ultimate goal of this study is to develop
a precise and convenient approach for shear force and
inertia force modification. Under this premise, future
work will have two aims: 1) to decrease the error of
the empirical equations via more testing and
verification of the shear force measurement and 2) to
increase the measurement capacity of the shear force
measurement system under limited installation space.
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Abstract

Damage to nonstructural components during past seismic events has been shown to be not
only a critical threat to life in extreme cases but has also led to a substantial reduction in the
functionality of buildings and other facilities. Suspended busway systems are among the
important yet lesser understood nonstructural components of a building for which the current
standards provide only limited seismic design guidance due to their heterogeneous and complex
construction. In order to understand the dynamic behavior of suspended busway systems, a series
of full-scale shaking table tests were conducted at the National Center for Research on Earthquake
Engineering Tainan Laboratory. This paper presents details of this experimental study, including
the test setup and configurations, the test motions, and the failure patterns of the busway systems

observed during the tests.

Keywords: suspended busway systems, cast resin busway, UL busway, shaking table tests,

nonstructural components

Introduction

The busway (Fig. 1) is a suspended electrical
distribution system that uses copper or aluminum
busbars with suitable enclosures and a significant
amount of protection to prevent the inside conductors
from damage caused by foreign bodies. It has a
compact design and the compressed flat conductors
can pass through the enclosure. Due to this compact
design, busway systems require less space than
traditional cable systems do and this is a major
advantage when thousands of amperes of electricity
need to be transmitted. These systems can also be used
in any kind of structure and with any configuration.
They are easily modifiable and hence an extra room or
building can be easily added, and they also help to
facilitate the efficient and safe distribution of lines
with junction boxes located where they are required.
The data junction boxes can be easily increased in
number and changed whenever and wherever this is
required. In addition to the convenience and safety
factors, there are several other advantages that the
busway system has over traditional cable systems and

that is the reason they are becoming commonly used
in important buildings and facilities.

Figure 1. The suspended busway system

Seismic events have caused damage to suspended
busway systems, which have been documented from
the 1999 Chi-Chi earthquake in several post-
earthquake studies. The reported damage primarily
consisted of fractured elements, damaged trapeze
systems, joint connection failure, and anchorage
failure. Loss of power was shown to be not only a
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critical threat to life but also led to a substantial
reduction in the functionality of important facilities.

Suspended busway systems are composed of
combinations of many discrete components, which
makes it difficult to determine the strength capacity of
the entire system. In order to understand the seismic
performance and the dynamic behavior of busway
systems subjected to earthquake induced excitation, a
series of full-scale shaking table tests were performed
using a long-stroke and high-speed earthquake
simulator at the National Center for Research on
Earthquake Engineering (NCREE) Tainan Laboratory.
This paper presents the test setup, specimen
configurations, input test motions, and failure
mechanisms of the busway systems observed during
the experiments.

Test Setup

A three-story test frame 5 m x 5 m in area and
12.7 m high was mounted on the shaking table at the
NCREE Tainan Laboratory for a series of full-scale
dynamic tests. The structure is shown in Fig. 2. For the
purpose of achieving a larger inter-story drift, an
increased mass was added to the floor decks. The
weight of the test frame without the busway system
was approximately 46t. The dynamic properties of the
bare test frame were obtained using transfer functions,
Hanning window with 8192 window points from data,
calculated from acceleration histories (white noise
tests) between the shaking table and the roof center.
The fundamental frequencies of the test frame in the
two horizontal directions were both 1.1 Hz.

Figure 2. The three-story test frame

In order to measure the response of the test
system, various instruments including accelerometers,
displacement transducers, and motion capture systems
(as summarized in Table 1) were installed in the
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shaking table, the test frame, and the busway systems.

Table 1. List of instrumentation

Instrumentation Quantity
Tri-axial accelerometer (Dytran) 34
Single-axis accelerometer (Setra) 9
Temposonis (MTS) 21
DP-E Displacement Transducer
(Tokyo Measuring Instruments Lab.)
Motion capture system (Optitrack) 40

Test Busway Configurations

Two types of suspended busway systems were
constructed inside the three-story test frame to
investigate the influence of various input motions and
layout parameters. The first system was the metal
sandwich busway system, in which the inner
conductor and insulator are protected by a metal shell
structure (Fig. 3). The other system was the cast resin
busway system (Fig. 4) that uses a mixture of epoxy
resin and insulating filler as a shell to protect the inner
conductor.

Figure 4. The cast resin busway system

Figure 5 shows the test configurations of the
suspended busway systems on different floors, which
consist of series of line elements joined by different
types of connections. A distribution box was installed
at the center of the first floor, and two complete UL



busway systems with different configurations were
developed from the distribution box through the
second floor to the third floor. The primary test
parameters of these two systems were the plenum
heights which were 1.5m and 3.0m respectively. A
portion of a typical cast resin busway system was
installed on the second floor. This test specimen was
designed to explore the seismic performance of the
cast resin busway system and to investigate the effects
of different plenum heights at the same time.

Figure 5. The test busway configurations

All of the test busway systems were made in
compliance with the current construction methods in
Taiwan. The trapeze systems (see Fig. 6(a)) hanging
the main runners were placed at intervals of 150 cm,
and two types of braced frames were adopted for the
busway systems with different plenum heights, as
shown in Fig. 6(b, c).

Figure 6. () The trapeze systems; (b) suspended
braced frame; (c) grounded braced frame

Test Motions

Various input motions were used for different

63

purposes. White noise tests, sine-beat tests, and sine
sweep tests were performed to identify the dynamic
characteristics of the test busway systems, whereas
ground motion tests were implemented to simulate
realistic earthquake events. Table 2 summarizes the
information of the selected earthquake events, and
these events were scaled down to target levels to
prevent the test frame from suffering severe structural
damage. A conceptual computer model (Fig. 7) was
created using SAP2000 to assess the strength capacity
of the test frame, which took into account the
interaction between the test frame and the busway
systems.

Table 2. Description of the test motions

Events Station Scaling
JMA 20%
Kobe EQ Takatori 20%
Shin-Osaka 60%
. Rinali Receiving 20%

Northridge EQ ]
Beverly Hill 30%
L CHY101 40%
Chi-Chi EQ

CHY025 90%

Figure 7. The SAP2000 numerical model

The test busway systems were subjected to
incremental base motions, starting from 10% of the
target level of each earthquake event until substantial
and unrepairable damaged was observed in the test
specimens. After each step of each seismic event, the
busway systems were visually inspected to record the
changes and to document the damage. It was noted that
any damage to the test specimens could only be simply
repaired, resulting in accumulated damage to the
busway system in the subsequent test steps.

Test Results



The test results of the primary failure patterns of
the busway systems are presented in this section.
Three main failure patterns were identified: (i) failure
of the trapeze systems, (ii) failure of the braced frames,
and (iii) failure of the line elements.

Failure of the trapeze systems

Slip between the line elements of the busway and
the trapeze systems was observed early during the
experiment and occurred at a low intensity of the input
excitation (peak floor acceleration (PFA) of 250 gal).
The failure of one trapeze system resulted in
progressively missing vertical supporting and uneven
loading distribution on the busway systems, which led
to other more severe failure (see Fig. 8).

(@)

Figure 8. Failure of trapeze systems

Figures 8(a) and (b) show the failure of the
trapeze rods and trapeze attachments with a
corresponding PFA of 450 gal and 600 gal,
respectively. The most serious damage to the trapeze
systems was observed when the PFA exceeded 650 gal,
as shown in Fig. 8(c).

Failure of the braced frames

Visible deformation of the grounded braced
frames (Fig 9(a)) was recorded with a PFA of 300 gal
and this caused slip between the line elements of the
busway and the braced frames. Eventually the
grounded braced frames were pulled out when the PFA
exceeded 650 gal, as shown in Fig. 8(b).

Figure 9. Failure of grounded braced frames

The failure patterns of the suspended braced
frames were similar to those of the grounded braced
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frames. Visible deformation and complete failure (Fig.
10) were observed with a PFA of 450 gal and 800 gal,
respectively.

@ (b)

Figure 10. Failure of suspended braced frames
Failure of the line elements

Damage to the line elements (Fig. 11(a)) occurred
primarily in the cast resin busway system when the
PFA exceeded 200 gal. The worst case resulted in
exposure of the conductor and was recorded with a
PFA of 650 gal, as shown in Fig. 11(b).

(b)

Figure 11. Failure of line elements

Conclusions

Past earthquakes have demonstrated that damage
to suspended busway systems can lead to interruptions
to post-earthquake operations of critical facilities.
However, the current standards in Taiwan provide
limited seismic design guidance for busway systems.
This paper presents a full-scale shaking table tests of
the busway systems and the observations from the tests.
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Abstract

Taiwan has been developing on-shore wind turbines for decades and aims to increase
offshore wind power installed capacity owing to the abundant wind resources in the west coast.
The first offshore wind farm in Taiwan started commercial operation at the end of 2019, which
represents an important milestone of the energy policy transition in Taiwan. However, natural
hazards such as typhoons or earthquakes pose constant threat. BSMI Taiwan cooperated with
NCREE and announced an amended edition of the national standard CNS 15176-1-2018 on
design requirements of wind turbines. The standard includes the seismic design requirements to
improve the safety of wind turbine-supporting structures. However, it is also important to verify
the seismic safety of the instruments inside the wind turbine or substation. This article reviews
the seismic or vibration testing requirements of present design standards or operational documents
of wind turbines issued by internationally recognized organizations, such as IEC, DNV GL, or

IEEE.

Keywords: Wind turbine, Substation, Seismic qualification, Vibration test

Introduction

At each phase of the life cycle of a wind power
plant, namely the development phase, construction
phase, and operation phase, relevant inspection or
verification need to be conducted in accordance with
the specific standards provided by the accreditation
body. In addition, prototype certification and
component certification require the submission of
qualified documents corresponding to the test or
acceptance standards for design evaluation or
manufacturing evaluation. The standards adopted
depend on the accreditation or certification bodies.
Commonly, standardization bodies can be classified
into international (1SO, IEC, IEEE, etc.), regional (EU,
CEN, CENELEC, etc.), or national (BSMI in Taiwan,
BSI in Britain, APl in the United States, BSH in
Germany, NEK and PSA in Norway, etc.). By contrast,
classification societies such as ABS in the United
States, ClassNK in Japan, and BV and DNV GL have
been dedicated to the field of maritime engineering for

a long time and transferred into certification bodies.
Therefore, these classification societies established
technical standards for ships and offshore structures
(Norsk Industri AS, 2020).

This article reviews the requirements for the
seismic or vibration testing of wind turbines described
in the documents issued by the internationally
recognized organizations, such as IEC, DNV GL, or
IEEE. These requirements can be used as the reference
materials to improve the safety of wind turbine in
Taiwan to mitigate seismic hazards. In addition, some
of the standards described sampling or testing methods
for site investigation or liquefaction resistance, which
are also helpful for improving the seismic safety of
wind turbines. However, this article focuses on the
requirements for shaking table testing.

IEC

The International Electrotechnical Commission
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(IEC) is an authoritative international standards
organization formed more than a century ago. IEC
prepares and publishes a large number of international
standards for all electrical, electronic, and related
technologies and cooperates with several major
standards development organizations, such as ISO,
ITU, and IEEE. To facilitate international trade in
equipment and services for use in renewable energy
sectors, IEC established the IECRE system, which
aims to offer a harmonized application around the
globe for certification to standards relating to
equipment used in solar PV energy, wind energy, and
marine energy. The standards applied to wind energy
are the IEC 61400 series, which are also the bellwether
in the field of wind energy. The design requirement
standards issued by the Bureau of Standards,
Metrology and Inspection (BSMI, 2018) in Taiwan
and some other national standardization organizations
are based on IEC 61400-1 and harmonized according
to local environmental conditions and needs.

The main IEC relevant standards that cover wind
energy generation systems are the IEC 61400 series,
which aim to ensure the wind turbines are
appropriately engineered against damage from hazards
within the planned lifetime. Among this series, the IEC
61400-1 standard specifies the basic design
requirements for the subsystems of wind turbines,
such as control and protection mechanisms, internal
electrical systems, mechanical systems and support
structures. It describes the assessment of earthquake
conditions, and the seismic load should be carried out
according to local codes (IEC, 2019). By contrast, the
requirements related to seismic or vibration testing
were described in the withdrawn IEC 61400-22, which
was replaced with the deliverables for the wind sector
(WE-OMC) contained in the IECRE. The IECRE
provided the operational document OD-501, which
specifies procedures for the type certification scheme,
with respect to specific standards and other technical
requirements; it is applicable for both onshore and
offshore wind turbines and not limited to wind turbines
of any particular size or type. The type certification
scheme also covers prototype certification, including
procedures related to the evaluation of the safety of
operating a prototype to enable testing of a new wind
turbine type (IECRE, 2018). To reduce the complexity
of the certification procedure for the applicant, the

document describes procedures for conformity
assessment relating to design, testing, and
manufacturing. Based on OD-501, the IECRE

provided a series of sub-documents that defines the
conformity assessment and certification of specified
components of wind turbines by renewable energy
certification bodies (RECB), which include the blade
(OD-501-1), gearbox (OD-501-2), tower (OD-501-3),
loads (OD-501-4), control and protection system (OD-
501-5), and main electrical components (OD-501-7).
Among these sub-documents, the requirements related
to seismic or vibration tests are described in OD-501-
7, and the applicable standards, scopes of evaluation
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for specific electrical components are shown in Table
1 (IECRE, 2019).

Table 1. Design evaluation requirements

£l o
2|5 _
2 | 2 | Scope of evaluation
E | S
o [9p]
o
® heat-run test results (converter operated, if
applicable),
® other type/prototype test results,
@ vibration test results as applicable,
® routine test plan,
2 ® bearing rating life calculation (1SO 281),
% 'S | @ cooling system,
§ § ® cable connection and interfaces,
3 | S | @ installation and environment,
“ | @ protection and earthing
@ direct drive generators shall be
documented according to an agreed design
basis as IEC
® 60034 does not account for the special
issues related to direct drives systems.
® EMC according to IEC 61800-3 or
:ﬁ equivalent,
< | ® IEC type and routine tests such as
A protective bonding impedance test,
5 impulse
2 | £ | e withstand voltage test, touch current
[ <
2| 3 measurement, thermal performance test,
o o
o X etc.,
© | @ insulation design (including
S environmental categories according to IEC
K 60721,
< .
< | ® overvoltage categories, clearance and
creepage distance, etc.).
® type and routine tests,
E 3 | @ vibration test,
S & | @ environmental testing,
2 | 2 | ecooli t
S 5 fzoo ing §ys em, .
~ | @ | ®installation and earthing
® protection and monitoring equipment
The switchgear arrangement for the main
power line between generator and grid and its
o (%] . . .
g2 ratings shall be compared with assumptions
2 | 8 | made in the design basis. For high-voltage
‘g E switchgear internal faults testing, pressure
? | & | relief measures and their possible influence
on the installation environment shall be
checked in addition.

Among the applicable standards listed in Table 1,
there are no environmental test requirements in the
IEC 60034 series. The vibration test results should be
the vibration measurement results induced by the
operation of rotating electrical machines; IEC 60076-
16 is the applicable standard for dry-type or liquid-



immersed transformers used in wind turbines. The
climatic and environmental test requirements shall
follow the service conditions specified in IEC 60076-
11 (dry-type transformers), and IEC 60076-11 referred
to IEC 60068-3-3 for seismic tests; IEC 62271 series
are standards for high-voltage switchgears and
controlgears, and the sub-documents IEC 62271-207,
-210, and -300 provided the requirements of seismic
qualification ~ for  high-voltage  gas-insulated
switchgear assemblies, metal enclosed and solid-
insulation enclosed switchgear and controlgear
assemblies, and alternating current circuit breakers,
respectively. These standards referred to the IEC
60068 series for seismic or vibration testing
procedures; no environmental testing requirement is
described in IEC 62477-1 and 61800-4 (which was
replaced by IEC 61800-2) for converters.

DNV (formerly DNV GL)

Det Norske Veritas (DNV) and Germanischer
Lloyd (GL) are both long-established classification
societies, and they merged in 2013. They had
accumulated maritime engineering experience for
more than a century and delivered classification,
certification, and advisory services for relevant
industries. Recently, DNV had built a complete set of
standards and recommended practices for wind power
plants, including turbines, bottom-fixed and floating
support structures, cables, and offshore substations.
Therefore, DNV and IEC are the leading organizations
that have published the most extensive documents
related to offshore wind turbines. Nowadays, not only
offshore but also onshore wind power assets are
included in the scope of the certification service
provided by DNV, which are shown in Figure 1 and 2.

Offshere wind turbines

Onshens wind turbings

Figure 1. Definition of offshore and onshore wind
turbine components (DNV GL, 2015)

Offshore Substation Onshore Substation

Figure 2. Definition of offshore and onshore
substation components (DNV GL, 2015)

67

The service document system is organized
according to a three-level document hierarchy. Service
specification (SE) provides principles and procedures
related to certification and verification services and
presents the scope and extent DNV GL’s services.
Standard (ST) issued as neutral technical standards to
enable their use by national authorities, as
international codes and as company or project
specifications without reference to DNV GL’s services.
Recommended practices (RP) provide DNV GL’s
interpretation of safe engineering practice for general
use by the industry (DNV GL, 2018).

DNVGL-ST-0145 (2020) provides design
requirements for offshore substations, including
structural design, electrical design, among others.
Major electrical equipment shall comply with the
corresponding requirements, such as IEC 62271-203
(high voltage switchgear), IEC 62271-200 (medium
voltage switchgear), IEC 62271 series (switchgear in
general), IEC 60076 series (transformer in general),
IEC 60076-15 (gas insulated transformers), and IEC
60099-4 (surge arresters). Most of the standards
referred to IEC 60068 series as the seismic or vibration
testing method as well.

DNVGL-ST-0076 (2015) provides design
principles and technical requirements for electrical
installations in onshore or offshore wind turbines. It
states in Chapter 11 that the electrical equipment for
measurement and control use and its accessories for
wind turbine applications shall comply with the part of
IEC 60068 series, and the parameters of the tests
required for a specific product shall be determined on
a case-by-case basis depending on the product and its
use. Further, the standards referred for fire hazard (IEC
60695) and laser products (IEC 60825-1) require
vibration tests in accordance with IEC 60068-2-6.

Although DNVGL-RP-0585 (2021) is a
recommended practice for seismic design of wind
farms and focuses on site investigation and soil
dynamic  analysis, seismic  qualification for
components is not required in the document. As an
internal summary, the design or certification
requirements for wind turbines issued by DNV
basically refer to other international standards or
specifications because DNV and GL were formerly
classification societies. In terms of electronic or
electrical equipment, IEC 60068 series refers to
vibration tests or seismic qualification.

Other organizations

The standards related to wind turbines issued
independently by the International Organization for
Standardization (ISO) include the blade coating
inspection series (ISO 19392), mechanical vibration
(ISO 10816-21:2015), and condition monitoring and
diagnostics of wind turbines (ISO 16079), etc., and the



joint standard IEC 61400-4:2012 for gearboxes with
IEC. Although there are no relevant standards
particularly for seismic design or testing of offshore or
onshore wind turbines. However, some seismic design
requirements for offshore wind turbine-supporting
structures given by other specifications, such as DNV-
0S-J101, referred to 1SO 19901-2 as the basis for
offshore structural design methods, although there is
no description on vibration or seismic testing as well.

The standards related to wind turbines issued
independently by the Institute of Electrical and
Electronics Engineers (IEEE) include personnel safety
(IEEE Std 2760-2020), acoustic noise measurement
techniques (IEEE Std 2400-2016), or technical
supervision codes for rotor systems (IEEE Std 1834-
2019), and the joint standard IEC/IEEE 60076-16-
2018 for transformers with IEC. In the aspect of
electrical power systems applied to offshore facilities,
IEEE provided IEEE Std 1662 (IEEE, 2016) for power
electronics (PE), which referred to IEC 60068-2-6 as
the basis of the vibration test method. Furthermore, for
the PE installed in seismic active areas and emergency
standby power systems, it is suggested in IEEE Std
1662 to withstand physical shocks and multi-axis
accelerations as specified in the International Building
Code (IBC) or other applicable local building codes.
IBC states in Section 1705.14.2 that the nonstructural
components shall be qualified by analysis, testing, or
experience data specified in Section 13.2.1 of ASCE 7
(ICC, 2021), and ASCE 7 in Section 13.2.6 required
that the seismic qualification shall be in accordance
with the nationally recognized testing standard
procedure, such as ICC-ES AC156 (ASCE, 2022). In
addition, IEEE Std 693-2018 is the authoritative
standard for the seismic design of onshore substation.

Conclusions

This article reviewed the design requirements or
project certification specifications for wind turbines.
In the aspect of improving the structural integrity and
reliability, the effect of earthquakes is usually taken
into consideration for the load combination with other
environmental conditions, such as wind, waves, and
currents, during the structure design phase. However,
an earthquake is considered as a regional hazard;
therefore, the relevant requirement should be given by
the local seismic code. Most of the reviewed
specifications lay stress on site inspection to identify
the earthquake or liquefaction hazards. There are not
too many detailed instructions on the seismic
qualification of equipment. Further, to identify the
practical measures, this article reviewed the relevant
standards specified or referred in the guidance
documents or standards. It turns out that the standards
of the specified equipment or component provide the
testing requirements or acceptance criteria and refer to
other standards for detailed testing or qualifying
procedures. Commonly, the environmental test
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methods referred by the standards are IEC 60068
series, especially the IEC 60068-2-6 for the sinusoidal
vibration test method and IEC 60068-3-3 for the
seismic test method. These standards provided the
method to conduct the seismic or vibration tests;
however, no specific testing parameters are given. It is
necessary to determine the suitable parameters based
on the local seismic and structural characteristics
through analysis or simulation.
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Abstract

In past cases of applying seismic stud columns (SSC) to structures, Japanese design
procedures are often adopted that considered SSCs solely as dampers. In order to achieve the
design purpose of dampers, a nonlinear energy-dissipation capability is developed with as little
deformation as possible. Energy dissipation is provided by the web of the H beam, which is
expected to develop shear yielding. According to Taiwanese design codes, these energy-
dissipating SSCs should not be considered as part of the seismic-force-resisting system. In this
study, the SSC’s shear yielding strength, the lateral stiffness of the SSC segment, and the
rotational stiffness of the connecting beams are established based on the results of finite-element
analyses and by considering parameters of SSC section size, material strength, SSC height, and
length of the SSC dissipating core. By combining the concept of an interstory drift requirement
in the code, this paper proposes a hew concept for designing hybrid-type SSCs by controlling the
SSC yielding displacement. Based on comprehensive analysis results, recommendations for limit
equations of the flange to core web thickness ratio and the core height to SSC height ratio of 0.2—

0.6 are proposed for stable shear yielding performance of SSCs.

Keywords: seismic stud column, shear strength, yielding displacement

Foreword

As Taiwan is situated in the Circum-Pacific
seismic belt, it is highly prone to high-intensity
earthquakes occurring fairly frequently. After the Chi-
Chi earthquake, in view of the fact that earthquakes
cause serious damage to buildings and pose a great
threat to life and property, various shock-absorbing
and energy-dissipating elements have been developed
and applied to buildings in Taiwan to improve their
seismic performance and enhance comfort. In
response to different requirements of seismic
performance and structural design, an increasing
variety of energy-dissipation elements have emerged,
of which the seismic stud column (SSC) is one type.

The SSC is a short column arranged in the middle
of the span between two structural columns and only
one story height. In general, in the design of SSC, the
shear force and bending moment caused by horizontal
seismic force are mainly considered and not the axial
force acting on the SSC. The SSC together with a
moment-resisting frame can resist the seismic force,
and the SSC acts as a structural fuse that controls
horizontal displacements of the structure. According to
the current design of the energy-dissipating SSC, it

cannot be regarded as a member that participates in
strengthening the structural system because the SSC
enters the yield phase very early in order to meet the
displacement requirements of the seismic code. Under
a statutory seismic force, the SSC remains elastic,
provides strength, and controls lateral deformation.
However, when the seismic force exceeds the statutory
seismic force, the SSC enters a yield phase and
facilitates energy-dissipation damping. This study
aims to design a hybrid-type SSC that can contribute
to the strength and stiffness of a frame during
application.

Analytical Model

To avoid premature failure of nonstructural
members, which affects the usability and safety of
buildings, the relative lateral interstory drift of
structures under moderate and small earthquakes is
limited to 0.005 rad. According to the design principle
that the structure must maintain elastic behavior under
medium and small earthquakes, a frame meeting this
displacement limit is considered to have met the
strength design considerations for medium and small
earthquake forces. This study achieves the member
strength requirements by controlling the interstory
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drift of the SSC. To control the deformation of the SSC
during yielding, the lateral elastic stiffness and shear
yield strength of the SSC in the frame need to be
accurately estimated. The lateral elastic stiffness can
be divided into two components: the lateral stiffness of
the SSC and the elastic rotational stiffness of the top
and bottom boundary beams at the connections.
Considering the rotation of the boundary beam and
assuming this beam as a rigid body with the
deformation mechanism in the depth of the beam, the
interstory drift can be expressed by:
Kop

kSSC H SSC

1)

The interstory drift of a structure under seismic force
specified by the displacement limit of the code is the
limit 6, of the yielding interstory drift of the SSC,
thatis, 6;>0,.

For subsequent analysis and research, two finite-
element analysis models are established in this study
to explore the stiffness and strength of the SSC. The
first type is the SSC model with both ends fixed
(hereinafter referred to as SSC-f). The model is shown
in Figure 1. For the material settings of this model,
only the web material of the core segment is set to its
minimum yield strength, while the other materials are
set to remain elastic. The following four design
parameters are varied for the analysis: (1) the ratio of
height of the core segment to that of the whole segment
is 0.1-0.9; (2) the depths of the SSC are set to 400 mm
and 800 mm; (3) the flange thickness, t;, is 15-30
mm; and (4) the web thickness of the core segment,
t.c » IS 8-24 mm. A lateral displacement is given to the
top of the SSC in the analysis such that the core
segment begins to shear yield. The stiffness of the SSC
is calculated analytically from the linear elastic results
of the relationship between the shear of the SSC and
the lateral displacement; this will be compared with
the estimated value. Furthermore, from the analytical
value of yield strength under nonlinear conditions, the
initial yield coefficient (1) of shear force under each
parameter combination can be calculated.

—

Fig. 1 SSC model with both ends fixed.

The second model type is a cross-frame model
with boundary beams; they can be categorized as a
cross-frame model including a boundary beam with
fixed top and bottom ends (hereinafter BB-f, as shown
in Figure 2(a)) and a cross-frame model including a
boundary beam and structural columns (hereinafter
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BB-c, as shown in Figure 2(b)). Both models contain
boundary beams with half the height of the SSC
segment above and below the boundary beam. The
sections of the SSC at the top and bottom connected to
the boundary beam are identical. The boundary beam
of the BB-c model is connected to the two structural
columns, and the column height above and below the
boundary beam is half the floor height. A minimum
yield strength is set for the web material of the SSC
core segment; the web of the connection between the
SSC and the boundary beam is set as a rigid body,
while the rest of the materials are set to remain as
elastic. The variable parameters are as follows: (1) the

depth of the SSC (d ) is set to 400 mm and 800 mm
and (2) the depth of the boundary beam (d, ) is 400-

1000 mm. Assuming half the height of the SSC is an
inflection point, one unit of the opposite horizontal
force is applied to the top and bottom SSCs during the
analysis. The rotational stiffness can be calculated
from the rotational angle of the boundary beam, and it
is compared with the estimated value.

(a) Cross-frame model including a boundary beam
with fixed top and bottom ends

—_—

- L -

(b) Cross-frame model including a boundary beam
and structural columns

Fig. 2 Cross-frame model with boundary beams.

To estimate the lateral stiffness of the SSC, the
equivalent single-member method proposed by Hsu et
al. (2017) is used. Assuming that the shear force in the
SSC is a constant value and the bending moment
changes linearly, the overall stiffness of the member
originally composed of multiple sections is expressed
as the equivalent member of a single section and the
contributions of shear force and flexural deformation
are considered simultaneously. The rotational stiffness
of the boundary beam is derived from the bending
moment caused by the SSC shear force at the center of
the boundary beam, and it is assumed that no
displacement or rotation occurs at the beam-to-column
connection. To obtain an accurate stiffness estimation,
in addition to the deflection deformation in the beam,
the contribution of the shear deformation (Orosz, 1970)
is also taken into account by the energy method.



Analysis Results and Discussion
1. Stiffness
SSC-f model

In the comparison of stiffness of the SSC, the
lateral stiffness estimated by the equivalent member
method is compared with the analysis results for the

SSC-f model, and the stiffness error e, is calculated.

When the flange thickness t; is 15 mm and 30 mm,
the changes in the length ratio of the core segment and
the ratio of the web thickness of the connecting
segment to the core segment are as shown in Figures
3(a) and (b), respectively. The value of e, is
affected by t;, d, and vy, . The smaller the value
of d or t;, the higher the inaccuracy of stiffness
estimation. By contrast, the estimates with y,, equal
to 1.0-1.2 are closest to the analytical values and are
less affected by the flange thickness. As v,
increases, the error decreases. When the flange
thickness is 15 mm, the partial error curves for y,,
equal to 2.0 and 3.0 are lower than -10%. The
parameter ranges that do not meet the £10% error are
approximately t; < 20, vy, > 2.0, and d < 0.6,
which may be applied in the actual design and
application. To increase the accuracy of the yielding
displacement estimation of the SSC, a stiffness
adjustment coefficient m, (such as Equation (2)) is
determined to adjust the stiffness k., estimated by
the equivalent member method. The relationship
between the adjusted stiffness ks and the
adjustment coefficient m, is given by:

m, =[0.005(y,, —~1)(40—t,)(0.9-8)+1]>1.0 (2)

and:
kssc =my keq (3)

0 02 04 06 08 1 0 02 04 06 08 1
& &

Fig. 3 Error distributions of the unadjusted stiffness
estimate of the SSC.

The distributions of the adjusted stiffness error
e, are shown in Figure 4. It can be seen that the
adjusted errors are all within +5%.

t;=15 ;=30

71

Fig. 4 Error distributions of the adjusted stiffness
estimate of the SSC.

BB-f and BB-c models

The rotational stiffness of the boundary beam is
obtained in the analysis of BB-f and BB-c models. The
estimated stiffness Kgp(peq) 1S COmpared with the
analytical value to calculate the estimated error. Table
1 shows the changes in stiffness and their errors under
varying SSC depths d and structural column depths
dy » Where Koyanaryr @A Koyanaye  are the stiffness
analysis values of BB-f and BB-c models, respectively,
and e/, and eg, are their errors, respectively. It can
be seen that the estimated value is quite consistent with
the analytical value of the BB-f model with the same
assumed boundary conditions, and the errors are all
positive and within 10%. It is also consistent with the
analytical value of the BB-c model under actual
boundary conditions, and the maximum error is only
17.2 %. Based on the overestimation of stiffness, the
consideration of yielding displacement is conservative.
This study concludes that the original stiffness
calculation formula can be used to estimate the
rotational stiffness of the boundary beam.

Table 1 Comparison of estimated and analytical
rotational stiffnesses of boundary beams.

d d
(mm) (mrt;1) K ob(pred.) kab(anaI.) e K® obganaty | € ke
400 400 | 234013 | 213003 | 9.9% | 199737 | 17.2%
10001610784 | 1586914 | 1.5% |1438746| 12.0%
800 400 | 266749 | 248078 | 7.5% | 230461 | 15.7%
10001807363 | 1815591 | -0.5% |1626101| 11.1%
2. Strength

The vyielding shear force and % value under
different parameter combinations can be obtained
from the SSC-f model. Figure 5 shows the change in
the A value when the web thickness of the core
segment equals 16 mm. The XA value is almost
constant within the ‘stable interval’ of the certain
height ratio & of the core segment. When & is
greater than a certain limit, the shear force decreases
because of the increase in the deflection effect of the
web in the core segment. In addition, in the array
analysis, A has a sudden increase when 5=0.1. To
stabilize the web shear force yielding in the core
segment and avoid the deflection effect, the minimum
& of the SSC is 0.2. The acceptable X is set as the
L corresponding to 6= 0.2, and the slippage is not
more than 0.02; the allowable analytical values are
indicated by the solid points in the figure. Figure 6
shows the acceptable maximum & as &M at two
SSC depths and the change in vy, =t /t,. . This figure
shows the increase in vy, of the SSC, which can
increase the allowable length ratio of the core segment.
Furthermore, linear regression is performed on &M
under different d values to obtain the allowable



8™ under specific vy, values and d values, as
given by:
M =h+i+0.05 4)
5 8000

In other words, if § and d of the SSC are known,
then the allowable minimum vy, is calculated by:

ym =5 5-—9 | 025 (5)
8000
t,.=16,t=15 t,. =16, t;= 30
05 —mmMm—— 0.55 T T
0.50 o : ¥ " i i | 050 | ett-t-g ay
0.45 e o d =400 045 |——1 =
10.40 \\- = d =800 A0.40
0.35 Ftucho | Ao 035
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Fig. 5 Analysis values of the shear initial yielding
coefficient.
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Fig. 6 Allowable maximum length ratio distribution
of the core segment.

Table 2 Variation of A with the thickness of the
flange and web of the core segment.

Lwe
8 12 16 20 24
15 | 0.493 | 0.483 | 0.471 | 0.467 | 0.462
20 | 0.502 | 0.491 | 0.481 | 0.475 | 0.471
Lr 25 | 0.508 | 0.497 | 0.489 | 0.484 | 0.476
30 | 0513 | 05 | 0.493 | 0.488 | 0.484

From the analysis results, the effect of SSC depth
on A is only within 0.02 and can be ignored, so the
average of A inthe stable interval when d = 800 mm
is taken as A . The variation of L with the flange
thickness t; and web thickness t,. of the core
segment is listed in Table 2. As the thickness ratio vy,
decreases, the A value also tends to decrease. Owing
to conservative considerations, the four combinations
with vy, approximately 1.0 in the parameter
combination (gray items in Table 2) are used as the
benchmark, and the average of A of the four
combinations is taken as the initial shear force yielding
coefficient of the SSC A~ 0.48. The shear yielding
strength of the SSC is V, = 0.48F, A, . When the web
of the core segment is yielding, the flanges of the SSC
also provide lateral strength. The yield strength
suggested in this paper is higher than the yield strength
0.4F,A, of the commonly used initial steel plate.
Compared with the results of this study, within the
range of design parameters in this analysis, the shear
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initial yielding strength obtained by considering the
contribution of the flange will be approximately 1.16-
1.28 times higher than the theoretical shear strength of
the steel plate.

Conclusions

This study proposed design method assumptions
for a hybrid type of seismic stud column (SSC) and
attempted to perform stiffness verification and
strength analysis of the SSC based on the displacement
limit of the code. The analysis results showed that the
stiffness of the SSC calculated from the equivalent
stiffness was overestimated when vy, is large or &
is small. The stiffness error can be corrected by the
stiffness adjustment coefficient and controlled within
+5%. The rotational stiffness of the connected beam
derived from the boundary conditions assuming fixed
beam ends was reasonably accurate. In the analysis
results for yield strength, it was found that when the
ratio vy, of the web thickness to the flange thickness
was small, the web of the energy dissipation segment
that was originally expected to exhibit shear yield may
instead undergo flexural yielding, resulting in strength
decrease. This study proposed the minimum limit of
v, toavoid deflection of the web of the core segment
in the section design with the SSC depth of 400-800
mm and a thickness ratio of the flange to the core
segment web of 0.625-3.75. In addition, this study
suggested the appropriate length ratio range of the SSC
to be 0.2-0.6. From the results of finite-element
analysis, it was recommended to adopt
V. =0.48F A, to estimate the yielding strength of
the shear vyielding-type SSC, wherein the shear
yielding strength of the SSC obtained by considering
the contribution of the flange will be approximately
1.16-1.28 times higher than the theoretical shear
strength of the steel plate.

The structural interstory drift (for a conservative
value 0.005 rad) under a specified seismic force
generated based on displacement limits of the code is
used as the requirement of the yielding interstory drift
of the SSC. Combined with the estimation of stiffness
and strength, 07 >6, can be used to successfully
analyze the strength requirements of the SSC in the
preliminary design stage.
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Abstract

Monopile foundations with grout connections have been widely used for the supporting
structures of offshore wind turbines. However, the offshore wind power industry has recently
found that the existing design method for the tower transition piece may cause the tower structure
to collapse. This implies that the structural characteristics and behavior of the transition piece are
greatly affected by the performance and safety (life) of the supporting structure of offshore wind
turbines. This study is part of the second phase of the National Energy Project (NEP-II) and
investigates the issues of structural behavior and fault features of the transition piece on the
Swancor offshore wind turbine, which is located in the outer sea area of the Longfeng Port, Miaoli.
Vibration response monitoring of the supporting structure of the offshore wind turbine is
accompanied by signal analysis to obtain the structural behavior and then understand the damage
mechanism. Furthermore, the study reviews literature from countries with advanced wind energy
development, organizes the research results related to the transition piece, and applies them to
this study. In this paper, an example of vibration response monitoring of an offshore wind turbine
is introduced, the structural description and damage of the transition piece are elucidated, and

related literature is reviewed.

Keywords: Offshore wind turbine, transition piece, grout.

Introduction

Monopile (MP) foundations with grouted
connections (GC) are widely used not only in the oil
and gas industry but also in the supporting structures
of wind turbines. They provide an efficient solution for
joining the pile driven into the seabed and the sub-part
of the supporting structure. However, since late 2009,
unexpected settlements of the transition piece (TP)
relative to the MP have been reported in many of the
plain-pipe GCs for offshore wind turbine generators
constructed before 2010. This has increased the
likelihood of loss of operation and structural failure
and resulted in extensive remedial work to relieve such
GCs from accumulating damage. This would have a
direct impact on the performance of offshore wind
turbines in the future in Taiwan. Therefore, timely
detection of these problems is vital.

From the aspect of structural health monitoring

National Center for Research on Earthquake Engineering

(SHM), the loss of functionality of GCs can be
detected theoretically. However, research related to
this specific area is limited. In this study, methods and
strategies based on continuous identification of natural
frequencies and transfer functions of the wind turbine
structure are proposed for estimating the loss of
functionality of GCs.

This study briefly presents a literature review,
investigates the mechanics of GCs, and conceptually
describes the development of the proposed method for
monitoring the robustness of GCs.

Monitoring System

With the increasing demand for wind power, the
effective management of wind turbines in service lays
the foundation for abundant and uninterrupted energy
supply from wind. An integral SHM system for
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offshore wind turbines was proposed by Rolfes et al.
(2007), who also introduced the concept of safety
monitoring for support structures of wind turbines.

The offshore wind turbine on which the team
performs instrumentations is located at the Longfen
Port, Miaoli, and has an MP foundation with a GC.
Further details about the sensing system, sensor
instrumentation, measurements, and the time signal
are as follows.

The sensing system, supported by SystemAccess,
consists of a data logger set that includes a controller
module (CANFX/L-DCB8) and a DAQ module
(CANSASTlex-DCB8). CANFX/L-DCBS8 is a real-
time embedded system that coordinates all peripherals
and the DAQ module. CANSAflex-DCB8 is an 8-
channel DAQ module with a measurement circuit and
sensor powering system. The sampling rate was
software adjustable and was set to 200 Hz in this study.
The controller and DAQ modules were connected to
serve as a data logger, as shown in Figure 1.

imc CANSASflex-UNIS

Figure 1b. Data logger (DAQ module).

The vibration transducer is a MEMS
accelerometer (SDI2210-002), which is a high-gain
accelerometer with a small package and requiring 8-
32 V DC power supply. A total of seven
accelerometers were applied in this measurement. A
biaxial inclination sensor (CR2101), which is a digital
sensor communicating via CAN Bus, and the setup of
seven accelerometers are shown in Figure 2 and
Figure 3, respectively. All the above equipment was
adopted as the structural monitoring system of the
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wind turbine to detect the structural vibration
responses of the TP and layout of the support structure
of the wind turbine.

The entire sensing system is coordinated with the
controller, offering the functions of data storage and
communication. The equipment used in this study is
listed in Table 1.

ILICON
[EZ]5E516Ns

2210-002

Y
W5 _32vne

Figure 2. Accelerometer and tilt sensor.

To identify the modal parameters and to
investigate the tower motion and the interactions
between the soil and foundation in the future, the
measurements were instrumented at each location to
record the responses of the whole structure.

Dual Axis
Tilt sensor

.

Fiber(Ethernet)

o fip—

KN [
i
|

Figure 3. Schematic of the tilt sensor and
sensing direction.

The entire system framework is shown in Figure
4, including sensors (accelerometers and tilt sensor),
the data logger (controller and DAQ modules), and the
monitoring screen (PC). Based on this application
scenario, the accelerometers were powered by the data
logger with 5V DC,; the tilt sensor was a digital sensor



with a CAN Bus in which data transmission and
powering are achieved with the data logger. The two
modules of the data logger, i.e., controller and DAQ,
were powered by the site resources with 10-50 V DC,
and the feedback was recorded via the Internet through
a fiber wire. A PC is linked and data are downloaded
through the Internet with host server software (IMC
Link and IMC Studio).

Tablel. equipment list
Number of

Items :
instruments

Equipment name

I Data collection host i
BUSFX-2
Analog signal processing module
- CANFX/L-DCBS§-350
Single axis high precision
3 accelerometer 7
SDI 2210-002

Two-axis high precision tilt meter

1

4 .
CR2101
Server side: data receiving
5 - = 1 set
| | software
Server end: data receiving
6 equipment (installation space, 1 set

| power, network routing owner)

The sensor layout depends on the structure’s
dynamic physical and vibration features. The objective
was to focus on the damage features of the GC, and the
layout concept used to achieve this objective. The
details of the sensor layout are described as below.

Figure 5 shows the overall measurement
configurations. Along the tower in the vertical

direction, three elevations are selected to be monitored:

the top of the tower, called the platform; the first
working plate, which is approximately 2.8 m from the
top; and the bottom of the tower, which is 14.8 m from
the top.

at the top of the tower, dual-axis accelerations
were detected by two accelerometers installed here.

At the first working plate, both a dual-axis tilt
sensor and a data logger were installed here with a
power supply of 110-240 V AC and internet (fiber).

At the bottom of the tower, this position is the
connection of the TP and MP, also called GC. The
vibrations of both the TP and MP were detected, with
tri-axial vibration on the MP and bi-axial vibration on
the TP. The vertical-axis vibration was added to detect
the tilt of the MP.

Investigation of Grout Connections

The GC, which transfers the bending moments
from the TP to the MP, is a crucial linkage component
in offshore applications. The interface behavior of the
GC is numerically modeled using a finite-element
method (Kim et al., 2014), which shows that the
maximum deformation of the GC takes place at the
bottom of the pile because of the yielding of the pile.

The environmental scenarios, including load
characteristics (Tziavos, 2006), and ambient
conditions (Schaumann, 2017) can affect the damage
behavior of the GC. The scour and grout damage were
well introduced by Gupta (2015), who particularly
modeled elastomeric bearings as a retrofit measure to
provide a foundation with a high load-carrying
capacity in the vertical direction.

P Dual axis(X.Y) accelerometer

Figure 5. Measurement configuration.

Moreover, to achieve a more robust platform
foundation, considerable research has been conducted
to clarify the mechanism of GCs through experimental
tests during the 1970s to 1980s, especially for offshore
engineering structures. The work mainly focused on
the effect of crucial parameters of GCs and associated
structural components, such as the grout strength,
shear-key height and spacing, ratio of diameter to
thickness of the piles, outer sleeves, and grout annulus,
on the ultimate capacity of the connection. A typical
design of an energy converter with a height of 80 m
and capacity of 80 GW/year is shown in Figure 6. The
experimental testing can be grouped into four
categories (Dallyn, 2015): static axial loading, pre-
stress, dynamic axial loading, and bending/gapping.
However, the quantification of the performance of the
GCs does not necessarily indicate an understanding of
the potential loss of functionality of a GC in offshore
applications.
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Figure 6. Typical design of grouted connections for
an offshore wind turbine.
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A recent review of technical literature related to
the behavior of GCs has highlighted a paucity of
research in this area, with historical experimental
testing on GCs predominately focusing on the above-
mentioned four categories. From the viewpoint of
SHM, although comprehending the intrinsic
mechanism of GCs and the pattern of loads acting on
structures is important, studies should first prioritize
conceiving a method to retrieve the fundamental
parameters of the offshore wind turbine, such as
natural frequencies and vibration modes, from the
measurement data. The following section broadly
addresses the issue.

Conclusions
The study conducted the following:

(1) Established a structural health monitoring
system on an offshore wind turbine;

(2) Presented an overview of the research on grout
connections; and

(3) Proposed methods and strategies for evaluating
the GC performance.

This project is still in process and the concepts in this
study should be verified in the future. Accordingly, the
future works are as follows:

1. Evaluation of the proposed method,;

2. Verification of the vibration monitoring system;
and

3. Realization of the behavior of grout connections
on the basis of monitored data.
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Abstract

This paper examined a kernel-confined (KC) column for which some of the longitudinal
reinforcements that are conventionally placed around the outer periphery of the column section
were moved to the kernel confined concrete of the inner region. This is referred to as a kernel
confined bar and its seismic performance of KC column under a high axial load was investigated.
Six high-strength RC column specimens with a cross section of 600 mm x 600 mm were carried
out experimentally. The design strength of the concrete, f.', was 70 MPa and the longitudinal and
transverse reinforcements used SD 550 W and SD 790 steels, respectively. Key design parameters
included the quantity and position of the kernel confined bars, overall position, and the quantity
and strength of the transverse reinforcement. Test strength results showed that the maximum
testing flexural strengths for all specimens were larger than the flexural strengths of the ACI
model. An average value of the ratios of the maximum testing flexural strength to ACI model
strength was 1.25 for all specimens. Nevertheless, according to the strength results analyzed using
the XTRACT software, a good prediction was acquired and the average value of the ratios was
0.99. Based on the specimen deformation analysis results, the amount of confined transverse
reinforcement required by ACI 318-19 and controlled by the equation considering a high axial
load, 0.5fc'Ag, resulted in a column that had an interstory drift angle capacity of 3% radian.

Keywords: high-strength RC column, kernel confined bar, high axial load, deformation capacity.

“kernel-confined (KC) bar”, which is expected to

Traditionally, a reinforced concrete (RC) column
places its longitudinal reinforcements on the periphery
of its column section to maximize its flexural strength
capacity. For RC moderate- and high-rise buildings, a
column on a lower story usually accumulates a
tremendous self-weight from the building, and so a
large amount of longitudinal reinforcement is required
to resist the axial load. This can result in excessively
close placement of such longitudinal reinforcements,
potentially reducing the workability of pouring
concrete and increasing the difficulty of installing
longitudinal reinforcements for intersected beams.
Under high axial loads and seismic loading reversals,
the longitudinal reinforcements on the periphery of a
column section can easily buckle after the column
cover peels out and the column strength further
degrades (Elwood et al., 2009). To reduce the buckling
effect of the longitudinal reinforcements on the
periphery of the column section, some of the
longitudinal reinforcements could be moved to the
kernel confined core of the column, known as a

prevent buckling or else to decrease the effect of the
strength degradation as a result of buckling. Use of KC
bars in a column can reduce the number of longitudinal
reinforcements on its periphery, facilitate the quality
of concrete pouring, and delay the strength
degradation of the column from longitudinal
reinforcement buckling. Herein, an RC column that
contains KC bars is referred to as a “KC column” and
the seismic performance of a high-strength KC column
subjected to a high constant axial load is investigated.

According to the current Concrete Structures
Design Code in Taiwan (CPAMI 2019) and ACI 318-
11 (ACI 2011), the confined transverse reinforcement
ratio, Rt (= Asn/sb¢) shall satisfy the larger of either EQ

(1) or EQ (2).
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These requirements for the confined transverse
reinforcement ratio do not consider the unfavorable
effects of an RC column with a high axial load and
high-strength concrete. When a column is subjected to
an axial load that exceeds 0.3f;'Ag, a lateral drift ratio
of 3% radian may not necessarily be achieved.
According to the ACI 318-14 and -19 Codes, a further
requirement, EQ (3), must be met for a confined
transverse reinforcement ratio for a column
considering the effects of high-strength concrete and
high axial load added to acquire the expected
deformation capacity of an interstory drift angle of 3%
radian.

P
Re = 02 kikn = (3)
here, ki=f_/175+0.6> 1.0
j— nl
" n;-2

where all variable definitions refer to the ACI 318-16
and -19 Codes. When the design strength of concrete
is larger than 70 MPa or the design axial load exceeds
0.3Aqf¢’, the transverse confined reinforcement
demand is controlled by Eq. (3).

2. Experimental Plan

In this research, six column specimens made of
high-strength RC material and under a high axial load
of 0.5fca’Ag were studied to investigate the lateral
seismic performance of KC columns, where fc," is the
actual compressive strength of concrete and Ag is cross
section of the column. The design compressive
strength of the concrete was 70 MPa and the
longitudinal and transverse reinforcements used SD
550W and SD 790 (USD 785 from Tokyo Tekko
Company, Japan), respectively.

2.1 Specimen Design

All design dimensions of the six reinforced
concrete specimens were identical. The cross section
and height of each specimen were 600 mm x 600 mm
and 1800 mm, respectively, and the ratio of the height
to width was 3:1. Each specimen had equally spaced
transverse reinforcement along its whole length. The
main design parameters included the contain ratio of
the KC bars to the entirety of the longitudinal
reinforcement and the amount of transverse
reinforcement. Each specimen name consisted of eight
letters composed of four sub-groups with two letters in
each pairing. The first two letters of the first sub-group
were “NC” or “TC”, indicating “meeting” or “not
meeting” the requirements for confined reinforcement
of ACI 318-14 (and -19), respectively. The second
sub-group, KO0, K2, K3, and K4, indicated that the total
sectional areas of the KC bars were zero, 20%, 28%,
and 40% of the cross-sectional area, respectively. The
two letters of the third pairing indicated the spacing of
the transverse reinforcement by S8 or S9,
corresponding to 80 or 95 mm, respectively, as per the
confinement requirements of the ACI 318-14 or -19
Codes. The last two letters indicated the testing
constant axial load and was “P5” for each specimen,
i.e., 50% of the actual concrete axial strength of each
column, 0.5fc’'Ag, was applied. The transverse
confined reinforcements for each layer consisted of
one hoop and many crossties of which one end was a
135° hook and the other end was a 90° hook. The
testing axial load exceeded 0.3fc'Aq for all specimens,
and so their required confinement reinforcements were
controlled by Eq. (3). The design parameters and
results and placements of the longitudinal and
transverse reinforcements for all specimens are shown
in Table 1.

Table 1 Specimen design parameters

NCEOSSPS NCE338P5 NCEK2S8P5 NCEASSPS TCEAS9PS TCROSSPS
e T w 8 g | e w e ¥ @ I D ™S - L i !-‘ . Y o l-" . DN e b
. . r r El
Section type p o
............ s - A LIk L
%o (MPa) 70
Grade SD 550
. 20418 20418 1648 12+#8 1218 20-#8
R Reinforcements [ 7 70 L Df T D D TEEE . TR e e TR e T
B Kemel
E s 0 - 4-4#11 48 4-4#11 4-#11 0 -
Remforcements .
Rxc 0% 28% 20% 40% 40% 0%
Longitudinal ratio p 2.82% 3.95% 2.82% 2.82% 2.82% 2.82%
#4@20 #4@s0 #5@20 #5@80 #5@9s #5@80
size and spacing Taa g r'_:" — — =
= = —
§ #4@20 #4@s0 E #4@20 E #5@80 q [ | #s@9s q [ | #5@80 q_a
2 msms msms mvmy
g it (MPa) 690 690 690 690 790 690
B Re 1.83% 1.83% 187% 1.91% 1.61% 1.91%
Riw 1.01% 1.01% 1.01% 1.01% 0.88% 1.01%
Rew 0.91% 0.91% 091% 0.91% 0.80% 0.91%
Rere) 1.62% 1.62% 1.69% 1.80% 157% 1.80%
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2.2 Experimental Setup and Procedure

All columns were tested under the high axial load
of 0.5 fca' Ag and were subjected to cyclic loading to
simulate a double curvature deformation condition.
The Multi-Axial Testing System (MATS) testing
facility was used, and the test setup is shown in Figure
1. During the entire testing procedure, a series of axial
loading procedures based on force control were
conducted as shown in Figure 2 before applying the

Loading Protocol

conducted as shown in Figure 2 before applying the
lateral cyclic loads. The lateral cyclic loads were
applied continuously and followed the loading
procedure shown in Figure 3 under the fixed axial load
of 0.5 fca'Ag, where the actual strength of the concrete,
fea', on the testing day for each specimen is presented
in Table 2. The lateral cyclic loads were applied using
the displacement control procedure. The displacement,
A, were obtained based on the multiplication of the
drift ratio, shown in Figure 3, with column height, h.

Loading Protocol

[} (] £ (-
"
*

Drift Ratio (%)

|
[

'S

Cycles

Figure 1.
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Figure 2. Loading history of the axial
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Figure 3. Loading history of lateral
cyclic displacement
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Figure 4. Hysteretic loop curves between column shear and interstory drift angle for all specimens

Table 2 Comparison between test and theoretical shear strengths for all specimens
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foa” 1) 2) 3) ) )
(MPa) Voe.ave Vo Vite 6 6

kN) (KN} (KN}
NCKOS8P5 747 2997 2346 3126 128 096
NCK3S88P5 794 3060 2440 3202 125 096
NCK2S8P5 783 3106 2346 3092 132 101
NCKA4S8P5 783 2912 2264 2827 129 103
TCK489P5 843 2759 2332 2664 1.18 1.04
TCKOS8P5 848 2975 2547 3080 1.17 097
Avg 125 099



3. Test Results and Discussion

3.1 Results of the Material Tests

The actual strength of the concrete of each
specimen was tested on the testing day and is shown
in Table 2. The tested strengths of the longitudinal
reinforcements for #8 and #11 of SD 550W were 554
and 587 MPa, respectively. The actual strengths of
856 and 824 MPa were obtained, respectively, for #4
and #5 of SD 790 for the transverse reinforcements.

3.2 Strength Capacity

Figure 4 shows the testing hysteretic loops
between shear response and interstory drift angle for
all specimens. According to the test results, the five
specimens, NCKO0S8P5, NCK3S8P5, NCK2S8P5,
NCK4S8P5, and TCKOS8P5, developed their
maximum shear strength on two positive and
negative directions at the peak drift angle of 1.5%
radian cycle, except for Specimen TCK4S9P5, for
which its maximum shear strength occurred at the
peak drift angle of 0.75% radian cycle. Figure 4
indicates that all testing hysteretic loops are
relatively full and do not display a significant
pinching phenomenon. The testing maximum shear
strengths of all specimens exceeded their shear
strengths computed based on the actual material
strengths, Vmna, but did not exceed their nominal
shear strengths, V.

Table 2 shows the maximum average shear,

Vmaxavg, IN the positive and negative directions, and
the theoretic shears of Vmae and Vmxe
corresponding to the flexural strengths from ACI
and the XTRACT models, respectively, for each
specimen. The average value of the Vmaxavg t0 Vinae)
ratios for all specimens was 1.25 and the average

value of the Vmaxavg 10 Vmx(e) ratios was 0.99.

3.3 Deformation Capacity

A deformation capacity of DRgos, Was selected
as the basis of the assessment. The DRgpy Was
defined as the deformation angle that was in the
enveloped curve as the strength passed over the
maximum strength and dropped to 80% of its
maximum strength. The test results indicated that the
deformation angle capacities, DRgow, Were 3.23%,
3.21%, 3.33%, and 3.10% radian for Specimens
NCKO0S8P5, NCK3S8P5, NCK2S8P5, and
NCKA4S8P5, respectively. The assessment criterion
of the interstory drift angle was whether it exceeded
3% radian. The deformation angle capacities of
Specimens TCK4S9P5 and TCKOS8P5 were
respectively 2.16% and 2.91% radian, i.e., less than
3%. The reasons for Specimens TCK4S9P5 and
TCKOS8P5 having deformation capacities below
3% radian are possibly their actual concrete strength
fca was 20% larger than the nominal concrete
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strength f.', shown in Table 2, and the provided
confined reinforcements that corresponded to only
0.5 fc'Ag, Ryc), Were not sufficient for 3% radian
under the axial load of 0.5 fca Ag.

4. Conclusion and Recommendations
The following conclusions were drawn:

1. The experimental results showed that the
maximum shear responses of the column
specimens were under their shear capacities.
The figures of the shear and deformation
relation for all specimens were relatively plump
and no obvious pinching phenomena were
observed.

2. The predicted flexural strengths using the
XTRACT software can obtain accurate results
with an average error of 1%. The predicted
flexural strengths using the ACI model
underestimated specimen strength by an
average of 25%.

3. Under the 0.5 fca'Ag high axial load, the
deformation and strength capacities for the KC
column specimens with 20% to 40% KC bar
approximated to those for  Specimen
NCKAO0S8P5, the conventional column without
the KC bar. It was found that providing the
confined reinforcement of R was a feasible
way to enable a column member to achieve a 3%
radian lateral deformation angle. Therefore, as
long as a column member has Ry of the
confined reinforcements, some of the closer
longitudinal bars on the periphery of a
conventional column are able to move to the
kernel region to alleviate the issue of too closely
spaced longitudinal reinforcement, reducing the
numbers of tie bar and enhancing the ability to
pour concrete.
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Abstract

Past research results have confirmed that headed bars have good anchoring performance in
concrete and can effectively replace traditional standard hooks as end anchors. However, although
headed bars have been widely used in construction projects, there are no relevant domestic test
methods and acceptance standards. The purpose of this research is not only to discuss the
mechanical properties of commonly used headed bars, but also to develop a set of open-type test
equipment. By means of finite-element analysis, the force mechanism of the test equipment and
its optimization are developed. In a discussion of the mechanical properties of headed bars, it is
suggested that the strength, slip, and elongation should be considered in tests to ensure that headed
bars meet the specified mechanical properties of bars. In the production of test equipment, in
order to improve the usability and convenience, the strength of steel is improved through heat
treatment processing, and magnetic adjustable parts are used. These are easily installed and tested
by a single person, which takes approximately 20 minutes from installation to completion of the
test. According to the test results, the strength and elongation of the bars meet the specified
mechanical properties if they conform to the manufacturing procedure. Observation of the degree
of slip during the headed bar tests shows that the welded type exhibits no slip, the screw welded
type has no more than 0.1 mm slip, the rolling type has 0.1-0.2 mm of slip, the threaded sleeve
type with a non-slip nut has a maximum 0.3 mm of slip, and slip of the threaded sleeve type

without the non-slip nut exceeds 0.9 mm.

Keywords: headed bar, test equipment, slip, welded type, threaded sleeve type.

Introduction

The end bars of traditional reinforced-concrete
members are anchored by hooks; examples are
longitudinal bars at the ends of column members
anchored to the foundation and top beams, shear wall
bars, and beam bars in the beam—column joint area.
However, the reinforcement configuration in the joint
area can often be congested. When a traditional
standard hook is used for anchoring, it will not only
cause difficulties in reinforcement configuration and
binding, but also affects the quality of concrete
pouring. Using headed bars for anchorage can not only
shorten the embedded length of bars, but also relieve
congestion in the joint area and improve the quality of
concrete pouring.

In 2008, the American Concrete Institute ACI 318
specification first proposed design recommendations
for headed bars in tension. Based on test results of
Shao et al. (2016) on headed bars, the American
Society for Testing and Materials specification

(ASTM A970, 2018) revised the definition and
limitations of the HA-level head-end dimensions. The
ACI development length formula of headed bars was
also revised (ACI 318-19, 2019), which means that it
is more valid in practical application.

The Taiwan Concrete Institute formulated the
‘Specification for Headed Steel Bars for Concrete
Reinforcement’ in 2014 (TCI, 2014) with reference to
the recommendations of the Japan Society of Civil
Engineers (Japan Concrete Institute, 2007). The test
procedures and the performance evaluation criteria for
strength and slip were recently revised by the Chinese
Institute of Civil and Hydraulic Engineering in 2021.
However, there is no test method standard for headed
bars in Taiwan. If headed bars are to be widely used in
the future, then it is necessary to strictly define their
relevant mechanical properties and formulate relevant
test methods and performance evaluation standards.

In terms of current usage in Taiwan, the
commonly used types of headed bars are divided into
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three categories: welded type, rolling type, and
threaded sleeve type, as detailed in Table 1. Depending
on the condition that the bars develop the expected
required strength, there is no doubt about the relative
slip of the welded type where the end plate is directly
welded to the steel bar (which is zero), while all other
types have a risk of relative slip. In order to obtain
reliable mechanical properties for headed bars, it is
necessary to develop a standard test method and to
develop a reasonable and accurate test device.

Table 1. Types of headed bars.
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Equipment Design and Analysis

In order to simulate the pressure-bearing effect of
a headed bar in concrete, the test setup is as shown in
Figure 1. The installation space for the extensometer
is narrow and its erection is difficult and time-
consuming when the end plate is not flat. On average,
it takes approximately an hour to set up a specimen, so
it is difficult to perform the test accurately and
efficiently.

Figure 1. Photographs and diagram of test
equipment and aspect to be improved.

This research improves the test device in
response to the above problems. Its characteristics are
as follows. (1) Focusing on operation by a single
person, the equipment is designed to be open (rather
than sealed) in order to mitigate congestion in the
installation space. (2) A seat and the end plate are
designed to be fixed to each other, and the extension
steel piece is used to make the extensometer easy to
erect and quickly insert into the setup to improve
efficiency. (3) Pressure-bearing supports
corresponding to different types of head plate are
designed to improve measurement accuracy. The
design of the device in this study is divided into three
parts: the main frame, pressure-bearing seat, and
extensometer holder. The setup is designed to be tested
with SD 690-D39 steel bars.

(1) The main frame consists of an upper screw, an
upper plate, four connecting screws, and a lower
plate, as shown in Figure 2. The upper screw is
fixed with the upper plate by means of screw
threads, while the upper plate and the lower plate

are connected by four connecting screws, and

82

()

©)

pressure-bearing seat.

the upper part is fixed by penetrating the upper
plate and using nuts for fixing. In addition, the
lower plate is designed as a U-shaped slot so that
the specimen can be directly placed, erected, and
taken out, and a shallow slot opens in the center
to facilitate installation.

The fixed seat device on the extensometer is
shown in Figure 3. For the fixed seat, a separate
design is adopted, with the seat fixed on the top
of the anchor head with three-point bolts and a
magnetic extension steel plate used to adsorb it
on the fixed seat. The fixed seat device under the
extensometer is shown in Figure 4, and it also
has a separate design. The fixed seat is fixed to
the end of the bars with four-point bolts, the
extension steel plates are welded on both sides,
and the extension steel plates are fixed on both
sides of the fixed seat by strong magnets, which
greatly improves the installation efficiency.

The transfer pressure-bearing seat device is
shown in Figure 5. The pressure-bearing seat is
designed with a fixed outer diameter, and a
central hole is opened for different types of
headed bars, so that the bearing surface of the
anchoring head can be supported on the
pressure-bearing seat so as to be fixed with the
lower plate.

Combining the above four parts, the new
test device designed in this study is shown in
Figure 6 and is an open device. During the
erection process, the device and the measuring
instrument do not interfere with each other and
the measuring points of the instrument are
clearly visible, which improves the overall test
efficiency and reliability. The setup is suitable
for a single person to perform tests.

{5450

Actual photograph Design sketch
Figure 2. The main frame setup.

i

Figure 3. Device on
the extensometer.

Figure 4. Device under
the extensometer.

Vi ‘\‘

Figure 6. Test setup.

Figure 5. Transfer



This study simulates the actual force mechanism
of the test device, and uses finite-element analysis
software to check the force of the device, as shown in
Figure 7. There are three parameter settings for the
contact surfaces at the device connections: (1) the
contact surfaces between the transfer pressure-bearing
seat, the device, and the headed bar are frictional; (2)
the headed bar passes through the pressure-bearing
seat and the device without friction; and (3) the other
connections are set as combined forms. The analysis
results show that the maximum stress is concentrated
at the edge of the transfer bearing seat, and it can be
applied to the design strength range of the setup, as
shown in Figure 8.

Pe e

o

Figure 7. Device model.  Figure 8. FEM results.

Experimental Plan

In this study, tests were carried out on the more
common types of headed bars in Taiwan (Table 1),
welded type, screw type, and threaded sleeve type. The
welded type is mainly in the form of friction welding;
the screw type is subdivided into welding, rolling and
limited slip; and the threaded sleeve type is based on
the mortar sleeve type.

In the Specification for Headed Steel Bars for
Concrete Reinforcement for uniaxial tensile tests, the
loading procedure is 0 to 0.95P, and then unloading to
0.02P,. After measuring the residual slip between the
anchor head and the reinforcing bar (rebar), the tensile
force was applied until the specimen fractured. The
residual slippage of the headed bar should not be
greater than 0.3 mm. In the Construction Specification
for Civil Works 401-110 specification, the test
procedure is similar to the above, but the upper limit
of loading is reduced to 0.67Py. The upper limits of the
loading program of the tensile test were 0.95P, and
0.70Py, and both were unloaded to 0.02Py in order to
measure the residual slip. The test loading process is
shown in Figure 9.

The nominal diameter of the bar tested in this
study exceeded 25 mm. According to the Chinese
National Standard CNS 2112 (CNS, 1995), a rod-
shaped No. 14A test piece was used in this case. The
test method refers to the CNS 2111 (CNS, 1996)
ASTM A370 method, which uses five times the
nominal diameter of the bar and 8 inches (200 mm) as
the gauge length measurement. A schematic diagram
of the setup is shown in Figure 10.
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test bars.
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specified and

unloaded to 0.02P,.

loading,

Figure 10. Gauge

Figure 9. Loading protocol. length of test bars.

Test Results

In the tensile strength part of the experiment, the
test results show that the actual tensile strength of the
specimen was greater than the corresponding standard
tensile strength of all types of headed bars, and the
actual tensile strength fua was greater than 1.25f,, as
shown in Figure 11. For the residual slip part of the
experiment, when the welded and screw-type headed
bars were tested with the upper limits of loading
(0.70Py and 0.95Py), the slip was controlled within 0.3
mm and there was almost no slippage of the welded
type. The maximum slip value of the screw welded
type was no more than 0.1 mm, and that of the rolling
type was 0.1-0.2 mm. The results are shown in Figure
12. Since the sleeve-type headed bar uses mortar as the
grouting material, the relative slip between the two is
somewhat doubtful. However, the data show that the
residual slip of product B meets the requirements. The
residual slippage of product C did not meet the
allowable limit because there was no nut for
counteracting action. The results are detailed in Figure
13.

In terms of fracture elongation, the failure modes
of this test were divided into three categories: rebar
fracture (BF), head fracture (HF), and rebar pullout
(PO). The results show that, if the failure mode was
rebar fracture and the break occurred along the gauge
length, the elongation meets the specified value. In
contrast, if the failure mode was head fracture or rebar
pullout, then most of the headed bars cannot reach the
specified elongation.

,,,,, -
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Figure 11. Results of tensile testing.
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Figure 14 shows the tensile properties of the
headed bars. For the welded type, the curves of
strength and slip between loading and unloading are
basically completely matched, indicating that there is
no doubt about the slip of the two materials. For the
screw type, although the bars were processed with
friction welding and the fixed area of the anchor head
was still connected with a thin thread, the strength and
sliding curves during the unloading process did not fit
with those of the loading process, so there was

slippage.

The rolling type headed bars behaved differently
from the friction welding type. In the initial loading
stage, the strength and sliding curves first plateaued
and then rose. The pitch was larger than that of the thin
thread friction welding type, so a larger amount of slip
resulted. The limited-slip type was the same as the
rolling type, and only the counter-bolts were added for
reinforcement, so that the threads are more closely
connected and the initial loading stage was different
from that of the rolling type bars. The tooth type bars
had the same plateau as the sliding type bars.

For the threaded-sleeve type bars, the gaps
between the rips were filled with mortar during
grouting, and although the strength and sliding curves
during the initial stage of test loading rose rapidly, the
mortar was easily damaged after being stressed.
Finally, the mortar was crushes and this caused slip
between the expansion head and the rebar.

----Welding-Friction Threaded-Welding

- Threaded-Rolling - -Threaded- Restraint

Mortar-Sleeve with nut

il
4

Mortar-Sleeve without nut

Axial force

/
,"‘

Displacement

Figure 14. Slip characteristics of various types
of headed bars.

Conclusions

1.  The test setup adopted an open-type design to
improve the erection efficiency of equipment
and instruments. The single-person operation
time was shortened from 90 minutes per group
to 20 minutes.

2. The test results showed that the same results can
be obtained when 0.7Py and 0.95Py are used as
the upper limits of loading in the uniaxial tensile
tests for three types of headed bars: welded,
screw, and threaded sleeve. The threaded sleeve
type with an anti-slip nut can effectively control
the residual slip.

3. If the failure mode of the headed bar is anchor
head slip or fracture outside the gauge length,
then the fracture elongation cannot be
effectively measured, so it is recommended to
consider uniform elongation.
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4. It is recommended that the upper limit of the
loading protocol for the uniaxial tensile test be
set to 0.95Py. The allowable value of the slip is
0.3 mm.

5. It is recommended that the tensile test of the
headed bars should include three verification

properties: tensile strength, slippage, and
elongation.
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Abstract

River embankments are important water conservancy facilities designed to prevent flooding;
however, due to cost limitations, their design and construction quality are generally unreliable,
and the seismic performance is usually poor. In the past, there have been many cases of river
embankments having been damaged by earthquakes in seismically active areas, especially those
located in areas with soil liquefaction potential. This shows that the earthquake-resistant safety of
river embankments is a major earthquake engineering issue that must be faced. Therefore, this
study refers to the experience of other countries in implementing seismic safety assessment of
river embankments and proposes a pseudo-static analysis for embankments located in liquefaction
potential areas. The proposed seismic evaluation procedure is illustrated with examples and its

versatility is demonstrated.

Keywords: embankment, soil liquefaction, performance, seismic

Introduction

River embankments are rarely designed taking
seismic performance into full consideration as their
primary role is as a water conservancy facility to
prevent flooding. Due to cost limitations they are
usually made of existing river bed materials and
simply piled up, making the construction quality of the
embankments relatively unreliable. Moreover, in soft
ground, such as areas close to river outlets, the
compaction of the embankments is less likely to be
carefully controlled in order to avoid subsidence of the
ground due to consolidation or compaction of the
foundation. Therefore, the seismic performance of the
river embankment is usually poor and it is easily
damaged by earthquake shaking.

There are many actual cases of embankments that
have been damaged by ground shaking, including the
1995 Kobe earthquake, the 2011 Great East Japan
earthquake, and the 2018 Hokkaido earthquake in
Japan (Public Construction Commission, 2000; River
Embankment Earthquake-Resistant Measures
Emergency Review Committee, 2011; Sasaki et al.,
2012) and the 1999 Chichi earthquake and 2016
Meinong earthquake in Taiwan (Public Construction

Commission, 2000; Tsai et al., 2017). There are many
large-scale deformation cases, in which the amount of
subsidence exceeded three meters. Many of these
occurred in old river channels and estuary alluvial fans
where soil liquefaction is likely to occur. As such, it
has been found that many embankments have been
seriously damaged due to soil liquefaction. Based on a
summary by the River Embankment Earthquake-
Resistant Measures Emergency Review Committee
(2011), in addition to the damage caused by
liquefaction of the foundation ground (which was
previously assumed to be the primary form of damage),
significant damage has also been caused by
liquefaction of the embankment, and this requires
special attention.

Based on the lessons learned from the 1995 Kobe
earthquake, the 1999 Chichi earthquake, and the 2011
Great East Japan earthquake, it is known to be difficult
to restore damaged embankments within the short time
interval between the earthquake itself and the rainy
season. This is because of the significant number of
damage events and their spatial distribution. It is also
worth noting that the moment magnitudes of the 2016
Meinong earthquake and the 2018 Hokkaido
earthquake were only 6.4 and 6.6, respectively, and the
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moderate  magnitudes of these earthquakes
demonstrate just how weak the earthquake resistance
of existing embankments is.

In Taiwan, although there have been many cases
of river embankments damaged by earthquakes, such
as the 1999 Chichi earthquake and the 2016 Meinong
earthquake, there are no domestic regulations for the
inspection and seismic assessment of river
embankments. The goal of this study is to refer to the
experience of other countries in implementing a
seismic safety assessment of embankments and
propose a pseudo-static analysis procedure for the
seismic assessment of river embankments suitable for
Taiwan's local characteristics. The analysis was
validated using a real case, so as to increase its
applicability to relevant government units in
conducting seismic performance evaluation of critical
embankments.

Pseudo-static Analysis

Pseudo-static analysis is one of the suggested
detailed seismic evaluation methods for use with river
embankments and relies on finite element or finite
difference numerical programs to simulate the
deformation of the embankment and the foundation
stratum after an earthquake. In comparison with
dynamic effective stress analysis, the pseudo-static
analysis is a relatively simple analysis that considers
the self-weight deformation of a river embankment as
caused by the effect of soil liquefaction. The concept
of the method is shown in Figure 1.

Embankment

The parameters of liquefiable
| | soil parameters are reduced
T
]

g according to the results of soil
liquefaction evaluation

[ ]

1
ILiquefiable Iarer

Pseudo-static numerical model
(before earthquake)

v Settlement
~
L
B
Liquefiable layer
Pseudo-static numerical model
(after earthquake)

Assign the softening parameters on the
liquefied layer, and the permanent
deformation is obtained by self-weight
analysis.

Figure 1. The concept of the pseudo-static
analysis

Before conducting the numerical analysis, it is
necessary to collect drilling data relevant to the site
and the design earthquake data, and then conduct a
stress-based simplified procedure, such as the
hyperbolic function (HBF) method (Hwang et al.,
2021), the National Center for Earthquake
Engineering Research (NCEER) method (Youd et al.,
2001), the Japan Road Association (JRA) method
(JRA, 2017), and the Architectural Institute of Japan
(AlJ) method (AlJ, 2001), to identify the stratum that
has liquefaction potential. Using the above
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information, a numerical model of the river
embankment is created to obtain the pre-seismic
deformation. After that, the strength and stiffness of
the soils with a liquefaction resistance factor (FL) less
than 1.0 (based on soil liquefaction evaluation) is then
modified to simulate the mechanical behavior of the
liquefaction. Regarding the strength of the liquefied
soils, the residual shear strength can be assigned
according to the methods of Stark and Mesri (1992)
and Idriss and Boulanger (2008), who established the
relationship between the normalized residual shear
strength (Su/ove’) and the clean sand equivalence of the
corrected SPT blow count ((N1)socs) Shown in Figure 2.

o
>

T T T T T T T
[ Stark and Mesri (1992) H . /:
2 L Lower bound i 77 ]
E} | | —-— Upperbound i ya /
Y 0.3 [ |Idriss and Boulanger (2008) { v
S | — — Lowerbound H Ravs
5 o ;
e ] Upper bound K _ /
5 | P
g o2f L~
= 3 S -
il &7 -
© L o -
9] et ~
& r P
S
= 0.1[ P
> o o b
S B e ]
3 L.—F ]
& - ]
0‘0 T
0 5 10 15 20 25 30

Equivalent clean sand SPT corrected blowcount, (N1)eocs

Figure 2. The relationship between Sy/ovo' and (N1)socs

Case Study

The river embankment next to the Maoluo River
in Nantou City was selected for use as a calculation
example. The location of the demonstration site, the
seismic station used in this study, and the active fault
in this region are shown in Figure 3. The river
embankment section suffered significant subsidence
during the 1999 Chi-Chi earthquake. Relevant
information about this case can be found in the
literature  because damage investigation and
restoration were conducted in this area, making it a
suitable demonstration case. This study collected the
relevant riverbank, design earthquake, and drilling
data, and then conducted a preliminary and detailed
seismic evaluation of the river embankment.
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Figure 3. Locality map of the demonstration site



The detailed analysis was conducted on the
Maoluo River embankment next to the Nantou
Jungong Bridge (Baowei revetment). The geometry of
the river embankment was based on actual
measurements and a detailed drawing is shown in
Figure 4. The considered flood level with a return
period of two years (Q2) was at an elevation of 84.89
m (as provided by the Third River Bureau of the Water
Resources Administration of the Ministry of
Economic Affairs). According to the Ministry of the
Interior (MOI, 2011), the horizontal peak ground
acceleration (PGA) of this site was 0.3936 g. The
moment magnitude (My) of the design earthquake was
7.1.

The soil parameters of the model are listed in
Table 1. The focus of the pseudo-static analysis of
river embankment liquefaction is weakening of the
liquefied soil parameters. In considering the
parameters of the liquefied soil layer, the liquefaction
potential of the saturated sandy soil was evaluated first
using the stress-based simplified HBF method. Cases
with F < 1.0 were regarded as having soil that will
undergo soil liquefaction during the earthquake, and
this is indicated the last column in Table 1.

Table 1. The soil parameters of the numerical model
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Figure 4. The information of the embankment
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The pseudo-static analysis was conducted using
the two-dimensional explicit finite difference program
FLAC to investigate the deformation and damage of
the embankment caused by liquefaction of the
foundation soil under the given target earthquake. The
analysis section of this study was conducted on the
embankment on the side of the Maoluo River. Figure
5 shows the numerical analysis grid of the standard
section and the boundary conditions. The number of
grid elements was approximately 1900. The size of the
grid elements near the embankment was decreased to
obtain more accurate analysis results. Those close to
the left and right boundaries were larger to save
computational time. The left and right boundaries of
the model were set with a roller condition that
restrained the horizontal displacement to satisfy the
subsidence and uplift phenomena when the stratum
was deformed; the bottom of the model was set with a
roller condition to restrain vertical displacement. The
elevation of the ground water tables on the left-side
boundary (river side) and right-side boundary (land
side) of the model were set according to the Q2 flood
level elevation (84.89 m) and the groundwater level
observed from the drilling data (elevation 84.09 m),
respectively.

08 THLE.

FLAC [Version 700}

Figure 5. The numerical model of the embankment

. N- ¢l G| K |.
Soil layers |USCS| o1 bin/ma P (dﬁg) (MPa)| (MPa) |97

Embankment] SM | 10 | 16.37 | 3.0 |30.0] 9.08 | 27.25 |No

[and side] Floodplain | SM | 10 | 19.35 | 1.0 |29.1| 9.08 | 27.25 |Yes
L1 ML | 2 | 186023500175 8.18 |No

L2 SM | 7 | 1881 0.0 |26.8] 6.36 | 19.08 | Yes

s L3 SM | 13 | 19.75 | 0.0 [31.1[11.81] 35.43 |Ves
g L4 SM | 4 | 2010 0.0 |23.9]3.63 | 10.90 | Yes
o L5 SM | 19 | 20.28 | 0.0 |34.5|17.26] 51.78 | No
_ L6 SM | 16 | 20.28 | 0.0 |32.9|14.53| 43.60 | Yes
anem L7 sM | 32 | 21.56 | 0.0 [40.3]29.07] 87.20 | No
L8 CL | 16 | 20.80 |94.2| 0.0 |13.17]654.00 | No

L9 CL | 27 | 20.80 [158.9] 0.0 [22.22]1103.63| No

L10 SM | 28 | 21.58 | 0.0 |38.7|25.43] 76.30 | No
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The numerical analysis was conducted as follows:
After the numerical mesh and boundary conditions
were established, the soil parameters shown in Table 1
were assigned to the corresponding soil layers. Then,
the self-weight balance was carried out to generate the
initial stress; the initial stress conditions are those
achieved by the numerical analysis model, including
the embankment and the foundation, after equilibrium
was reached. Before the weakening analysis was
carried out, the strength and elastic parameters of the
liquefied soils were first updated. The undrained shear
strain (Sy) was obtained according to the empirical
formula for the relationship between the normalized
residual shear strength (Su/cvw’) and the clean sand
equivalence of the corrected SPT blow count ((N1)socs)
suggested by Stark and Mesri (1992) and Idriss and
Boulanger (2008). The Young’s modulus (E) of the
liquefied soils was obtained from the empirical
relationship E/S, = 300, and their Poisson’s ratio (v)
was assumed to be 0.49 to satisfy the undrained
condition of the liquefied soils. With E and v, the shear
modulus and bulk modulus of the liquefied soil layer
were obtained from the theory of elasticity. After
updating the liquefied soil parameters in the program,
the balance calculation was performed again, and the
deformation behavior of the embankment after
liquefaction of the foundation soil was found.

The stress balance analysis was conducted as
follows: After assigning the weakening parameters in
the program, the subsidence increment of the top of the
embankment was monitored. The stress balance
analysis was continued iteratively until there was no
significant further increase in subsidence, which
means that the stress state of the whole model had



become stable. Figure 6 shows the final numerical
mesh and displacement field generated after assigning
the lower bound weakening parameters suggested by
Stark and Mesri (1992). From observation of the mesh
before and after the weakening analysis, it appears that
the subsidence and deformation of the embankment
caused the ground on both sides of the embankment
toe to be squeezed and uplifted. The mesh deformation
mainly occurred in the embankment and in the
liquefied layers below the embankment. The
subsidence of the embankment with the lower bound
weakening parameters suggested by Stark and Mesri
(1992) was 1.48 m.

Settlement = 1.48m

\
[T

(a) un-def and deformed meshJ

(a) Undeformed (green) and deformed (red) mesh

Displacement tvectors
Scaled to max = 5.0
Max vector = 2.2

[E) A
0 10m A

(b) Displacement field

Figure 6. The pseudo-static analysis results of the
embankment

Conclusions

This study proposed a practical seismic
assessment process, supplemented by a demonstration
to illustrate the analytical details of the assessment.
The research results are intended to be used as a
reference for future engineering practice.

River embankments are important flood
prevention facilities. It is necessary to start planning
for seismic safety assessment and classification of
river embankments that are of high importance
(notably in metropolitan areas) and located in areas
with severe liquefaction potential. For embankments
that have a seismic capacity less than the requirement,
it is recommended that the administration should
quickly improve their earthquake resistance to avoid
the risk of secondary disasters caused by post-
earthquake floods. For embankments of major rivers,
the administration should conduct a comprehensive
preliminary seismic evaluation to identify sections at
risk of damage due to earthquake shaking and carry
out detailed earthquake resistance evaluation work for
the reference of subsequent earthquake resistance
reinforcement operations.
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A Preliminary Study on the Effect of Lowering Groundwater

Level on Soil Liquefaction Potential in the Taipei Basin

Yuan-Chang Deng? Chih-Chieh Lu? Jin-Hung Hwang?

Abstract

The purpose of this study is to present a preliminary discussion of the effect of lowering the
groundwater level on the soil liquefaction potential in the Taipei Basin for practicable engineering
conditions. Soil liquefaction evaluations with different groundwater table settings were conducted
to determine the factor of safety against soil liquefaction for each soil layer of the Taipei Basin
boreholes by Taiwan soil liquefaction simplified hyperbolic function procedure. The liquefaction
potential index (PL) was adopted to evaluate the soil liquefaction effect of a liquefiable soil
column. The PL values of the boreholes were spatially interpolated to produce regional PL maps.
The PL liquefaction potential levels under different ground water table settings were used to
evaluate the effect of lowering the water table on soil liquefaction potential.

Two groundwater level conditions were considered in this study. One was the benchmark
groundwater level, which was set as the average water level during the flood season during
implementation of “Home Security Plan”, also the water level used in the refined soil liquefaction
potential map of the Taipei Basin. The results of the benchmark analysis showed that the
proportion of area having low potential is 37.4%, that having medium potential is 37.3%, and that
having high potential is 25.3%. The second groundwater level examined for the comparative
analysis was the benchmark water level dropped by 3 m, based on an anti-liquefaction strategy
suggested in the literature. The results of the comparative analysis showed that the proportion of
the area having high potential is less than 5%, indicating that the soil liquefaction potential can
be significantly reduced. The value of lowering the water level can be used as a starting point for
soil liquefaction prevention and disaster mitigation improvement strategies in the Taipei Basin.

Keywords: Soil liquefaction, liquefaction potential index, lowering groundwater table, soil

liquefaction potential map.

Introduction

In 1999, the 921 Chi-Chi earthquake struck
central Taiwan and caused extensive soil liquefaction.
This attracted the attention of researchers and
engineers, and the study of soil liquefaction
subsequently became mainstream, benefitting from
the fact that cases of soil liquefaction, earthquake
records, and relevant geological information were well
documented. Some Taiwanese researchers developed
a local simplified procedure based on standard
penetration test blow counts (SPT-N) in light of the
framework proposed by Seed et al. (1985), namely the
hyperbolic function (HBF) procedure (Hwang et al.,
2012).

In 2016, approximately 17 years after the 921
Chi-Chi earthquake, the Meinong earthquake, with a

local magnitude (M) of 6.6, struck southern Taiwan,
causing serious building damage due to soil
liquefaction in the Tainan area. Because of the great
public concern about the risk of soil liquefaction in
urban areas after this event, about one month after the
Meinong earthquake the Central Geological Survey
disclosed the first version of a soil liquefaction
potential map based on data from a limited number of
boreholes. This map provided a ranking of liquefaction
risk in terms of the liquefaction potential index (P.).
In order to provide the public with a better
understanding of soil liquefaction risk, the
Construction and Planning Agency Ministry of the
Interior (CPA/MOI) then promoted the “Home
Security Plan” to produce a refined soil liquefaction
potential map for local administrative divisions that
contain liquefiable areas. To facilitate the execution of
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this plan, the National Center for Research on
Earthquake Engineering (NCREE) served as general
counselors for Taipei City and New Taipei City to
establish a standard operating procedure and supervise
the contractor (CECI Engineering Consultants) in
executing the plan according to the setting
requirements. The working group has been engaged in
this project for approximately two years and has
accumulated a wealth of experience in its execution.

The refined soil liquefaction potential maps
released by the Taipei City Government and the New
Taipei City Government show that areas with high
liquefaction potential in the Taipei Basin are densely
populated, suggesting that the issue of soil liquefaction
caused by earthquakes is important with regard to
disaster prevention, mitigation strategies, and urban
planning in the Taipei Basin Metropolitan Area.

Engineering lower water tables is one of the
effective anti-liquefaction strategies being used, but
there is little research related to the management of
this process for the regional water levels used in the
Taipei Basin. Yasuda and Hashimoto (2016) pointed
out that the damage to Japanese wooden structures
caused by earthquake-induced soil liquefaction could
be avoided when groundwater levels were kept to 3 m
below the surface.

In order to realize the applications of the work
conducted by Yasuda and Hashimoto (2016), this
study used their recommendations to examine the
differences in the distribution of regional soil
liquefaction potential between a benchmark ground
water level (set as the average water level during flood
season) and a comparative ground water level, which
was 3 m lower than the benchmark water level. The
results can be used as a reference for the formulation
of relevant disaster prevention and mitigation
strategies in the Taipei Basin.

Refined Borehole Database of the Taipei
Basin

The Taipei Basin is a highly developed region in
Taiwan. Many large projects including large-scale land
development, public rapid transit systems, freeways,
and highways have been completed and have operated
over recent decades. This public infrastructure has
resulted in the generation of a large geological drilling
database distributed throughout the Taipei Basin,
which is an essential input for soil liquefaction
assessment. The total number of boreholes in the
Taipei Basin is currently as many as 12962, which
means that there are approximately 53 boreholes per
square kilometer assuming a uniform spatial
distribution. However, since the quality control of the
early geological drilling was not well established,
much of the submitted borehole data is not reliable
enough for use in liquefaction assessment. Therefore,
it is necessary to conduct further inspection and
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screening processes before borehole data can be
included. In the screening process, the quality of the
drilling data was first classified. The classification
principle was based on the complete set of the data
including the unified soil classification system (USCS)
information, SPT-N value, index properties of the soil
and the judgement of the authors. The first class
included data that required almost no correction nor
supplementary data; the second class required some
correction and/or supplementary data; the third class
included data that were considered unreliable and
lacked some essential information; and the fourth class
represented data that were considered extremely
unreliable and lacked essential information.

In this study, the boreholes belonging to the third
and fourth classes were discarded and only borehole
data of the first and second classes were used for
analyses. For these boreholes, where soil sample data
were missing they were supplemented using
information from neighboring soil samples with
similar USCS characteristics. If there were no suitable
nearby references, the missing data were constructed
from a statistical analysis of reliable soil sample data.
After the above processing, the number of remaining
boreholes was 5182. Their distribution in the Taipei
Basin is shown in Figure 1. The solid blue circles are
boreholes drilled during the “Home Security Plan”
project from 2017 to 2018. The purpose of the drilling
was mainly for the evaluation of soil liquefaction in
the Taipei Basin. In order to reduce operation
variability, the automatic drop hammer system was
adopted, resulting in improved drilling quality. Based
on the energy measurements of selected boreholes, the
energy ratio of the automatic drop hammer system in
this case was approximately 65~70%. According to
the statistical results of the boreholes from the “Home
Security Plan”, liquefiable sandy soils, including
USCS categories SM, ML, CL-ML, and other gravel
soils, account for 58.3% of all soils. Among the
liquefiable sandy soils, the SM soils are in the majority
and account for 53.5% of the liquefiable soils. The SM
soils have an average N value of approximately 12 and
an average fines content of 25%, the CL soils have an
average N value of 5 and an average fines content of
94%, and the ML soils have an average N value of 9
and an average fines content of 75%.

(=1} ndary

Figure 1. Distribution of boreholes in the Taipei
Basin after the screening process was conducted.




Soil Liquefaction Potential Evaluation

Design earthquake parameters and ground water
table

The moment magnitude (My) and the horizontal
peak ground acceleration (PGA) are the earthquake
parameters used for the evaluation of soil liquefaction.
According to the recommendations of the latest
“Seismic design specifications and commentary of
buildings”, the design earthquake with a return period
of 475 years (10% probability of exceedance in 50
years) is required when considering soil liquefaction.
In this study, the same concept was used. For a return
period of 475 years, the corresponding M, is 7.3 and
its horizontal PGA is 0.24 g. All the boreholes in this
study are within or near the Taipei Basin, and both M
and PGA are consistent throughout.

The ground water table (GWT) is also a critical
parameter for soil liquefaction evaluation. However,
Since the existing GWT data are insufficient, the
ground water table of the boreholes drilled by the
“Home Security Plan” was measured during the
execution of the plan. Based on the GWT
measurements, it can be easily shown that the GWT
changes throughout the year, and it can be
conservatively stated that the contour of the average
ground water table in the Taipei Basin during flood
season can be reproduced for use in the soil
liquefaction evaluation of all boreholes in this study.
In order to examine the influence of lowering the
groundwater level on the soil liquefaction potential of
the Taipei Basin, a comparative ground water level is
used, set as the benchmark water level lowered by 3 m.

Methods to evaluate soil liquefaction potential

To determine the effect of soil liquefaction in
areas that experienced severe liquefaction during the
design earthquake, the liquefaction potential index (Py)
proposed by Iwasaki et al. (1978) is commonly used.
According to this index, sites with P_ > 15 are
regarded as having high liquefaction potential, sites
with 5 < P < 15 are regarded as having middle
liquefaction potential, and sites with P. < 5 are
regarded as having low liquefaction potential. P, is
evaluated from the obtained factors of safety (FS) in
light of the Taiwan local HBF method (Hwang et al,
2012) to predict the potential of liquefaction to cause
damage at the surface. P_ and the spatial coordinates
of every borehole are used in spatial ordinary Kriging
interpolation to produce regional liquefaction potential
maps consisting of all discrete cells in the Taipei Basin.

Effect of Lowering Groundwater Level on
Soil Liquefaction Potential

This study compares soil liquefaction between a
benchmark groundwater level, which was set using the
average ground water table of the Taipei Basin during
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flood season, and a comparative ground water level,
which was set at 3 m lower than the benchmark water
level.

Table 1 shows the percentage distribution of each
liquefaction potential level (high, medium, and low P.)
among the analyzed boreholes for both ground water
levels. The benchmark soil liquefaction evaluation
shows that the percentage of boreholes with high,
medium, and low liquefaction potential is each
approximately one third of the total. The liquefaction
potential results for the lowered water table show that
the percentage of boreholes with high liquefaction
potential is dramatically reduced, those with middle
liquefaction potential remains the same at 31.7%, and
those with low liquefaction potential increases to
64.9%. This indicates that lowering the groundwater
level can substantially reduce the risk of liquefaction.

Figure 2 shows the soil liquefaction potential P,
map using the benchmark groundwater level, and
Figure 3 shows the P map using the comparative
groundwater level. Table 2 shows the percentage
distribution of areas affected by each liquefaction
potential levels for both ground water levels. The
results of the evaluation using the benchmark
groundwater level reveal that the area occupied by
each liquefaction potential level is also approximately
one third of the total. The area with high liquefaction
potential is widely distributed over the middle- and
down- stream areas of the Danshui and Keelung Rivers.
In general, the areas far from the rivers have little soil
liquefaction potential. The results of the soil
liguefaction evaluation wusing the comparative
(lowered) groundwater level reveal that the area with
high liquefaction potential accounts for a very small
fraction of the total, while that with low liquefaction
potential increases to two-thirds of the total. This
indicates that lowering the groundwater level
decreases the proportion of high liquefaction potential
and increases the proportion of low liquefaction
potential area. These values can be used as a
preliminary reference for soil liquefaction prevention
and disaster mitigation strategies in the Taipei Basin.

Table 1. The percentage distribution of each
liquefaction potential level among boreholes for both
GWTs

Analysis GWT Borehole proportion (%)
setting Low Middle High
Mean GWT during
flood season 38.4 31.7 29.9
(Benchmark)
Benchmark GWT
dropped by 3 m 64.9 31.7 3.4




Table 2. The percentage distribution of areas affected
by different liquefaction potential levels for both
GWTs

Analysis GWT Avrea proportion (%)
setting Low Middle High
Mean GWT during
flood season 374 37.3 25.3
(benchmark)
Benchmark GWT 67.2 323 05
dropped by 3 m
. S’un;‘)lxl’n-d procedure: : i |

HBF method

Figure 2. Soil liquefaction potential map of the Taipei
Basin (benchmark groundwater level)

® Simplified procedure: | *
HBF method

Figure 3. Soil liquefaction potential map of the Taipei
Basin (benchmark water level dropped by 3m)

Conclusions

The effect of lowering the groundwater level on
the soil liquefaction potential of the Taipei Basin was
examined. The results suggest that lowering the
groundwater level can significantly decrease the
proportion of high potential soil liquefaction area and
boreholes. The results can be used as a preliminary
reference for soil liquefaction prevention and disaster
mitigation strategies in the Taipei Basin.
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Dynamic Properties of Seabed Soil in Offshore Windfarms
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Abstract

This study conducts a dynamic triaxial test on soil samples extracted from the seabed
offshore of Changhua, Taiwan. For sandy soils, reconstituted specimens were designed based on
their fines content (15%, 30%, and 50%), void ratio (0.7, 0.8, and 0.9), and degree of saturation
(15%, 30%, 60%, and 100%) using the moist tamping technique. The dynamic triaxial tests were
performed at three confining stress levels (20, 80, and 320 kPa) under displacement-controlled
conditions. This research investigates the influence of the aforementioned factors on the dynamic
shear modulus and the damping ratio of the soil. To obtain complete dynamic property curves of
the seabed soils, normalized shear modulus reduction curves and damping ratio curves from
dynamic triaxial tests were combined with resonant column tests later. According to the test
results, the normalized shear modulus reduction curves are roughly at the upper boundary of the
suggested range of Seed and Idriss (1970), while the damping ratio curves trend towards the lower
boundary of this range. Void ratio, saturation, effective confining pressure, and fines content all
affect the shear modulus and damping ratio, with fines content having a less significant effect.
The increase in effective confining pressure, degree of saturation, and void ratio, and the decrease
in fines content, move the complete shear modulus reduction curves to higher strain. By
increasing the effective confining pressure and decreasing the fines content, the complete

damping ratio curves show the same shift.

Keywords: dynamic triaxial tests, shear modulus, damping ratio, dynamic properties

Introduction

The west coast of Taiwan has many wind farms
suitable for wind power generation. The wind turbines
built in Taiwan must face the mechanical vibration of
the wind turbine itself, as well as short-term repeated
loads such as typhoons and earthquakes, during which
soil on the seabed may also undergo soil liquefaction.
Furthermore, the interaction of piles and soil affects
the operation of wind turbines. The dynamic properties
of the soil are thus particularly important. In addition,
research conducted by local scholars indicates that the
soil on the west coast of Taiwan has unique mechanical
properties. Therefore, this research focuses on
determining the dynamic properties of seabed soils
using dynamic triaxial tests. The results will be later
combined with resonant column test data in an attempt
to generate undrained shear modulus reduction curves
and damping ratio curves over a wide range of strains.

! Professor, National Cheng Kung University

Test Materials and Methods
Test materials

The soil samples for this test were taken from
offshore windfarm sites in Changhua. Soil samples
were prepared according to the content of three groups
of fine particles, and then physical property tests were
carried out on the soil, including a specific gravity test,
a sieve analysis test, a hydrometer test, and an
Atterberg limits test. The soil samples are classified
according to the unified soil classification method
(USCS), and the physical properties of the specimens
are listed in Table 1. Figure 1 shows the grain size
distribution curve of the soil samples.
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Figure 1. Grain size distribution curve of samples.

This study is based on the wet tamping method
of preparing remolded samples for silty soil in the
seabed. Deaired water was used to flush and saturate
the specimens in these tests.

Table 1. Physical properties of specimens

pertle(s)f Specific | Liquid | Plastic | USCS
. Gravity | Limit | Limit | Class.
Specime
FC < 5% 2.650 N.L. N.P. SP
FC=15% | 2.715 N.L. N.P. SM
FC=30% | 2.720 N.L. N.P. SM
FC=50% | 2.727 N.L. N.P. ML

Equipment and specimen preparation

In this experiment, the fines content parameters
were set as 15%, 30%, and 50%. After the soil emerges
from the top of the thin tube, the coarse and fine
particles must be separated using the wet sieving
method. With a No. 200 sieve (0.074 mm) as the
boundary, the soil sample that remains on this sieve is
used in this experiment. The coarse particles are dried
for later use, while the finest particles are those that
have passed through the No. 200 sieve. After drying,
the samples must be passed through a No. 200 sieve to
ensure that no coarse particles are mixed in them, and
stored in an oven. The water content required by each
sample is then calculated from the specific gravity of
the soil sample. Next, the coarse and fine particle
weights and the water weight of the target sample are
sequentially added, and the soil sample is mixed
evenly, sealed, and placed in a constant temperature
and humidity box to ensure that the added water is
fully mixed with the soil sample particles.

This study uses the British-made dynamic
triaxial test instrument at the National Center for
Research on Earthquake Engineering Tainan
Laboratory. The body and peripheral equipment of the
instrument are shown in Figure 2. A specimen size of
5 cm in diameter by 10 cm in height was used in this
study. The experimental program for the specimen
included measurements on saturated and unsaturated
specimens. All the saturated specimens were required
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to achieve B-values greater than 0.95. All specimens
were isotropically consolidated to the desired effective
consolidation stress before the dynamic tests were
performed.

Figure 2. Dynamic triaxial testing apparatus

Testing procedures

Initially, the bender element test was conducted
to measure the shear wave velocity after a specimen
was consolidated. All dynamic triaxial tests were
performed using sinusoidal loading with constant
strain amplitude at a frequency within a range of £0.1
Hz, starting with compression loading. The initial
single amplitude was 0.005 mm. The test ended when
the amplitude reached 1.28 mm or when the hysteresis
loop was deformed in series.

Young’s modulus, shear modulus, and damping
ratio were calculated from the dynamic triaxial tests
following the guidelines provided in the American
Society for Testing and Materials (ASTM) D3999
manual.

Results and Discussions

In this study, a saturated specimen and an
unsaturated specimen were configured for strain
control experiments, and the influence of fines content
and void ratio on the dynamic characteristics of the
saturated specimen under a variable confining
pressure were studied. The effects of fines content,
void ratio, confining pressure, and degree of saturation
of soils on the dynamic properties were studied.

Effect of confining pressures

Actypical result for the effect of effective confining
pressures on shear modulus is shown in Figure 3. In
the test, three effective confining pressures were used:
20 kPa, 80 kPa, and 320 kPa. Figure 3 shows how
shear modulus (both unnormalized and normalized)
and shear strain variation relate to the effective



confining pressure of samples with fixed void ratio,
saturation, and fines contents. This normalization
involves dividing the measured shear modulus (G) by
the maximum measured shear modulus (Gmax) of the
bending element under a fixed confining pressure. It
can be seen that the maximum shear modulus increases
as confining pressure increases, which is consistent
with previous work. Figure 4 shows the variation of
damping ratio with shear strain for various effective
confining pressure.
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Figure 3. Variation of shear modulus with strain
for various effective confining pressures
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Figure 4. Variation of damping ratio with strain for
various effective confining pressures

Effect of soil saturations

A typical result for 15% fine contents is shown in
Figure 5. In the figure, four specimen saturations were
used: 15%, 30%, 60%, and 100%. This shows the
relationship between normalized shear modulus and
shear strain variation with the specimen saturations of
samples. Figure 6 shows the variation of damping ratio
with shear strain for various degrees of saturation of
samples.
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Effect of Void ratios

A typical result for 20 kPa confining pressure and
various void ratios is shown in Figure 7. In the figure,
three void ratios of specimen were used: 0.7, 0.8, and
0.9. Figure 7 shows the relationship between the (both
unnormalized and normalized) shear modulus and
shear strain variation with the void ratios. Figure 8
shows the variation of damping ratio with shear strain
for various void ratios.

Shear Strain, 7 (%)



Normalized Shear Modubus, G5

Shear Strain, 7 (%)

Figure 7. Variation of shear modulus with strain
for various void ratios
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Figure 8. Variation of shear modulus with strain for
various void ratios

Effect of fine contents

A typical result for 80 kPa confining pressure and
various fine contents is shown in Figure 9. In the
figure, three void ratios of specimen were used: 0.7,
0.8, and 0.9. Figure 9 shows the relationship between
the (both unnormalized and normalized) shear
modulus and shear strain variation with the fine
contents. Figure 10 shows the variation of damping
ratio with shear strain for various fine contents.

Conclusions

1. The shear modulus of saturated specimens decays
more significantly than that of unsaturated
specimens.

2. The effect of fines content on the normalized
shear modulus reduction curve is less significant
than that of void ratio and saturation.

3. Anincrease in effective confining pressure,
saturation, and void ratio, and a decrease in fines
content, all lead to a shift towards higher strain in
the complete normalized shear modulus reduction
curves.

4. Anincrease in effective confining pressure and a
decrease in fines content also results in a shift to
higher strain of the complete damping ratio curve.

According to the test results, the normalized
shear modulus reduction curves of unsaturated seabed
soils decay less when there is large strain.
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Figure 10. Variation of shear modulus with strain for
various fine contents
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Seismic Performance of Steel Bridge Columns (1)
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Abstract

The purpose of this research is to study the seismic performance of steel bridge columns
through analysis and tests in order to establish a reasonable formula for the plastic hinges of steel
columns and to feed them back into the seismic design and evaluation specification. The
implementation method of this study is first to investigate the domestic and foreign steel column-
related seismic codes and research, including the codes of Taiwan, Japan, and the United States. In
addition, the types and design details of common steel bridge columns in Taiwan are investigated,
and the design and construction of the specimens are then carried out to confirm and compare their
seismic performance through tests. Furthermore, with the structural simulation analysis, the
nonlinear model of the steel column is corrected on the basis of the test results, and then the
parameter analysis is performed with the corrected analytical model. This year, we study the
circular steel column first, and design two specimens. Although the two specimens have the same
design, one of them is filled with low-strength concrete and the other is completely hollow to
compare the effect of filled concrete on the nonlinear performance of steel columns. In addition,
preliminary parameter analysis is conducted to discuss the effect of different plate thicknesses and

axial force ratios.

Keywords: steel bride columns, cyclic loading test, nonlinear pushover analysis

Introduction

After the 921 earthquake, bridge authorities in
Taiwan such as the Freeway Bureau, the Directorate
General of Highways, and several county and city
governments all conducted seismic performance
assessments and retrofit for existing bridges. Among
them, for the bridges with reinforced concrete (RC)
columns, there are many relevant studies or
regulations both domestic and abroad for reference, so
effective and practical design and construction can be
carried out. However, for the seismic evaluation and
retrofit of bridges with steel columns, because of the
lack of relevant domestic test reports and no clear
research cases to follow, most of them refer to
Japanese cases and studies. Considering that the
seismic performance of steel columns is closely
related to construction details, foreign research results
may not be applicable to domestic engineering
environments. In addition, since steel columns have

the advantages of light weight, high strength, good
ductility, easy fabrication, and a short construction
period, many viaducts in Taiwan are constructed with
steel columns, especially for urban viaducts. Therefore,
there is an urgent need to study the seismic
performance of localized steel bridge columns. This
study intends to study the seismic performance of
common types of steel bridge columns in Taiwan and
to establish a localized plastic hinge property and a
seismic evaluation method for steel bridge columns.
Relevant tests of steel columns and numerical
simulation analysis will also be conducted to verify the
accuracy of the evaluation method. The research and
development results can provide reference for
practical design and evaluation for bridges with steel
columns in the future. This study will be implemented
over years. This year, it mainly focuses on circular
single-column steel piers, and two test specimens are
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designed, laboratory tests are planned, and preliminary
simulation analysis is carried out.

Specifications for steel bridge columns

This research will initially focus on steel columns
with a circular hollow structure section (HSS);
therefore, the follow-up description will also focus on
the circular steel column. At present, the seismic
design of bridges emphasizes the ductile design, with
the purpose of enabling the ductile members to have
reliable nonlinear deformation ability during an
earthquake. Therefore, there is a newly added chapter
related to the design details of steel bridge columns in
the current domestic code for the seismic design of
highway bridges [1]. It mentions that the detailed
design of steel bridge columns should prevent local
buckling, weld bead tearing, shear failure, or other
brittle failures of the members. To achieve this
purpose, the following methods can be adopted: (1) the
width—thickness ratio of the wall of the rectangular
steel column or the diameter—thickness ratio of the
wall of the circular steel column shall be limited; (2)
for the corner welding, full-penetration groove
welding shall be adopted. However, the design code
does not provide the relevant design requirements in
detail and only suggests to refer to the latest Japanese
specifications for highway bridges, or other relevant
specifications published by AASHTO or AISC.

Regarding the setting of plastic hinges for steel
bridge columns, the code for seismic evaluation and
retrofit design of highway bridges [2] in Taiwan
provides relevant calculation formulas. The content
mainly refers to the Japanese specifications for
highway bridges [3]. The stress—strain relationship of
the steel and the filled concrete used for the plastic
hinges is shown in Figure 1. Among them, considering
the quality variability of domestic steel plate
production and the deterioration factor of materials
caused by environmental factors, the upper limit of
tensile ultimate strain of steel is conservatively
adopted as 15¢,, where ¢, is the yield strain of steel.
The allowable ultimate compressive strain of steel
depends on its geometric conditions and whether it is
filled with concrete.

For circular steel columns without filled concrete,
the allowable ultimate compressive strain ¢, is
calculated according to formula (1)

&, =(20-140R )¢, (1)
RF, 2
R =23 #) €

where R is the radius of the circular steel column, tis
the thickness of the steel plate, x is the Poisson ratio of
the steel, Fy is the yield strength of the steel, and E is
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the elastic modulus of the steel. The scope of
application of formula (1) is as follows:

0.03<R <0.08,02<1<04,0<N/N <02 (3)

A L
z\VE r

(4)

In equation (3), N is the design axial force, Ny is
the yielding axial force calculated according to the
condition of full section yielding, | is the effective
buckling length of the member, r is the radius of
gyration of the section.

For circular steel columns filled with concrete,
the allowable upper limit of the compressive strain
gq = 7¢, for the domestic code [2]. This regulation is
different from the Japanese code. The Japanese code
[3] stipulates that the upper limit of the compressive
strain &, = 7¢,, is only applicable to rectangular
columns. For circular columns, the upper limit of the
compressive straine, = 5¢,, and it only applies to the
following situations:

0.03<R <0.12,02<71<04,0<N/N, <02 (5)
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Figure 1. Stress—strain relationship for (a) steel;
(b) in-filled concrete

The above provisions of the scope of application
also imply that the code requires that the slenderness
ratio I/r of the steel column should be less than
1.256v/(E/Fy), and the axial force ratio N/N, should be
less than 0.2. For circular steel columns without
concrete filling, the diameter—thickness ratio D/t
should be less than 0.097 E/Fy, and for circular steel
columns filled with concrete, it should be less than
0.145 E/F,.

After obtaining the stress—strain curves of steel
and in-filled concrete according to the above
description, the moment—curvature relationship
diagram of the cross-section can be obtained by the
slicing method, and then the plastic hinge curve of the
steel column can be obtained.

The domestic code for seismic evaluation and
retrofit design of highway bridges also sets the
allowable upper limit for the ductility of bridge
columns. Taking important bridges in general
earthquake zones as an example, under a level 11



earthquake, the allowable ductility of a single column
is 3.5, and the same regulations are used for steel
columns and concrete columns. In the United States,
the California Department of Transportation (Caltrans)
has established an independent specification for steel
bridges: Seismic design specifications for steel bridges
[4]. For ductile members such as bridge piers, this
code sets the allowable limiting ductility according to
the allowable damage level. For repairable damage
level, the allowable displacement ductility is 3 and the
rotation ductility is 6; for significant damage level, the
allowable displacement ductility is 4 and the rotation
ductility is 8. In addition, Caltrans also stipulates the
width—-thickness ratio requirements for ductile
compression members. For the wall of round hollow
structural section (HSS) bridge columns, the
diameter—thickness ratio D/t must be lower than
0.038E/Fy. For the wall of the concrete-filled round
tube, the diameter—thickness ratio needs to be lower
than 0.076 E/F. Both the above limits are stricter than
those in the Japanese and domestic codes. For the
slenderness ratio, it is required to be less than
2.36V (E/Fy). Currently, there is no consistent standard
for the design of steel piers worldwide, especially the
requirements for their nonlinear behavior after
yielding.

Specimen design and construction

According to the above-mentioned domestic
design code related to steel columns, two circular steel
column specimens were designed in this study, named
as specimen A and specimen B. As shown in Figure 2,
these two specimens have the same dimensions; the
total height of the specimens is 5.3 m, of which the
column body is 3.7 m, the column head is 0.6 m, and
the foundation height is 1 m. The diameter of the
column specimen is D = 0.8 m, the thickness of the
steel plate is t =1.4 cm, the material of the steel plate
is SN490B, and the corresponding diameter—thickness
ratio is 57. Specimen A is a hollow column without
concrete filling, while specimen B is filled with
concrete up to 2 m in the column. The compressive

strength of the filled concrete f/=140 kgficm® . To

make the steel column stably fixed in the RC
foundation, the specimen is designed according to
the domestic design practice. A steel anchor frame
base is designed in the foundation and 16 anchor
bolts are adopted to join the steel anchor base and
the base plate of the steel column.

This year, the construction of specimen A has
been completed. As shown in Figure 3, the steel
column and RC foundation were fabricated separately.
Among them, the steel anchor frame and anchor bolts
were precast in the foundation before grouting, and the
column base plate and stiffeners were added at the
bottom of the column. Both parts were made in the
factory and then shipped to the NCREE for assembly.
When assembling, the reserved holes in the base of the

steel column were aligned with the pre-embedded
anchor bolts and inserted. After adjusting the
horizontal positioning, the bolts were tightened. Then,
the non-shrinkage cement mortar was poured between
the bottom plate of the steel column body and the
foundation. After the non-shrinkage cement mortar
solidified, the construction was completed.
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Parametric study

The structural simulation analysis was carried out
for the test in advance. Figure 5 shows the analysis
model and the pushover analysis results using Sap
2000 structural analysis software. Three-dimensional
shell elements were used to simulate steel plates. The
foundation was not included in the simulation model,
and the boundary condition for the column base was
assumed to be fixed. The analysis considered
geometric nonlinearity, including the P-delta effect
and large displacement effect. The analysis results are
also shown in Figure 5. It can be found that the column
bottom is in the shape of an outer drum along the
direction of the lateral force, indicating that the bottom
of the column has buckled. From the relationship
curve between the base shear and the lateral
displacement, it can also be found that after the
specimen reaches its strength of approximately 80 tf,
the base shear gradually decreases with the increase in
displacement, which means that its strength degraded
with the increase in displacement, and its stiffhess also
decreases rapidly.
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Figure 5. Specimen simulation model and
analysis results

To investigate the key parameters affecting the
seismic performance of steel bridge columns, a
parametric study through nonlinear pushover analysis
was also carried out in this study. The variables
considered include the thickness of the steel plate and
the ratio of the axial force. Figure 6(a) shows the effect
of varying plate thickness. The thicknesses of the steel
plates considered are 10, 14, and 19 mm,
corresponding to the cases where the diameter—
thickness ratio D/t is 80, 57, and 42, respectively. As
shown in the figure, with the increase in the plate
thickness, that is, the increase in the diameter—
thickness ratio, in addition to the obvious increase of
the strength can be seen, the proportion of the strength
degradation of the specimen after yielding is also
slightly reduced. Figure 6(b) shows the effect of
varying axial force, considering the axial force ratios
of 0.1, 0.15, and 0.2. As shown in the figure, with the
increase in the axial force, the strength of the specimen
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decreases slightly, and the rate of stiffness degradation
increases.
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Figure 6. Parametric analysis results: (a) effect of
plate thickness; (b) effect of axial force ratio

Conclusions

This study completed the design, fabrication, and
preliminary analysis of steel column specimens this
year. The analysis results showed that the diameter—
thickness ratio and axial force ratio greatly affect the
nonlinear behavior of steel columns. By incorporating
large displacement effects and P-delta effects into
analytical simulations, the buckling of steel columns
can be effectively predicted. In the future, the accuracy
of the simulation analysis will be verified through
cyclic loading tests, and the parameter analysis results
will be revised as a reference for specification
revisions.
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Existing Hospital Structures Seismically Retrofitted by
Externally Connecting Viscous Dampers
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Abstract

To seismically retrofit existing hospitals, it is not only necessary to guarantee that their
performance will be superior to that of general structures during and after earthquakes, but it is
also very important to minimize the impact on daily operations and on patients during the
reconstruction period. A seismic retrofit strategy involving external connections with linear
viscous dampers whose damping coefficients can be more efficiently distributed, is investigated
in this study. Three damping coefficient distribution methods are discussed and examined.
Numerical results show that if inappropriately designed added reaction structures and linked
viscous dampers can be precluded by eliminating those that fall within undesired frequency ratio
bands, then the adoption of any of the three distribution methods can satisfactorily control the
seismic responses of existing hospitals. Furthermore, it is shown that adopting the third
distribution method, which is based on the kinetic energy at the more important stories, is the

most cost-effective.

Keywords: seismic retrofit, viscous damper, external connection, viscous damping coefficient,

distribution method

Introduction

When seismically retrofitting existing hospitals,
accommodating the original structural configuration
and space, minimizing the impact on daily operations
and patients during the reconstruction period, and
guaranteeing the functionality of housed critical
medical equipment should be taken into consideration
along with main goal of achieving the desired seismic
performance. This study proposes the use of linear
viscous dampers to be externally connected between
existing hospital structures and one or more purpose-
built reaction structures as a practical and feasible
seismic retrofit strategy. This is shown in Figure 1, in
which Structure A represents the hospital structure to
be retrofitted and Structure B represents the reaction
structure. This proposed seismic retrofit strategy is
similar in concept to the connection of two adjacent
structures using velocity-dependent dampers to
simultaneously reduce their wind- or earthquake-
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induced responses and the probability of collision
between them. This concept has been discussed in
many past studies (Zhang and Xu, 2000; Bhaskararao
and Jangid, 2007; Hwang et al., 2007).

Structure A . Structure B

-
clg

viscous damper -

o
-
———
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-
el
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Figure 1. Proposed seismic retrofit strategy.

In this study, the undesired frequency ratio band
of two multi-degree-of-freedom (MDOF) structures, is
identified considering only their fundamental modal
characteristics (Hwang et al., 2007). Two damping
coefficient distribution methods for the externally
connected dampers are then derived based on the
relative kinetic energy at each story divided by the
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total relative kinetic energy of the hospital structure.
Finally, retrofitting examples are numerically
examined and compared with their counterparts
derived using the conventional uniform distribution
method.

Two SDOF Systems Linked by a Viscous
Damper

When simplifying an MDOF system to a
representative  single-degree-of-freedom  (SDOF)
system, the effective modal mass can be calculated
from:

S|
g

where M * is the fundamental modal mass of the
MDOF system; m; is the mass assigned to the i" story;
¢ is the normalized mode shape of the first mode at
the i story (groor = 1). Two SDOF systems connected
by a viscous damper are presented in Figure 2, in
which M;, ca, and k, are the effective modal mass,
damping coefficient, and stiffness of Structure A,
respectively, My , cp, and ky are the corresponding
parameters of Structure B, and cq is the damping
coefficient of the linked viscous damper. The
corresponding equation of motion when adopting a
linear viscous damper can be written in matrix form
as:

[m{x}+[c]{x} +[k]{x} = ~[m]{1} %,

o))
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where [m]= {N(I)a MO
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displacement, velocity, and acceleration of Structure
A relative to the ground, respectively; x,, X,,and

X, are the horizontal displacement, velocity, and

acceleration of Structure B relative to the ground,
respectively; and X is the input ground

g
acceleration.

Figure 2. Hlustration of two SDOF systems
connected by a viscous damper.
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Based on the assumption of proportional
damping, the effective damping ratios of Structures A
and B (&err, a and &err, p) are calculated from;

C, +C, Cy Cy
= — =F + — =, 1+— 3.1
otz 2M o, “ 2M o, “ ( caj 3.1)
C, +C4 Cy Cy
=——0=f+——=¢& | 1+— 3.2
ot 2M; o, “ 2M; o, % ( c, ] (3.2)

where wa = (Ka/M;)%%; wp = (kn/M;)%5; & = cal(2M,
wa); and & = cp/(2M; wp). Based on the study by
Hwang et al. (2007), the relationship between the
phase lag of two adjacent SDOF systems and the
actual effect of the linked damper has been
established. A way to prevent the frequency ratio of
two adjacent structures from falling into the undesired
range was proposed to ensure that the linked dampers
would in fact enhance the damping ratios of the two
structures. With the values of &,, &, c4/Ca, and cq/Cy,
the calculated values of |&n-Cerr, al/Cer, a aNd |En-Cetr,
bl/Cefr, b less than 0.02 are used here to quantitatively
define the lower and upper bounds of the undesired
frequency ratio band. The undesired frequency ratio
bands with cq/ca =1 ~6 and cg/cy, =1 ~ 12 for & = &
=5% are puresented in Figure 3.
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Figure 3. Undesired frequency ratio bands.

Distribution of Damping Coefficients
Based on Energy Approaches

Assuming that the mechanical properties and
installation schemes of linear viscous dampers at one
story are the same, the supplementary damping ratio
provided by all the dampers can be calculated from
(FEMA 356, 2000):

T c,cos’ 0,47
i

b= 4y mg?

(4)

where T is the fundamental modal period of the
structure; c; is the damping coefficient of the dampers
at the j™ story; 6; is the inclination angle of the
dampers at the j™ story; ¢ is the first modal relative
displacement between two ends of the dampers at the
j story in the horizontal direction; m; is the mass
assigned to the i story; and ¢; is the normalized mode
shape of the first mode at the i story (¢ oot = 1).



The first modal period of the hospital structure to
be retrofitted, generally, is much longer than that of the
new reaction structure. For simplicity, the latter is
ideally assumed to behave as a rigid body during
derivation, and since the linked dampers are installed
horizontally, the ¢,; of the dampers installed at the j®
story is identical to ¢i. Thus, Egs. (3.1) and (3.2) can
be rewritten as:

c T.>.C. ¢’
4 g = 5.1
2M’ o, 4 47 my g 6.1)
N
C TbZCr¢r2
d _—F£ = r 5.2
2Myw, 1 Ary myg (6.2)
N

where T, and Ty, are the fundamental modal periods of
Structure A and Structure B, respectively; C; is the
damping coefficient of the dampers connected to the
r" story of Structure A; ¢, is the first modal relative
displacement between two ends of the dampers at the
r" story in the horizontal direction; my is the mass
assigned to the N story of Structure A; ¢y is the
normalized mode shape of the first mode at the N®"
story of Structure A (¢ror = 1); N is the total number
of stories of Structure A; and r is the total number of
stories linked by the dampers.

The uniform distribution (UD) method, i.e., that
for which the damping coefficients designed for
viscous dampers at different stories are the same (C, =
C), is simple and convenient, and also well accepted in
engineering practice. By using Eqg. (5.1), the formula
for calculating the damping coefficient of the linear
viscous dampers at each story can be calculated from:

Cy Z my ¢r§ Arg, Z my ¢§
S T 6
MSE LY ©

The distribution method proposed by Hwang et
al. (2013), in which the damping coefficients of the
viscous dampers at each story are proportional to the
relative kinetic energy of each story corresponding to
the first mode of vibration, is used in this study. This
method is denoted as the story Kkinetic energy (SKE)
method hereafter. Based on this method, the relative
kinetic energy at the it story is proportional to m;¢?,
and the damping coefficients of the viscous dampers
installed at the r'" story of the hospital structure can be
calculated using Eq. (5.1) as follows:

Cd mr¢rzsz¢N2 472'(::1 mr¢rzsz¢N2
N _ N
T, 2 Mg,

To make the SKE method more effective, viscous
dampers should be installed at stories whose relative

CTTMS g

(7
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kinetic energy is larger than the average relative
Kinetic energy, as follows:

>

N

2
mg° >

(8)

With the criterion given in Eg. (8) and by
substituting Eq (7) into Eq. (5.1), the formula for
distributing the total damping coefficients among the
linear viscous dampers installed at the appropriate
stories can be obtained from:

Cdml¢lzsz¢N2 4”§dml¢IZZmN¢N2

) T TYmd

Cr - M;Zm|¢|4 (9)

where | is the number of stories whose relative kinetic
energy is larger than the average relative kinetic
energy. This method is called the story kinetic energy
to efficient stories (SKEES) method hereafter.

Demonstration Examples

An actual three-dimensional model consisting of
two structures connected by linear viscous dampers
was numerically analyzed, as illustrated in Figure 4.
Structure A, being nine by three spans, represents an
existing, regular 8-story hospital structure to be
retrofitted; the heights of the first story and the other
stories are 4 m and 3.5 m, respectively; the calculated
fundamental modal period in the X direction is 0.945
s. Structure B represents three separate new reaction
structures each designed with one by one spans. The
8-story Structure B has the same total height and story
heights as Structure A, as presented in Figure 4. The
fundamental modal periods of Structure B in the X
direction are calculated as 0.183 s. Both structures are
assumed to have an inherent damping ratio of 5%.
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Figure 4. Retrofit example three-dimensional
models

A target damping ratio of 15% was set for
Structure A. Then, wp/wa =5.18, cq¢/ca = 2, and cq/Cp
= 8.64. These design parameters do not fall within the
undesired frequency ratio bands, as observed from
Figure 3. The damping coefficients distributed to
different stories of the hospital structure are
summarized in Table 1. The original 1940 EI Centro
N-S earthquake with an intensity of 0.348 g was used



as the ground input. The elastic maximum relative
displacements and maximum story drift angles at all
stories of the 8-story hospital structure based on the
UD, SKE, and SKEES methods are presented in
Figure 5. Regardless of whether the UD, SKE, or
SKEES method was used, the retrofitted hospital
structure  showed better displacement control
performance than the original, which implies that the
externally connected linear viscous dampers are
effective in reducing the seismic response of the
hospital structure.

Table 1 Distributions of damping coefficients at
different stories of the 8-story hospital structure

Stor ub SKE SKEES
Y (kN-s/m)  (kN-s/m)  (kN-s/m)

8 854.3 1156.7 1222.6

7 854.3 1002.1 1059.2

6 854.3 797.3 842.7

5 854.3 653.9 691.1

4 854.3 408.6 -

3 854.3 215.0 -

2 854.3 84.6 -

1 854.3 13.2 -
Total 6834.4 4331.3 3815.5
8 a 7 [] Bareframe
7h / 8 ]u
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Figure 5. Elastic seismic responses of the 8-story
hospital structure
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Table 2 Maximum damper forces at each story of the
8-story hospital structure

UD SKE SKEES

Story  (kN) (kN) (kN)
8 679 903 950
7 624 724 762
6 546 506 533
5 441 339 358
4 338 163 -
3 254 68 ]
2 165 17 ]
1 72 1 ]

Total 3120 2720 2604

The maximum damper forces obtained using the
three different distribution methods are listed in Table
2. For all cases, the higher the story linked by the
viscous dampers, the larger the damper force required.
With almost the same control performances under the
El Centro, using the UD method always resulted in a
larger required total damper force than using the SKE
and SKEES methods. Therefore, using the SKE or
SKEES method is more cost-effective than using the
UD method for the proposed seismic retrofit strategy.
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Furthermore, using the SKEES method always
resulted in a smaller required total damper force than
using the SKE method. Thus, in addition to verifying
the feasibility and effectiveness of the concept of
strategic distribution of the total damping coefficients
to dampers installed at appropriate stories, it has also
been found that using the SKEES method is more
economical compared with the SKE method. In
summary, the SKEES method is the most attractive
option for the proposed seismic retrofit strategy
considering  both  practical and  economic
considerations.

Conclusions

A seismic retrofit strategy for existing hospitals
involving external connection with linear viscous
dampers whose damping coefficients can be more
efficiently distributed was proposed, analytically
discussed, and numerically examined. For the
proposed seismic retrofit strategy, the obtained
undesired frequency ratio band obtained can be
utilized to preclude improper design of the purpose-
built reaction structure and the linked dampers. Under
El Centro, the higher the story linked by viscous
dampers was, the larger was the damper force
required, regardless of whether the UD, SKE, or
SKEES method was used. Under almost the same
control performances, using the UD method resulted
in a larger required total damper force than using the
SKE and SKEES methods, and using the SKEES
method resulted in the smallest required damper force.
It can be concluded that using the SKE method offers
some economic benefits, but using the SKEES method
is the most economical for the proposed seismic
retrofit strategy.
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Experimental Verification of an Eccentric Rolling Isolation
System by Small Shaking Table Tests
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Abstract

Isolation systems have proved to be an effective way to control structural responses by
shifting the fundamental frequency from the dominant frequency of earthquakes. However, those
conventional isolation systems possessing low fundamental frequency may be invalid under near-
fault earthquake conditions, which also possess low-frequency content, and may even fail due to
excessive displacement response. Therefore, many researchers have changed their focus to
nonlinear isolation systems, one of which is the eccentric rolling isolation system (ERIS). The
dynamic behavior of the ERIS has been established by past research; the frequency of the system
varies with the rolling angle, which can mitigate the resonance effect when the system is subjected
to a near-fault earthquake. In this paper, the feasibility of the ERIS is further investigated by
shaking table tests. The prototype specimen also proves that its mechanism has practical

applications.

Keywords: nonlinear isolation system, eccentric rolling system (ERIS), shaking table test

Introduction

The issue of long-period structures subjected to
near-fault ground motions has attracted more attention
after several big earthquakes occurred worldwide;
these include the 2008 Wenchuan, 2010 Chile, and
2011 Tohoku earthquakes. Near-fault earthquakes
differ from far-field earthquakes in that they possess
low-frequency content and the velocity pulse may
induce permanent displacement. Conventionally, the
isolation period lies between 2 s and 3 s (0.33-0.5 Hz),
which is also the dominant frequency range of near-
fault ground motions. Issues could arise when an
isolated structure has a high probability of being
excited by near-fault ground motions, which may
make the isolation system invalid due to resonance
(Wipplinger 2004; Yegian and Kadakal 2004; Lu et al.
1997). Taking friction pendulum bearings (FPBs) as an
example, the isolation period of an FPB is controlled
by the radius of the sliding surface, which means that
it is fixed when the radius is determined. This also
results in a linear restoring force of the FPB, which
causes a resonance effect when the isolation system

with FPBs is subjected to near-fault ground motions.
To mitigate or avoid this issue, several researchers
have indicated that an isolation system with a
nonlinear restoring force may be a solution. An
isolation system possessing a nonlinear restoring force
has an isolation frequency (or period) that is not fixed,
thus mitigating the resonance effect. Jangid and
Londhe (1998) proposed an elliptical rolling isolation
system, in which an elliptical rolling rod was installed
in a five-story shear building. From simulation results,
the absolute acceleration at the roof after isolation was
reduced from 13.26 m/s? to 2.54 m/s?. Butterworth
(2006) proposed a similar concept by combing two
half circles non-concentrically. Another study
improved the friction pendulum bearing by suggesting
a variable curvature of the sliding surface (Pranesh and
Sinha 2002). Chung et al. (2009) and Yang et al. (2010)
proposed an eccentric rolling isolator. In this study, the
mass is fixed to a circular isolator eccentrically; the
restoring force is therefore also nonlinear and the
frequency varies with the rolling angle. The
effectiveness of this particular nonlinear rolling
isolation system under near-fault ground motions was

L Associate Researcher, National Center for Research on Earthquake Engineering

2 Graduate Student, National Taiwan University

8 Adjunct Emeritus Advisor, National Center for Research on Earthquake Engineering

4 Assistant Professor, National Chung Hsing University



numerically verified. The resonance effect was
significantly mitigated compared with a linear
isolation system. Such types of nonlinear isolators
usually possess a stiffness softening effect to guarantee
good acceleration reduction. However, a softer
stiffness also results in a larger isolation displacement.
A well-developed design method is necessary for
nonlinear isolators. Otherwise, the isolation system
may be ineffective due to the excessive displacement
response.

To further study and examine the eccentric rolling
isolation system (ERIS), a shaking table test was
conducted and results are presented in this paper. The
theoretical model and the feasibility of the proposed
mechanism are both verified by experimental results.

Mathematical Model

A schematic diagram of the ERIS is presented in
Figure 1. The mass m representing the isolation
object is pinned to the circular isolator. The radius of
the circular isolator is R, and the distance between
the pin and the center of the isolator is @R where the
a is eccentricity (0<a <1). Only one degree of
freedom @ is adopted to describe the response of the
system. To derive the equation of motion for the ERIS
subjected to seismic excitation, the coordinate X
representing the ground displacement is introduced.
The position vector of the mass is obtained from:

X =[(RO—aRsin6) + X i

i @)
+(R—aRcosO)j
To derive the equation of motion, Lagrange’s equation
(Eq. (2)) is introduced.

i(@_Lj_@_L - QN
dt\o6) o6

is the non-conservative force for the

)

where Q"

corresponding degree of freedom. Lagrangian L is
the difference between the kinetic and potential energy
of the system. In this paper, the friction force is
considered for energy dissipation (Eg. (3)):

QY =—f.aR 3)
Taking the time derivative of Eq. (1) and substituting
the result and Eq. (3) into Eg. (2), the equation of
motion as shown in Eq. (4) can be obtained after
reordering.

m(R?+a’R® - 2aR* cos )
+maR?sin0-6? + mgaRsin @ @)

+faR=-m(R-aRcosd)X,
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Shaking Table Test

The prototype of the ERIS mechanism is
designed to be effective in only one direction. The
uniaxial shaking table test was planned and conducted
accordingly. The setup of the specimen is illustrated in
Figure 2. The total weight of the specimen excluding
the racks was 18.78 kg. The weight of each circular
isolator (spur gear) was 2.06 kg, and the weight of the
superstructure was 10.54 kg. The radius of the circular
isolator and eccentricity were 7.5 cm and 0.3,
respectively. The friction due to rolling and rotation of
the bearing at the center of the gear were considered
for the friction damping. For the sensor allocation, a
total of six channels were used to measure the
acceleration and displacement responses (Figure. 3).
Two accelerometers were installed at the center of the
platform to measure the horizontal (parallel to the
loading direction) and vertical accelerations, and one
accelerometer was installed at the corner of the
platform to check whether or not torsion occurs. A
laser displacement transducer was installed on the
shaking table to measure the isolation displacement.

Different types of input excitations are used in
experiments, including sinusoidal, white noise, and
seismic excitation. In this paper, only sinusoidal and
seismic excitations were introduced. In sinusoidal
cases, various frequencies with a fixed displacement
amplitude equal to 30 mm were considered
(displacement control), and the hysteresis is compared
in Figure 4. Figure 4 shows that the isolation
displacement increases with decreasing frequency of
excitation, and the nonlinear behavior of the ERIS also
becomes more obvious. The softening effect in
stiffness was observed when the isolation
displacement was roughly equal to 100 mm. This
phenomenon conforms with the simulation results in a
previous study.

In the case of seismic excitation, three
earthquakes, Kobe, Chi-Chi (TCU068), and EI Centro
in two horizontal directions (i.e., a total of six ground
motions) with various amplitudes were adopted. The
seismic  performances in  acceleration and
displacement after isolation are summarized in Figure
5 and 6. In Figure 5, the acceleration ratio in the Y
direction is defined as the maximum absolute
acceleration after isolation divided by the peak ground
acceleration (PGA), which can thought of as an
acceleration reduction. For the cases shown in Figure
5, the ERIS is effective as all acceleration ratios are
smaller than 100%. On the other hand, the isolation
displacement lies within the range 10-120 mm (Figure
6). The cases of the EI Centro earthquake in the north-
south and Chi-Chi (TCUO068) earthquake in the east-
west directions are examples discussed in detail.

The seismic performance of the ERIS under the
El Centro N-S ground motion is tabulated in Table 1.
Within the PGA range 0.240-0.434 g, the acceleration



ratio increased from 38% to 54%, which indicates that
the ERIS is effective in reducing the ground
acceleration transmitted to the superstructure. The
isolation displacement corresponding to the same PGA
range increased from roughly 19 mm to 59 mm. The
seismic performance under the Chi-Chi (TCUO068)
earthquake excitation is shown in Table 2. In this case,
experiments with a displacement amplitude smaller
than 300% cannot be conducted due to the stroke
limitation of the actuator. For the two PGA cases, the
acceleration ratios were 70% and 67%, respectively.
The maximum isolation displacement for an amplitude
of 300% case was only 28.3 mm.

Conclusions

Past research on the eccentric rolling isolation
system (ERIS) has focused on theoretical or numerical
analysis. To address the lack of experimental studies
on the ERIS, a uniaxial shaking table test was
conducted to verify the accuracy of numerical
simulation and the feasibility of the prototype
mechanism. Based on the experimental results, the
ERIS indeed shows its effectiveness under seismic
excitations. The mechanism is also proven to have
possible practical applications in design of isolation
systems.
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Table 1. Seismic performance (El Centro)

El Centro N-S
Amplitude (%) 300 | 400 | 500 | 600 | 700
PGA (g) 0.240|0.273]0.330|0.384|0.434
max. abs. acc. (g) 0.091/0.128(0.167|0.224|0.235
max. isolation disp. (mm)|19.35|28.15|37.89|49.58|58.61

Table 2. Seismic performance (Chi-Chi
TCUOBBEW)

Chi-Chi TCU068 E-W
Amplitude (%) 200 300
PGA (g) 0.124 | 0.170
max. abs. acc. (g) 0.087 0.114
max. isolation disp. (mm) 15.12 28.30
v

X, RO

Figure 1. Schematic diagram of the eccentric
rolling isolation system (ERIS)

Figure 2. Specimen setup
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Experimental Studies of Seismic Evaluation and
Strengthening Strategies for Small-bore Piping

F.-R.Lin?, C.-Y. Chen?, J.-F. Chai 3, Z.-Y. Lin*

Abstract
In recent years, due to the vigorous development of performance design concepts, the
seismic resistance of building structures has been improved, and the main disasters and economic
losses caused by earthquakes have shifted from structural to non-structural systems. This study
takes a hospital as an example to explore the seismic performance of pipelines subjected to
different types of earthquakes, damage to ceilings, water leakage, partial collapse, and other
failure modes. The results of shaking table tests and numerical model analysis are used to verify

the simplified evaluation methods.

Keywords: non-structural components, fire protection sprinkler system, shaking table tests,
seismic strengthening devices, numerical analysis, simplified evaluation

Introduction

During small- and medium-scale earthquakes, a
fire-protection sprinkler system might be damaged and
cause leakage of small-bore piping, and sprinkler
heads might impact ceiling boards resulting in falling
dusts and debris. In large-scale earthquakes, anchorage
or supports of sprinkler piping systems might lose
seismic capacity. Damage related to sprinkler piping
may cause interruption of the normal medical
functions of hospitals and fail to prevent secondary
disasters such as fires after earthquakes. Therefore,
improvement of seismic performance designs of fire-
protection sprinkler systems is necessary.

In this study, a full-scale fire-protection sprinkler
piping system with an area of approximately 10 m x10
m was suspended on the shaking table in the Tainan
Laboratory of the National Center for Research on
Earthquake Engineering. Shaking table tests were
carried out to compare the effects of different seismic
strengthening configurations. Floor responses of two
kinds of buildings under far-field or near-fault
earthquakes were adopted as input motions. Numerical
models simulating the seismic response of the hospital
pipeline system were established to verify the
simplified evaluation method. The research contents
are briefly described as follows:

A W N R
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1. Taking the fire-protection sprinkler piping system of
a hospital damaged during the 2010 Jiaxian earthquake
as an example, a full-scale fire-protection sprinkler
piping system was recreated and hung by a rigid test
frame in the laboratory. As shown in Figure 1, the
tested sprinkler piping specimen covered two
sickrooms and an outside corridor. The part of the
sprinkler piping damaged during the Jiaxian
earthquake was tested. The real main pipe of the
sprinkler system along the corridor exceeds the range
of the shaking table. Therefore, the boundary
condition of the tested partial main pipe was designed
according to initial simulation results of moment
distribution under earthquakes. In addition to the
original configuration, three types of seismic strategies
were adopted: braces of the main pipe, diagonal cables
for branches or sprinkler heads, and flexible hoses for
small-bore piping at wall penetrations.

2. The seismic behavior of the sprinkler piping system
covering the entire floor plan was evaluated by
numerical analysis with  SAP2000 software.
Comparing numerical analysis and shaking-table test
results of part of the piping system, the accuracy or
conservativism of analysis parameters of nonlinear
dynamic analysis were verified and then applied to the
complete numerical model of the sprinkler piping
system covering the entire floor plan. Component
parameters of seismic devices including bracing
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attachments, wire cables, and flexible hoses were set
according to the results of specific cyclic-loading tests.

3. In order to enable engineers to design sprinkler
piping conservatively without complex numerical
analysis, the seismic behavior of the sprinkler piping
observed in shaking table tests was used to adjust
parameters of the simplified evaluation method (Tsali,
2018) and thus improve its effectiveness and accuracy,
as shown in Figure 2.

Figure 1. Test specimen of sprinkler piping
(Su, 2020)
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Figure 2. Simplified evaluation flowchart

Effectiveness of Seismic Improvement
Strategies For Sprinkler Piping

Seismic strateqies

Based on the National Fire Protection
Association NFPA13 standard, this research proposes
four seismic improvement strategies for the example
case. Table 1 lists the strengthening devices of each
strategy. Strengthening devices used are main pipe
bracing, flexible hose, and diagonal steel-wire cables.

Seismic performance of sprinkler piping
with strengthening devices
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1. Axial force of main pipe bracing

As shown in Fig. 1, based on the damaged
example case, the main source of inertia force is from
the main pipe along the corridor in the X direction.
Therefore, the seismic response of the piping system
in the Y direction is controlled by the fundamental
mode of lateral movement of the main pipe, which can
be evaluated by the corresponding spectral
acceleration of input motion in the Y direction. Figure
3 depicts the comparison of axial forces of the
diagonal braces of the main pipe due to the floor
spectral acceleration for three configurations: SBH,
AXX, and AXF cases. The spectral acceleration values
corresponding to the piping system frequency in the Y
direction were obtained from the response spectrum of
the test frame. The axial forces of the braces on both
sides were derived from the measured maximum strain
values under each shaking table test. Comparing the
SBH and AXF cases indicated in Figure 3, due to the
smaller frequency of the AXF system, both the spectral
acceleration value and axial force of braces were
amplified under the same input motion (3DNDL40).
On the other hand, the flexible hoses decreased the
effects of the partition walls on the response of piping,
so that both the displacement response of the pipeline
system and the axial force of the diagonal brace were
amplified. From test results, it can be seen that more
consideration should be given to the seismic capacity
of diagonal braces while installing flexible hoses
arranged near wall penetrations.

Table 1 Test configurations

Restraint of Restraint of

Seismic . -
brace of branch lines a.prln.kler Flexible
S (B) heads (H) ine (F
m("l,:"‘p‘;p‘ Left | Right | Left | Right | PP¢(F)
A~S) room | room | room | room
Case 1 (SBH) v v v v v
Case 2 v v v
(AHLABR)
Case 3 (AXX) v
Case 4 (AXF) v v
Original (XXX)
V: installed devices
g 1 AXF3PNDLA0D
= ¥ @ o SBH
g 2 X
s & > AXX
8 = AXF

QR :& SBH(AXX)3DNDL40

g o
£

Sa(g)-Y

Figure 3. Comparison of axial forces of braces



2. Leakage situation

The example case shows that the damaged
threaded joint of the one-inch drop could easily cause
leakage in the hospital. Therefore, the seismic capacity
of the threaded joint of the one-inch branch pipe is also
one of the important factors in the design of the fire
sprinkler system. Table 2 depicts a comparison of the
bending moment and water pressure of the one-inch
pipe when each test configuration was damaged or
reached the maximum input motion. Table 2 also
shows that there was no leakage in terms of the SBH
and AXF tests. The test results verify the effectiveness
of the steel-wire cables to branches and drops. In
addition, the use of small-bore flexible hoses near wall
penetrations increases the displacement response of
the piping system during earthquakes, but it can reduce
the damage at the threaded joints of the one-inch
branch pipes.

Table 2 Bending moment of one-inch pipe and
leakage situation

Water 1" pipe moment
Configuration [nput motion|  pressure I (Ik"f m)
(kef/em?2) £-em
DN 338
AXF 3D1 D_]'60 1o leakage -
no leakage N 4103
AXX N FDNDLA40 leak Ll
AX2 ) 3DNDL no leakage
room ; 3179
3DE 547.6
SBH g OF ]')I.—‘I(:(l no leakage | -
no leakage -110.5
6.87 5540
X IYNDL10
6.996 -5061
Water 1" pipe moment
Configuration [nput motion|  pressure ! (fwf-' )
(keflem2) sl-em
3 606.4
AXF 3DNDL60 no leakage |
no leakage ; 4367
AXX Right SDNDLAO 6.758 3851
room | 6.77 2898
3 565.4
SBH 3DFDHG0 no leakage
no leakage = 2774
_ 5504
XXX IYNDL10 | noleakage
-2264

3. Effects on adjacent ceiling systems

For commercial buildings, sprinkler heads of the
fire protection system are generally arranged at the
center of ceiling boards. Therefore, excessive relative
movement between sprinkler piping and suspended
ceiling systems could easily result in impacts between
ceiling boards and sprinkler heads. From previous
studies and component tests of ceiling boards (Tsali,
2018), when the displacement of a sprinkler head is
equal to or greater than 16.6 mm, it is judged that the
mineral-fiber ceiling board was torn and damaged.
Figure 4 compares the sprinkler head displacement of
each configuration due to the spectral floor
acceleration to evaluate the ceiling failure situation.
The displacement of the sprinkler head in the original
configuration (XXX) greatly exceeds 16.6 mm. It can
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be seen that under the same spectral acceleration, the
displacement of the sprinkler head in the SBH
configuration is small. Therefore, the seismic steel-
wire cables and braces of the main pipe are verified to
decrease effects on the adjacent ceiling system. On the
other hand, from the comparison between the AXX
case and the AXF case, although the installation of the
flexible hoses reduces the bending moment of the one-
inch branch pipe, it also causes an increase of sprinkler
head displacement due to the lower displacement
limitation offered from the partition wall. Therefore,
the displacement response of sprinkler heads in the
AXEF case was larger than that in the AXX case.

Figure 4. Comparison of sprinkler head
displacement

Numerical Model Analysis

In this study, SAP2000 software was used to
establish numerical models of each test configuration
(Figure 5). The parameter settings of the numerical
models were verified with shaking table tests, and
these were extended to the numerical model of the
complete hospital pipeline system (Figure 6).

Figure 5. Numerical model of partial pipeline system
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Figure 6. Numerical model of whole pipeline system



Figure 7 depicts displacement responses of the
main pipe of the tested AXX case (blue line), the
corresponding numerical model (red line), and the
numerical model covering the whole floor plan (black
line). It can be seen that due to the nonlinear response
of sprinkler piping under large-scale floor motion, the
numerical peak value (red line) and the tested value
(blue line) are different. Numerical responses of the

main pipe of partial (red line) and complete (black line)

models are quite similar due to the boundary condition
of the partial main pipe; this boundary condition was
carefully designed based on the location of the
inflection point of the main pipe shown in the initial
numerical modal analysis of the complete piping
system. Figure 8 depicts the comparisons of maximum
main pipe displacement of tests and numerical results
for four tested cases. Most of the numerical results are
smaller than test results; this unconservative tendency
requires attention. According to test and analysis
results, a safety factor for numerical analysis is
proposed to bring the numerical analysis results closer
to the real response of the main pipe.

Figure 7. Displacement response of the main pipe in
the AXX case

v.5 SAP Mainpipe disp.

Figure 8. Maximum displacement of the main pipe

Simplified Evaluation And Verification

The third part of this study uses the floor spectral
displacement to evaluate the displacement response of
the main pipe along the corridor, and then estimates
the dynamic response of related branch lines covering
sickroom systems from the displacement response of
the main pipe. As shown in Figure 9, the relationship
between spectral displacement and the displacement
response of the main pipe is adopted to evaluate the
displacement response of the main pipe.
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Sd v.s. mainpipe disp. (Y-dir)-XXX

Shaking table tests
. Sunphfy model
. . « Simplified evaluation

mainpipe disp. (mm)

Sd corresponding to mainpipe frequency (mm)

Figure 9. Relationship between responses of main
pipe and spectral displacement

Conclusions

The effectiveness of three types of seismic
restraint device were tested: braces with well-designed
attachments for the main pipe, steel cables for branch
lines, and flexible hoses for penetrations. Braces on
main pipes with well-designed attachments were
found to be most critical in controlling the majority of
inertial forces acting on the piping system. Steel cables
restrain  displacements of sprinkler heads but
effectiveness is decreased due to the necessity of
maintaining slack to keep the piping level with the
ceiling system. Flexible hoses were effective in
decreasing local impact forces near wall penetrations.
While bracing can reduce damage from impacts onto
adjacent ceiling systems and architectural components,
the optimum strategy to avoid leakage is to strengthen
the main pipe with braces and to use flexible hoses
near wall penetration to decrease demands on screwed
fittings, or to use braces and steel cables to limit the
movements of the main pipe and branch lines,
respectively.
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Experimental Study on Sloshing Modes and Frequencies of

Storage Liquid in Rectangular Tanks
Wei-Hung Hsu?, Juin-Fu Chai ?, Fan-Ru Lin 3 and Yi-Jun Kao*
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Abstract

Storage tanks are often used to store various liquids, such as water, petroleum, liquefied
natural gas, and chemicals. They can be vertical or horizontal tanks. Liquid storage tanks are
important facilities in industry, and their seismic capacity is often an important performance
objective in tank design. When the storage tank is subjected to an earthquake, it will cause
sloshing behavior of the liquid within. The liquid oscillation mode (also known as the convective
mode) and its frequency affect liquid sloshing behavior as well as the seismic response of the
storage tank, which may cause damage to the tank body and roof, even cause liquid overflow.
Therefore, the convective modes and their frequencies are important bases for exploring the liquid
sloshing behavior.

The sloshing behavior of the liquid caused by an earthquake is quite complex, often being a
combination of multiple convective modes. Moreover, breaking waves are generated when the
liquid hits the wall of the storage tank. In this study, a small-scale storage tank shaking table test
is performed to understand the seismic response of the liquid. To explore the convective modal
responses at different liquid levels, an impulse input motion with a frequency bandwidth of 0.3—
2 Hz is used in the test such that free oscillation of the liquid is induced. Therefore, the
fundamental and higher convective modes and frequencies could be extracted from the shaking
table test. Based on this, the relationship between convective modes and the liquid sloshing
behavior is discussed further.

Keywords: shaking table test, storage tank test, convective mode, fluid—structure interaction

Introduction

Past earthquakes have had a great impact on
storage facilities of oil and natural gas. The damage to
such facilities is often accompanied by secondary
disasters such as fire. An earthquake affecting the
liquid storage tank in the petrochemical industry may
not cause a large number of casualties but has a wide
range of influence. The failure of the function of the
critical facilities will affect the needs of various
industries and people's livelihood, which may in turn
cause social and economic shutdown. It may also
cause damage to the environment and lead to huge
economic losses. Therefore, the failure of the critical
facilities may have a greater impact than the failure of
building structures. In view of this, it is necessary to
deeply understand the causes of secondary disasters

due to the seismic response of liquid storage tanks. For
Taiwan, which is located in the earthquake zone, it is
an urgent research topic.

The purpose of this study is to investigate the
sloshing behavior of the liquid in a storage tank when
it is affected by an earthquake. The convective modes
and frequencies of the liquid can be analyzed from the
liquid oscillation. Based on the results, the relationship
between the convective modes and the liquid sloshing
behavior is discussed. For this purpose, a small-scale
rectangular storage tank was used in this study to
conduct a shaking table test. During the test, a storage
tank with various water levels was tested by an
impulse input motion with a frequency bandwidth of
0.3-2 Hz. The design of the storage tank and impulse
input motion are described below.
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Hydrodynamic Model

According to the linear sloshing model proposed
by Housner (1957), the hydrodynamic pressure can be
divided into two parts: impulsive pressure and
convective pressure. The impulsive pressures are
generated by the impulsive movement of the wall of
the storage tank. The convective pressures are
generated by the oscillation of the liquid. To study the
effect of hydrodynamic pressure on the storage tank,
Housner (1957) simplified the complex sloshing
behavior into an equivalent hydrodynamic model to
consider pressures caused by the impulsive mode and
the asymmetric convective mode. In the model, the
impulsive mass My is connected rigidly to the wall of
the tank, and the convective mass Mn (n =1, 3, 5,...)
is spring mounted on the wall, as shown in Figure 1.
In the figure, only two asymmetric modes are shown.
The author used the approximate method to derive the
formula for calculating the frequency of the
asymmetric convective mode in the rectangular tank,
as follows:

a)::\/E J tanh[\/E h ]
2 (1/n) 2 (I/n)

where @, is the nth (n = 1, 3, 5,...) convective
frequency, g is the gravitational acceleration, | is the
half length of the tank parallel to the shaking direction,
and hiis the liquid level. Graham and Rodriguez (1952)
derived the formula using Laplace transform, as
follows:

S G
o =g(2m+1)—tanh| 2m+)7z— 2
2l 2l

where wm is the asymmetric convective frequency (m
=0,1,2,...), m=0is for the first asymmetric mode,
m = 1 is for the second asymmetric mode, etc. Figure
2 shows that the frequencies obtained from Eq. (1) are
slightly higher than those from Egq. (2), with a
difference of less than 1%. Furthermore, Ibrahim
(2005) mentioned that the formulae for the symmetric
and asymmetric convective modes in the rectangular
tank are as follows:

o))

V4 h
o =g(2k)—tanh ((2k)7r—) )]
2l 2l

symm- (k)

2
[0)

asymm (k)

(4)

where @gymmy IS the kth symmetric convective
frequency and @asymmy IS the kth asymmetric
convective frequency (k =1, 2, 3,...). By comparison,
Eqg. (2) is equal to Eq. (4).
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Figure 1. Hllustration of the equivalent
hydrodynamic model
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Figure 2. Comparison of the first two asymmetric
convective frequencies from Eq. (1) and Eq. (2)

Test Configuration and Input Motion

In the study, two square and two rectangular
storage tanks were designed to be installed on the
shaking table simultaneously for testing. The tanks can
be considered as rigid tanks considering their high
frequencies. The dimensions of the tanks are shown in
Table 1. Outside each tank is a water-receiving tank to
avoid water splashing to the shaking table. Figure 3 is
the design model and Figure 4 is the tank configuration
on site. Table 2 lists various design water levels for
testing. The corresponding convective frequencies fall
in the range of 0.3-2 Hz. In the test, magnetostrictive
linear-position sensors (Temposonic transducers) were
used to capture the oscillation of the free surface. The
sensors were installed at positions 5 cm away from the
tank wall as shown in Figure 5. All positions in Figure
5 are numbered; for example, TRL1 represents the
measurement point No. 1 of the low rectangular tank
and TSH12 represents the measurement point No. 12
(corner point) of the high square tank. Figure 6 shows
the sensor configuration on site.

The input motion was designed as an impulse
wave with a frequency bandwidth of 0.3-2 Hz to
stimulate free oscillation of the water surface for
various water levels. Because the oscillation amplitude
is related to the spectral acceleration, the acceleration
response spectrum of the impulse wave is roughly
maintained at a constant value between 0.3 Hz and 2
Hz to ensure the amplitude is similar. Figure 7 shows
the time history and frequency spectrum of the impulse
wave. Figure 8 shows the acceleration response
spectrum of the impulse wave.

Table 1. Dimensions of the tanks

Square Tanks Rectangular Tanks
(LxWxH) (LxWxH)
Low High Low High
Imx1mx Imx1lmx I1mx0.5mx I1mx0.5mx
0.7m 15m 0.7m 15m

Table 2. Design water levels

Design water levels (cm)

Square 8, 14, 20, 24, 28, 32, 36, 40, 50, 60, 80, 100

Rectangular | 8, 12, 16, 20, 24, 28, 32, 36, 40, 50, 60, 80
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Test Results and Discussions

The test results of the impulse wave only in a
single direction, X- or Y-direction, were discussed.
Figure 9 shows the test results of the X-direction
oscillation of the water surface of the rectangular tank
with h =36 cm, and Figure 10 shows the test results of
the Y-direction oscillation of the water surface of the
square tank with h = 60 cm. The figures indicate that
the oscillation frequency for the specific water level
and tank length is fixed, and the oscillation frequency
varies with the depth of water.

The measured oscillation of the water surface can
be converted to the signal of the frequency domain by
Fast Fourier transform (FFT) to obtain frequency
contents of the oscillation. Therefore, the fundamental
and higher convective mode frequencies of the water
in the storage tank can be obtained. The following only
shows frequency spectra of two cases for explanation.
Figure 11 and Figure 12 show the FFT of the X-
direction measured data of TRH1 for the rectangular
tank with h = 20 cm and h = 50 cm, respectively. The
two figures are marked with the first four convective
frequencies, calculated by Egs. (3) and (4). The figures
indicate that there exists an unknown mode between
the second mode and third mode or the third mode and
fourth mode. The same result also appeared in other
water levels and oscillation directions. Figure 13 and
Figure 14 show the relationship between the first four
convective frequencies and the ratio of h/l for the X-
and Y-direction of the rectangular and square tanks,
respectively. The figures contain the theoretical and
the experimental results. It can be observed that the
convective frequency increases with increasing h/l and
then converges toward a constant value. The figures
also show that the experimental results are close to the
theoretical results except for the fourth mode in the Y-
direction of the rectangular tank. The main reason for
this difference is that the Y-direction dimension of the
rectangular tank is too small, and the fourth mode is
not significant because of the boundary effects. It can
be observed that the unknown mode frequency is
between the second and the third mode frequencies
when h/l < 0.64, while it is between the third and the
fourth mode frequencies when h/l > 0.64.
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Figure 9. X-direction oscillation of the water surface
of the rectangular tank with h = 36 cm
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Figure 10. Y-direction oscillation of the water surface
of the square tank with h =60 cm
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Figure 11. FFT of X-direction measured data of
TRH1 for the rectangular tank with h =20 cm
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Figure 12. FFT of X-direction measured data of
TRH1 for the rectangular tank with h = 50 cm

Bectamgular X-lmpulse

The natural frequencies of the Tree surface (Hz)

ral Trequencies of the free surface (Fle)

The natu

<|I| IIJ< I:.‘ At 1 14 1% a2 ix
Figure 13. Relationship between the first four
convective frequencies and the ratio of h/I for the

rectangular tank

116

Saquare X-lmpulse

=

The natural frequencies of the Tree surface (Fh

The natural Frequencies of the Tree surlace (z)

A 3rd Mote (Theoretcal)
T 0 ok 1.2 i

Figure 14. Relationship between the first four
convective frequencies and the ratio of h/I for the
square tank

Conclusions

In this study, a small-scale rectangular storage
tank was used to conduct a shaking table test. The first
four convective frequencies for various water levels
were obtained and compared with the theoretical
values. The test results indicated that the experimental
frequency results are close to the theoretical values
except for the fourth mode in the Y-direction of the
rectangular tank. The main reason for the difference is
that the Y dimension of the rectangular tank is too
small, and the fourth mode is not significant because
of the boundary effects. In addition, an unknown mode
was observed from the test results, and its frequency
was between the second and fourth modes. Its physical
meaning needs to be further studied and analyzed.
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Numerical Analysis of Mechanical Performance for Buried
Ductile Iron Pipes for Water Transmission
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Abstract

Current water pipelines commonly use controlled low strength material (CLSM) as the
backfill. The backfill material increases the safety of the pipeline. If it is plausible to reduce the
depth of cover, the construction process would be easier, faster, and more economical. Finite
element numerical analysis on ductile iron pipe with CLSM backfill is conducted in this study.
The mechanical behavior for pipes of different diameters with different depths of cover under
vehicle loading are studied. Results of this study summarize possible depth of cover to reduce the
construction time and cost while maintaining the safety of the pipeline.

Keywords: Ductile iron pipe, Controlled low strength material, Depth of cover, Finite element

analysis

Introduction

Most fundamental civil facilities have been
established in Taiwan. The priority tasks are nowadays
facility maintenance and replacement of aged
pipelines. In particular, the latter task is complex to
perform in a city in terms of the construction method,
range, and cost. In light of such difficulties and to
reduce public construction cost, Japan has already
evaluated the possibilities and issued new guidelines
in 1999 for a smaller depth of cover required for buried
pipelines.

In recent years, controlled low strength material
(CLSM) has been used as backfill owing to its high
flowability, self-compacting, and self-leveling
characteristics. This type of backfill material solves
the problem of subsidence of roads. In addition, the
Taiwan Water Company has switched to using higher
strength ductile iron pipes (DIP). Based on the
abovementioned two enhancements, research on the
possibility of reducing the required depth of cover for
buried pipelines is necessary. With a reduced depth of
cover, the underground area could be better utilized.
Moreover, the construction time, cost, and range
would be considerably lower.

This study focuses on the buried DIP with CLSM

as the backfill. Finite element numerical analyses are
conducted to better understand the mechanical
behavior of the DIP of different diameters and depths
of cover under vehicle load.

Finite Element Model of the Buried

Ductile Iron Pipe

This study performs finite element numerical
analysis with the commercial program ABAQUS.
Various diameters of DIPs are currently used. The
minimum and maximum diameters, 100 mm and 2600
mm, of the DIPs are selected for this research to
analyze their mechanical behavior under vehicle load.
The model dimensions, material properties, and
boundary conditions are described in this section. To
present the interaction between the pipe, the backfill,
and the soil, the model consists of three portions: the
DIP, the CLSM, and the soil.

Figure 1 shows the model dimensions. The DIP
diameter is denoted as D, while the distance from the
pipe edge to the trench edge is denoted as B. The entire
trench width would be D+2B. For the DIP diameters
of 100 mm and 2600 mm, the lengths B are 20 cm and
50 cm, respectively. The model length in the pipe axial
direction is 6 m, which is the general pipe length
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between connections.

Four depths of cover are considered in this study,
namely 30, 60, 90, and 120 cm. Subtracting the 10 cm
pavement thickness, the depths of the CLSM above the
pipe in the analysis model are 20, 50, 80, and 110 cm,
respectively. In addition, the CLSM is only used as the
backfill in the trench, and the surrounding soil is still
the support of the trench. Therefore, the surrounding
soil is also considered in the analysis model.

As for the soil width, based on the pile foundation
design, the interval of piles should be twice the pile
diameter to avoid pile group effects. When possible,
the interval should be larger than three times the pile
diameter. In terms of the soil depth, according to the
theory of bearing capacity of foundation, failure
usually occurs at a depth of 1-1.5 times the foundation

width.

<

Figure 1. Analysis model dimensions for DIP ®2600

Given the above-mentioned effecting range, the
soil dimensions of this study are defined as three times
the trench width on both sides of the trench as well as
the depth below the trench bottom. Taking the DIP
with a diameter of 200 mm as an example, the trench
width is 50 cm, and therefore, the soil width is 150 cm
on each side, and the soil depth is 150 cm measuring
from the bottom of the trench.

Figure 1 shows the model dimensions for the DIP
with a diameter of 2600 mm (DIP ®2600) and the
depth of cover of 30 cm. The DIP is shown in blue,
while the CLSM is in red and the soil is in green.

Table 1 shows the material properties used in this
study, including the density, Young’s modulus, and
Poisson ratio.

Because the surrounding soil has been considered
in this study, the boundary conditions are applied at the
soil outer edges. The contact between the DIP and the
CLSM and between the CLSM and the soil are tied
together. No sliding or collision is expected during the
analysis.

As for the loading, the DIP under vehicle load
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without water pressure inside the pipe is first analyzed,
followed by the case when water pressure is present
inside the pipe, which could reflect the effect of the
water pressure on the DIP.

The vehicle load is determined on the basis of the
AASHTO-20 recommendation of a single wheel load
as 7.3 ton with an impact factor of 1.35. Therefore, the
vehicle load used in this study is 10 ton. This load is
then applied on an area of 20 cm x 30 cm at the center
of the trench top in the form of uniform loading.

Table 1. Material properties of the analysis model

Density Young’s Poisson
(tonne/mmd) Ep\lc;(rjnur#; ratio
DIP 7.15e-9 1.6e5 0.28
CLSM 1.80e-9 8.7e2 0.25
Soil 1.80e-9 20.0 0.30

Analysis Results

This section presents the mechanical behavior of
the DIP with diameters of 100 mm and 2600 mm under
10 ton vehicle load. Results of the four different depths
of cover, namely 30, 60, 90, and 120 cm, are
summarized in Tables 2, 3, 4, and 5, respectively for
DIP @100, and in Tables 6, 7, 8, and 9, respectively for
DIP ©2600.

The maximum von Mises stress, axial stress, and
hoop stress of the DIP are summarized along with their
locations. The cases with vehicle load only and with
both vehicle and water pressure inside the DIP are both
presented in these tables.

The results show that the maximum von Mises,
axial, and hoop stresses for DIP ®100 occur at the pipe
bottom despite the depth of cover. As for the DIP
®2600, the maximum von Mises, axial, and hoop
stresses occur at the pipe top right underneath the
vehicle load for the depths of cover of 30 cm and 60
cm, and occur at the pipe bottom for the depths of
cover of 90 cm and 120 cm.

With only vehicle load, DIP ®100 showed
decreased stress when the depth of cover was
increased. As for DIP 2600, stress was less sensitive
to the depth of cover when such was higher than 50 cm.
This phenomenon is assumed to be related to the stress
distribution and loading area.

When the pipe underwent vehicle load and water
pressure, DIP ®100 was not sensitive to water pressure.
The stresses did not increase considerably. The trend



was still the same as that without water pressure, i.e.,
the stress reduced with the increase of the depth of
cover.

However, DIP ®2600 showed significantly
different behavior from that of DIP ®100. The stresses

it is a square root of the sum of stress values squared.)

Table 5. Maximum stresses of DIP ®100 with a depth
of cover of 120 cm (MPa)

were notably higher with the presence of water DIP von Mises .
pressure. For DIP ©2600, water pressure seemed to be Stress DIP Axial Stress| DIP Hoop Stress
more critical than the vehicle load.
. . Without| With |Without| With |Without| With
Table 2. Maximum stresses of DIP ©100 with a depth water | water | water | water | water | water
of cover of 30 cm (MPa)
17.90 | 21.00 | 1594 | 20.12 | 0.31 | 15.32
DIP von Mises . (Pipe | (Pipe | (Pipe | (Pipe | (Pipe | (Pipe
Stress DIP Axial Stress| DIP Hoop Stress bottom) | bottom) | bottom) | bottom) | bottom) | bottom)
Without| With |Without| With |Without| With (Note: positive stress = tension; negative stress =
water | water | water | water | water | water compression; von Mises stress is always positive since
it is a square root of the sum of stress values squared.)
91.90 | 84.60 | 76.02 | 80.20 | 4.90 | 19.92
(Pipe | (Pipe | (Pipe | (Pipe | (Pipe | (Pipe . .
bottom) | bottom) | bottom) | bottom) [ bottom) | bottom) Table 6. Maximum stresses of DIP ®2600 with a
depth of cover of 30 cm (MPa)

(Note: positive stress = tension; negative stress = )
compression; von Mises stress is always positive since DIP von Mises | 5 o Ayial Stress| DIP Hoop Stress
it is a square root of the sum of stress values squared.) Stress
. . Without| With [Without| With |Without| With
Table 3. Maximum stresses of DIP ©100 with a depth water | water | water | water | water | water
of cover of 60 cm (MPa)
20.60 | 60.80 | -2.10 | 13.48 | 7.27 | 56.01
DIP von Mises ! (Loading|(Loading|(Loading|(Loading|(Loading|(Loading
Stress DIP Axial Stress|DIP Hoop Stress point) | point) | point) | point) | point) | point)
Without| With [Without| With [Without| With (Note: positive stress = tension; negative stress =
water | water | water | water | water | water compression; von Mises stress is always positive since
it is a square root of the sum of stress values squared.)
42.00 | 39.00 | 38.06 | 42.24 | 1.02 | 16.03
(Pipe | (Pipe | (Pipe | (Pipe | (Pipe | (Pipe . .
bottom) | bottom) |bottom) | bottom) | bottom) | bottom) Table 7. Maximum stresses of DIP ®2600 with a
depth of cover of 60 cm (MPa)

(Note: positive stress = tension; negative stress = _
compression; von Mises stress is always positive since DIP von Mises | 5 o Ayiot stress| DIP Hoop Stress
it is a square root of the sum of stress values squared.) Stress
. . Without| With (Without| With |Without| With
Table 4. Maximum stresses of DIP ©100 with a depth water | water | water | water | water | water
of cover of 90 cm (MPa)
530 | 58.90 | -0.48 | 1451 | -0.81 | 56.71
DIP von Mises . (Loading|(Loading|(Loading|(Loading|(Loading|(Loading
Stress DIP Axial Stress|DIP Hoop Stress point) | point) | point) | point) | point) | point)
Without| With [Without| With |Without| With (Note: positive stress = tension; negative stress =
water | water | water | water | water | water compression; von Mises stress is always positive since
it is a square root of the sum of stress values squared.)
26.00 | 26.50 | 23.76 | 27.94 | 0.46 | 15.47
(Pipe | (Pipe | (Pipe | (Pipe | (Pipe | (Pipe
bottom) | bottom) | bottom) | bottom) |bottom) | bottom)

(Note: positive stress = tension; negative stress

compression; von Mises stress is always positive since
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Table 8. Maximum stresses of DIP ©2600 with a
depth of cover of 90 cm (MPa)

DIPvon Mises | i 5 Ayial Stress|DIP Hoop Stress
Stress
Without| With |Without| With [Without| With
water | water | water | water | water | water
137 | 51.13 | -0.19 | 14.75 | -0.25 | 56.88
(Loading|(Loading|(Loading |(Loading|(Loading|(Loading
point) | point) | point) | point) | point) | point)
6.00 | 60.50 | -0.47 | 15.72 | -1.89 | 62.75
(Pipe | (Pipe | (Pipe | (Pipe | (Pipe | (Pipe
bottom) | bottom) | bottom) | bottom) | bottom) | bottom)

(Note: positive stress = tension; negative stress =
compression; von Mises stress is always positive since
it is a square root of the sum of stress values squared.)

Table 9. Maximum stresses of DIP ©2600 with a
depth of cover of 120 cm (MPa)

DIPvon Mises | i 5 Ayial Stress|DIP Hoop Stress
Stress
Without| With [Without| With |Without| With
water | water | water | water | water | water
0.70 | 51.20 | -0.14 | 14.86 | -0.28 | 56.99
(Loading|(Loading|(Loading|(Loading|(Loading|(Loading
point) | point) | point) | point) | point) | point)
6.80 | 61.60 | -0.54 | 15.77 | -2.07 | 62.69
(Pipe | (Pipe | (Pipe | (Pipe | (Pipe | (Pipe
bottom) |bottom) | bottom) | bottom) | bottom) | bottom)

(Note: positive stress = tension; negative stress =
compression; von Mises stress is always positive since
it is a square root of the sum of stress values squared.)

Conclusions

In this study, the DIPs of the minimum and
maximum diameters usually used, i.e., DIP ®100 and
DIP ©2600, were analyzed for their behavior under
vehicle load. The DIP was located in a trench with four
different depths of cover using the CLSM as the
backfill. The surrounding soil is also taken into
consideration in the analysis, as well as the water
pressure in the pipes.

The results show that DIPs of four different
depths of cover with and without water pressure all
met the safety factor requirement of 2.

With only vehicle load, DIP ®100 showed
decreased stress when the depth of cover was
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increased. On the other hand, stress of DIP ©2600 was
less sensitive to the depth of cover when such was
higher than 50 cm. This phenomenon is assumed to be
related to the stress distribution and loading area.

When the pipe underwent vehicle load and water
pressure, DIP ®100 was not sensitive to water pressure.
The stresses did not increase considerably. The trend
was still the same as that without water pressure, i.e.,
the stress reduced with the increase of the depth of
cover.

However, DIP ®2600 showed significantly
different behavior from that of DIP ®100. The stresses
were notably higher with the presence of water
pressure. For DIP ©2600, water pressure seemed to be
more critical than the vehicle load.

Under four different depths of cover and different
loading conditions, with and without water pressure,
the maximum stresses for DIP ®100 and DIP ®2600
were only 91.90 and 62.76 MPa, respectively. These
are less than half of the yield stress of 210 MPa. The
safety factor of 2.0 was satisfied.
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Seismic Damage Assessment of Large Water Treatment Plants

In a Near-Fault Scenario
Gee-Yu Liu?!
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Abstract

The objective of this study is to assess the damage to large water treatment plants in a near-
fault earthquake scenario. The Feng-Yuan First and Second Water Treatment Plants were selected
as subjects as they were the only plants located in the near-fault area that suffered substantial
damage in the 1999 Chi-Chi Taiwan earthquake. The actual and simulated ground shaking and
failure at the two plants have been either specified or computed. The actual and simulated damage
states of their critical components have also been determined based on documents and
photographs and on fragility models, respectively. The damage states of the two plants themselves
were simulated through systems analysis and were compared with the actual damage states. It
was found that the method employed in this study provided the best damage estimation. However,
the “actual hazards” data needed for simulation would be unavailable unless an earthquake has
taken place. As a result, an improved near-fault ground failure prediction model is needed to better
predict ground failure due to fault rupture.

Keywords: lifeline systems, near-fault, seismic damage, water treatment plant, 1999 Chi-Chi

Taiwan earthquake

Introduction

Earthquake hazards in near-fault regions involve
complicated and unpredictable ground failure due to
fault rupturing and have dire effects on critical
infrastructure. Large water treatment plants, electric
power substations and switchyards play a pivotal role
in the serviceability of lifeline systems. They usually
occupy a wide area with many critical and distributed
components. Once they experience earthquake
hazards, the damage can be tremendous and very
complicated. It is an oversimplification to assess these
merely as pointwise entities. Instead, it is more
appropriate to assess such facilities based on a
component-to-system approach, which is the
investigatory approach introduced here.

In this study, the Feng-Yuan First and Second
Water Treatment Plants (FY1 and FY2) were analyzed.
They are both very large and were substantially
damaged in the 1999 Chi-Chi, Taiwan earthquake. In
fact, they are the only water treatment plants to sustain
substantial damage in recent earthquake events in
Taiwan. It is fortunate that documents and photographs
of their damage are still available, albeit in very

limited numbers, and can be employed to approximate
what actually happened not only to the two plants as a
whole but also to their components individually.

Earthquake Experiences of the Feng-Yuan
Water Treatment Plants

As depicted in Figure 1, FY1 and FY2 are located
in the vicinity of the Chelungpu fault. FY1 in
particular experienced fault rupturing at its north-
western corner. In the Chi-Chi earthquake, many of the
component water basins and tanks of these plants
suffered damage, which resulted in failure of the two
plants and a severe water outage in Taichung City
following the earthquake. FY1 became inoperable due
to collapse of its clear water tanks and critical water
pipelines, which took years to restore. FY2 was
operable, but at a reduced capacity and with poor
quality water output. With this damage and reduction
in functionality, the damage states of FY1 and FY2
following the earthquake can be classified as extensive
(but almost complete) and moderate, respectively (&
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The inventory and damage data of FY1 and FY2,
including the associated documents and photographs,
were collected and examined in this study. In the case
of FY1, whose layout is depicted in Figure 2, the
critical components consisted of raw water intake
stations, flocculation basins, sedimentation basins,
rapid sand filters, and clear water tanks. All of these
were reinforced concrete water-containing structures,
and the classification of their damage states can be
carefully determined according to the definitions
given in Table 1, which follows the methodology of
HAZUS (FEMA, 2010). Their damage states were
carefully classified as well. For example, the

sedimentation basin of the first water treatment unit
(Figure 3) and the 15,000-ton clear water tank (Figure
4), both at FY1, were extensively and completely
damaged, respectively.

Figure 1. Chelungpu fault traces around FY1 and
FY2 water treatment plants
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Figure 2. The layout of FY1, depicting its critical
components for water treatment

Table. 1. Classification of damage states and
definitions for reinforced concrete water
basin/tank structures

Damage state Definition
None No damage
Sliaht Minor cracks in structural elements, no loss
9 of contents or functionality
Moderate cracks in structural elements, minor
Moderate

loss of contents or functionality
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Extensive Severe structural damage, out of service
Complete Collapse of structure, loss of all content or
P functionality

Figure 3. Damage to one of the three
sedimentation basins of FY1 during the Chi-Chi
earthquake

Figure 4. Damage to one of the two clear water
tanks of FY1 during the Chi-Chi earthquake

Hazard

We first considered the actual hazards that
occurred at FY1 and FY2 due to the Chi-Chi
earthquake. Concerning ground failure, the field
reconnaissance report by the Central Geological
Survey indicated that ground displacements of 3.5 m
vertically and 5.0 m horizontally were observed at the
site directly next to the two collapsed clear water tanks
of FY1 (Jg/A3R e & = B34 4 %7 » 1999). Otherwise,
our observations indicate that the rest of the
components of FY1 and the entirety of FY2 suffered
minor or no ground displacement. Consequently, the
two clear water tanks of FY1 were assumed to sustain
permanent ground deformation (PGD) of 5 m, and the
rest of the water basins and tanks of FY1 and FY2
were all assumed to sustain a PGD of 40 cm. The peak
ground acceleration (PGA) in the neighborhood of
FY1 and FY2 was found to be 354.7 gals according to
the interpolation of observed data from the strong



motion stations of the Central Weather Bureau.

The simulated hazards at FY1 and FY2 can be
achieved via the Taiwan Earthquake Loss Estimation
System (TELES), given the adequate seismic source
parameters reflecting the Chi-Chi earthquake. As a
result, the simulated PGA is 593 gals, and the PGD
caused by the fault rupture is 72.27 cm. The hazard of
soil liquefaction can be ignored.

Fragility

Recently, the National Center for Research on
Earthquake Engineering (NCREE) developed the
software “Twater” for scenario-based seismic
assessment of water supply systems. Twater is a sub-
system of the TELES software. The damage to the
water pipelines and facilities of a system can be
simulated using the adequate fragility models
proposed in Twater. These facilities include water
treatment plants and basin and tank structures (5 /#<3%
k1% > 2019). Although both are spatially assumed
to be point objects for analysis, a water treatment plant
is particularly specified with an “equivalent circle”,
according to its scale, as depicted in Figure 5. The size
of the circle is used in Twater to decide how likely it
would be to encounter a fault rupture.

The fragility models can predict the probabilities
of exceeding the damage states of a facility as S
(slight), M (moderate), E (extensive), and C
(complete), given the hazard of either ground shaking
or ground failure to which the facility is exposed. The
parameters defining the fragility curves for ground
shaking and ground failure, which are assumed to be
of a cumulative log-normal functional form defined by
medium (M) and standard deviation (SD), are
summarized in Tables 2 and 3, respectively. The curves
for ground shaking employ PGA as the variable and a
medium M of unit g, while the curves for ground
failure employ PGD as the variable and a medium M
of unit cm.

Equivalent size !
of the facility

AN

Figure 5. The spatial relationship between a water
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supply facility and a fault trace considered in
Twater

Table. 2. The parameters defining the fragility
curves of a water treatment plant (WTP) and
various basin/tank structures (BTS) in this study
due to ground shaking

Slight Moderate Extensive Complete

M SD M SD M SD M SD

WTP | 0.432 | 0.55 | 0.576 | 0.50 | 0.720 | 0.45 | 1.080 | 0.40

BTS1 | 0.552 | 0.55 | 0.736 | 0.50 | 0.920 | 0.45 | 1.380 | 0.40

BTS2 | 0.504 | 0.55 | 0.672 | 0.50 | 0.840 | 0.45 | 1.260 | 0.40

BTS3 | 0.456 | 0.55 | 0.608 | 0.50 | 0.760 | 0.45 | 1.140 | 0.40

Table. 3. The parameters defining the fragility
curves of a water treatment plant (WTP) and
various basin/tank structures (BTS) in this study
due to ground failure

Slight Moderate Extensive Complete

M SD M SD M SD M SD
WTP 22 | 060 | 308 |050| 44 |045| 66 | 0.45
BTS1 | 44 | 060 | 616 |050| 88 | 0.45| 132 | 0.45
BTS2 37 | 060|518 [050| 74 |045| 111 | 0.45
BTS3 | 24 | 060 | 336 |050| 48 |045| 72 | 045

Analysis Method

In this study, the damage state of each basin or
tank structure in FY1 and FY2 was simulated using the
actual and simulated hazards at these two plants. The
results were further employed to compute the
simulated damage states of the two plants. In this
computation, only the critical components of a water
treatment plant were included in the analysis. FY1 for
example, which was constructed and extended in three
phases, consists of three independent water treatment
units in a parallel connection. Each unit consists of
three  components, a flocculation basin, a
sedimentation basin, and a set of rapid sand filters, in
series connection. The treated water from each unit is
fed into either of the two clear water tanks, which are
connected in parallel, and is then ready for
transmission to the downtown areas. Components such
as waste water basins, sludge thickening tanks, and
sludge drying beds are not essential to the water
treatment process and do not have to be included in
analysis. Accordingly, the logic diagrams showing the
water treatment processes of FY1 and FY2, together
with the critical components involved, can be plotted
as in Figures 6 and 7. As a result, a systems analysis
was performed to determine the damage states of FY1




and FY2 from the damage state of their critical
components, which were assessed via the fragility
model.

Flocculation  Sedimentation  Rapid sand
basin basin filters

— 1 - st | rsr | Clear water

(Water treatment unit 1) tank

Raw water

intake station _ Flocculation ~ Sedimentation ~ Rapid sand
(Rapid mixing basin) basin basin filters

[rwis — re2 | s;2 | rsr2 |

(Water treatment unit 2)

Clear water
tank

Flocculation  Sedimentation  Rapid sand
basin basin filters

{ res | sss | rsrs |

(Water treatment unit 3)

Figure 6. Logic diagram of FY1
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Raw water
intake station
(Rapid mixing basin)

Clear water
tank

Flocculation  Sedimentation ~ Rapid sand
basin basin filters
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(Water treatment unit 2)

Figure 7. Logic diagram of FY2

Comparison between Actual Damage and
Assessed Result

Various damage results are summarized in Table
4 for comparison. They are:

(1) The actual damage states of FY1 and FY2 and
their critical components;

(2) The assessed damage states of FY1 and FY2 using
the Twater fragility model and simulated hazards;

(3) The assessed damage states of FY1 and FY2 using
the Twater fragility model and actual hazards;

(4) The assessed damage states of all critical
components using the Twater fragility model and
actual hazards and the damage states of FY1 and
FY2 determined through a component-to-system
approach used in this study.

Table. 4. Damage states of FY1 and FY2 and their
critical components using the four methods

Q1@ |®

Fy1 E/C E C Cc
Critical components of FY1 M~C - - M~C
FY2 M E M M

Critical components of FY2 M - - M

It appears that Twater is able to provide
reasonable, if not ideal, estimations of the damage
sustained by FY1 and FY2. The method employed in
this study provided the best damage estimation,
including that of the critical components. However, the
limitation was that the “actual hazards” data would not
be available unless the earthquake took place.

Conclusions

In this study, the systems analysis method has
been applied to large water treatment plants to assess
their damage in a near-fault earthquake scenario. It
was found that this method, a bottom-up approach
covering all critical components organized in a logic
diagram representing the actual water treatment
process, provided the best damage estimation if the
“actual hazards” are available. However, ground
failure in a near-fault area following earthquakes is, so
far, unpredictable, meaning that a precise distribution
of permanent ground displacement over a very large
water treatment plant cannot be prescribed, unless an
earthquake actually occurs. An improved model for
prediction of ground failure in near-fault areas due to
fault rupture still needs to be developed.

References

FEMA (Federal Emergency Management Agency)
(2010). Multi-Hazard Loss Estimation Method-
ology: Earthquake Model, Hazus-MH MRS,
Department of Homeland Security, US.

SR koK@ (2000)0 4 - - BBEARP koK
Bir(RE)eqd o oF o

AR LB A A (1999) 0 4 2 — 8 BH
DAEEL S S

EAIURAIE (2019) A Bk KK RN E R
FERLF ] FIHL 4 %% MOEA-
WRA-1080314 > 7 #* o

ot (002) 4 - BEAET BT EKSS

FdZ o BT BRI EHY B oo



Establishment of a Smart Building Management System

Ren-Zuo Wang! and Chih-Shian Chen?
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Abstract

Many smart building management systems have been developed in Taiwan, but they have
limited expansion capability, and the real building appearance cannot be accurately displayed.
Therefore, the National Center for Research on Earthquake Engineering developed a new smart
building management system that can import different types of 3D objects. This system also uses
the TWD97 coordinate reference system, which can immediately integrate GPS coordinates of
outdoor hardware devices. Sensors installed in a building can transmit real-time electricity
consumption data to the system, and the monthly electricity bill can be calculated using the
information provided by the Taiwan Power Company. In this way users can clearly understand

the electricity usage of each room.

Keywords: Smart building management system, real-time monitoring, power usage information

Introduction

Most smart building management systems in
Taiwan have been developed using commercial
software, and so they are often limited by their
software functionality and ability to expand. In
addition, only simple color systems are used and it is

not easy for them to display real construction materials.

Building information modelling (BIM) models only
use indoor local Cartesian coordinate systems, which
are difficult to integrate with geodetic coordinate
systems.

The smart building management system
examined in this study has a better expansion
capability that can import different types of data.
Moreover, the system uses real world TWD97
coordinate information, which can immediately
integrate the GPS coordinates of outdoor hardware
devices. The advantage of a single 3D GIS graphic
console is that it can visually display all management
data, which is different from traditional web pages that
display information across multiple pages. The system
also adopts technology developed by the National
Center for Research on Earthquake Engineering
(NCREE) that can help to avoid maintenance issues
caused by expansion of the system functions.
Therefore, this system can operate continuously and
can be upgraded through innovative research and

technology from the NCREE year by year.

The Smart Building Management System

Using the technology developed by the NCREE,
sensors in the Taiwan Car Lab, in an outdoor
environment, and in the Information Security and
Smart Technology R&D Building were all
incorporated into a smart building management
system. This structure is shown in Figure 1. The
positions of the equipment corresponding to the
information points are marked in the BIM model so
that the system can be used to achieve daily

maintenance with visual management, reduce
maintenance costs, and increase maintenance
management speed.

NESREL
AL L

s EE Rl

Figure 1. Architecture of the smart building
management system
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This system collects and counts data from various
environmental sensors located in the Information
Security and Smart Technology R&D Building, builds
models of various equipment and sensors in the
building, and edits the BIM model of the
electromechanical and pipeline structures, as shown in
Figure 2.

Figure 2. Information Security and Smart Technology
R&D Building-BIM model

System Functions of the Smart Building
Management System

The BIM model was modified according to an as-
built drawing of the building, including the various
main systems: power system, fire system, air
conditioning system, illumination system, monitoring
system, renewable energy system, charging pile
system, etc. In addition, the sensor specification files
and appearance pictures were organized. An
equipment model was drawn of the real size and
appearance as each real sensor and integrated into the
building model to more accurately map the real world.

In order to allow managers to control the spatial
location data of the sensors and equipment, the
NCREE team integrated equipment models with 10T
real-time monitoring data and integrated them into a
high-efficiency visual 3D GIS map. This enabled the
smart building maintenance system to identify
abnormal signals from the equipment in the building
and improved maintenance speed and management
convenience. At present, the solar energy system,
charging pile system, monitoring system, illumination
system, power system, and environmental monitoring
system of the Smart Technology R&D Building have
been connected. The interface information is described
as follows:

1. Solar system (Figure 3): (1) Power generation
information: (A) Total real work; (B) Total virtual
work; (C) Gross generation; (D) State of solar panels;
(2) Power inverter information of solar energy: (A)
State; (B) Work; (C) \oltage; (D) Current; (E)
Frequency (F) Cumulative power generation; (G)
Updating time.
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(c) Solar system real work information

(d) Solar system cumulative power generation
information
Figure 3. Solar system

2. Charging pile system (Figure 4): (1) State; (2)
\oltage; (3) Current; (4) Work; (5) Start time for
charging; (6) End time for charging; (7) Cumulative
charge; (8) Admission time; (9) Departure time; (10)
Updating time.
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Figure 4. Charging pile system

3. Monitoring system (Figure 5): (1) Monitoring
screen; (2) Updating time.

(d) Lighting equipment panel information

Figure 6. lllumination system
Figure 5. Monitoring system-1F

4. lllumination system (Figure 6): (1) Electric circuit 5. Electric power system (Figure 7): (1) Cumulative
information; (2) Control loop information; (3) Room  Power information; (2) Power statistical analysis
information. graphs.
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(b) Illumination system electric circuit L-2FAB (b) Cumulative power information based on category
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(c) Cumulative power information-1F
Figure 7. Electrical power system

6. Environmental monitoring system (Figure 8): (1)
Micro weather station: (A) Air temperature; (B)
Relative humidity; (C) Air pressure; (D) Wind speed;
(E) Wind direction; (F) Precipitation; (G) Radiation
value; (H) Updating time; (2) Air quality billboard: (A)
CO; concentration; (B) Temperature; (C) Humidity;
(D) Particulate matter concentration; (E) Updating
time.

(a) Micro weather station panel information

|
U BRRHEIR

(b) Air quality billboard information

Figure 8. Environmental monitoring system

Integration of the BIM, Rental Space, and
Electricity Billing

The platform is divided into an illumination
system, socket system, emergency power supply
system, light current system, and an air conditioning
system based on the type of electricity consumption.
The building space is divided into three types: (1)
public space (space that everyone can use, such as
toilets or computer rooms); (2) rental space; and (3)
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non-rental space (space used by the management unit).
The Taiwan Power Company sends electricity from a
high voltage electrical panel to a low voltage electrical
panel and equipment. Based on this hierarchical
relationship, the electricity consumption corresponds
to the space where different circuits are located. Five
types of electricity consumption, namely the
illumination system, socket system, emergency power
supply system, light-current system, and the air
conditioning system are distributed to different users
in both public space and non-public space. The color
floor plan of the second floor is shown in Figure 9.

The electricity consumption of each space is
obtained through the method outlined above. The
contracted capacity of the Smart Technology R&D
Building is 1280 kW. The electricity price table of the
Taiwan Power Company is divided into a basic charge
or energy charge, summer or non-summer months, and
peak or off-peak times, etc., and it is used to calculate
the electricity pricing of each space. The integration
diagram of the BIM, rental space, and electricity
pricing is shown in Figure 10.
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Figure 10. Integration diagram of the BIM, rental
space, and electricity pricing

Conclusions

This research developed a smart building
management system. This system relies on sensors
installed in a building that transmit data to it, by which
it can update electricity consumption in real-time and
calculate electricity pricing per month. As a result,
users can clearly know the electricity consumption of
each room.



Multi-Degree-of-Freedom Force-Displacement Mixed Control

Analysis for a Structure under Multi-axial Loading
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Abstract

To mimic the complex behavior of a structure subjected to multi-axial loading, a method
for the multi-degree-of-freedom (MDOF) force—displacement mixed control analysis is
proposed by the researchers of the Taiwan National Center for Research on Earthquake
Engineering (NCREE). Conceptually, the MDOF force—displacement mixed control analysis
of a structure can be analyzed with the solutions for constraint problems in the finite-element
method. However, this is difficult to implement in an existing structural analysis program.
Thus, NCREE researchers propose a novel method that can offer a convenient and fast
solution by using the existing elements. In the proposed method, a substitute model with
artificial supports is intentionally added for solving the constraint problem with the penalty
function. In particular, the existing zero-length element, SixDJoint element in PISA3D, is
utilized to represent the substitute model. Thus, the MDOF force-displacement mixed
control analysis can be conducted by using the existing element. The effectiveness of the
proposed method is demonstrated via the simulation of the steel panel damper substructure
of the hybrid simulation in 2019.

Keywords: MDOF displacement control analysis, hybrid simulation, online model updating,

steel panel damper

Introduction

In a hybrid simulation (HS), the target structure can
be divided into components whose behavior can be
modelled numerically with confidence and those that
should be tested physically. Therefore, the target
structure under investigation can be partitioned into
multiple substructures. These substructures can be
divided into two categories including the numerical
substructure (NS) and the physical substructure (PS).
Hybrid simulations allow the numerical and physical
substructures to be integrated such that the interactions
between them can be considered in the evaluation of
seismic performance. As a result, hybrid simulations
can provide a cost-effective alternative to the shaking
table test for investigating large-scale target structures.

Recently, the researchers of Taiwan’s National
Center for Research on Earthquake Engineering
(NCREE) (Chuang et al., 2018; Wang et al., 2019)
developed online model updating (OMU) to advance

such hybrid simulations (Figs. 1 and 2). While the
OMU is conducted, parameter identification for model
updating can be resolved with an auxiliary numerical
model (ANM). For an ANM, it is crucial to mimic the
complex behavior of a specimen (PS) subjected to
uniaxial or multi-axial loading in an advanced hybrid
simulation. However, difficulties arise due to the lack
of a convenient method for the multi-degree-of-
freedom (MDOF) force—displacement mixed control
analysis. To address this challenge, NCREE
researchers propose a novel method using the existing
elements in this study. The effectiveness of the
proposed method was verified via the simulation of a
steel panel damper (SPD) (Tsai et al., 2018)
substructure in the hybrid simulation conducted in 2019

(Fig. 2).
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3 Professor, Department of Civil Engineering, National Taiwan University
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Fig. 2. Hybrid Simulation with an SPD substructure
in 2019

Advanced Hybrid Simulations of a Six-
Story SPD-MRF

An SPD (Fig. 3) is an energy dissipation device that
promotes the shear yielding mechanism of a steel wide-
flange section to dissipate the earthquake-induced input
energy.
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Fig 3. Schematics and stiffener locations of the
SPDs in a moment-resisting frame

To experimentally investigate the performance of
an SPD and a moment-resisting frame (MRF) equipped
with SPDs during seismic events, NCREE researchers
conducted a series of hybrid simulations performed on
an SPD specimen. In the hybrid simulation (Fig. 2), a
2.8-m-tall SPD specimen made of low-yield-strength
steel was tested using the reaction wall and strong floor
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with actuators at the NCREE. The SPD specimen
remained at zero axial (or vertical) load while it was
subjected to the loads for displacement controls for the
in-plane translational and rotational degrees of freedom.
With OMU technologies, the researchers utilized the
SPD specimen as a PS to conduct the six-story SPD-
MRF hybrid simulation that was performed in 2019

(Fig. 2).

MDOF Force-Displacement Mixed

Control Analysis Method

To mimic the complex behavior of a structure
subjected to multi-axial loading, a simulation method
for the MDOF force—displacement mixed control
analysis was proposed in this study. Conceptually, the
MDOF force—displacement mixed control analysis of
a structure can be analyzed with the solutions for
problems of constraint on movement in the finite-
element method. However, this is difficult to
implement in an existing structural analysis program.
Thus, NCREE researchers proposed a novel method
(Chuang et al., 2021) that can offer a convenient and
fast solution by using the existing elements. In the
proposed method (Fig. 4), the target model is
constructed to represent the simulated structure.
Subsequently, the substitute model with artificial
supports is constructed and located on the identical
node of the target model according to the controlled
degrees of freedom (DOFs). In general, an artificial
support comprises a boundary node and one or more
fictitious springs. The fictitious springs with relatively
large stiffness are set according to the controlled
degree of freedom such as u, and 6 (Fig. 4). The
substitute model is intentionally added for solving the
constraint problem relating to MDOF displacement
with the penalty function. As shown in Fig. 4, the
combined model comprises the target model and the
substitute model. Both the target and substitute
models work in parallel to conduct the MDOF force—
displacement mixed control analysis of the combined
model.

Obviously, the structural responses of the
combined model are dominated by the linear elastic
substitute model. In other words, to achieve the
desired displacements, the required external loads can
be straightforwardly determined (or estimated) from
the specified stiffness of the artificial supports. Thus,
the MDOF force—displacement mixed control analysis
of the target model can be conducted by imposing the
estimated external loads on the combined model.
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Fig. 4. Schematics of the proposed method for the
MDOF force—displacement mixed control analysis

Verification

The measured experimental data (i.e., the
histories of displacement and rotation of the SPD top
end) of the SPD specimen obtained from the 2019
SPD-MRF hybrid simulation are used to verify the
effectiveness of the proposed method.

Based on the proposed MDOF force—displacement
mixed control analysis method, the three-segment SPD,
which comprises one inelastic core and two elastic
joints, is represented using three beam-column
elements as the target model. The two-surface plasticity
model (Dafalias and Popov, 1975) that combines
isotropic and kinematic hardening effects is the
constitutive model adopted for the beam-column
element used for the IC segment. Fortunately, PISA3D
(Lin et al., 2009), the nonlinear structural analysis
program developed by the NCREE researchers,
provides both the beam—column element and the two-
surface model, which is called the hardening material
model in PISA3D. Hence, PISA3D is used to construct
the target model.

Moreover, the zero-length element, which is called
SixDJoint element in PISA3D, is utilized to represent
the substitute model with artificial supports. Moreover,
two fictitious springs of artificial supports with
relatively large stiffness are specified for the in-plane
translational and rotational degrees of freedom,
respectively. With the proposed method, the loading
histories of the combined model were determined from
the specified stiffness of the fictitious springs of the
substitute model according to the measured and desired
displacement histories for the in-plane translational and
rotational degrees of freedom. Figures 5 and 6 compare
the experimental results with the target model
hysteresis, obtained using parameter values that are
previously identified from the test results. Figures 5 and
6 show that the responses of the target model and the
SPD are in good agreement.

Figures 7 and 8 present the variation of errors for

the in-plane translation and in-plane rotation of the top
the SPD specimen, respectively. It is evident that at
any time instance, the errors are very small. Thus, the
effectiveness of the proposed method can be verified.
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Conclusions

With the proposed method, the MDOF force—
displacement mixed control analysis for the SPD
specimen that exhibits the complex nonlinear
behavior can be conducted. Through OMU with the
proposed method, a high-fidelity ANM for OMU
could be constructed during hybrid simulations.
Furthermore, the proposed method could allow
MDOF force—displacement mixed control analyses be
conducted by using not only PISA3D but also other
commonly used analysis programs such as OpenSees,
SAP2000, and ETABS.
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Abstract

Taiwan’s mountainous areas feature steep terrain and broken geological environment. With
the invasion of typhoons or heavy rain events, slope disasters such as landslide and debris flow
can occur frequently. As a result, how to effectively apply multiple spatial data to predict landslide
has become a forward-looking topic for current disaster management. The development of remote
sensing detection technology, such as satellite spectral images and interferometric synthetic
aperture radar (INSAR) collected in a fixed period is able to help obtain information on earth
surface properties and geometric changes. Through the spatial analysis of the slop units, this
research quantifies a total of 14 spatio-temporal factors. The correlation analysis is employed to
detect factors that significantly cause landslides, and then artificial intelligence machine learning
is used to construct a landslide prediction model. Finally, the confusion matrix verifies the
prediction results and evaluates the quality. The research shows that the landslide prediction is
better than 80% correct and points out the spatio-temporal factors that affect the slope unit
collapse in the survey area. This result also suggests clearer conservation sites and potential
assessment for land conservation. The overall study will be effectively used as the application for
project site selection, slope protection, and disaster prevention management.

Keywords: landslide prediction; machine learning; the displacement gradient of InSAR;

correlation analysis; spatio-temporal factors

Introduction

High rainfall intensity usually causes serious
landslide events in mountainous areas. It is necessary
to predict landslide occurrence and behavior and adopt
appropriate prevention policies and methods in order
to improve disaster relief effectiveness and reduce
casualties and property loss during and after disasters.
Landslide prediction aims to predict the possibility of
the occurrence of landslides in a specific area using the
available data, which include conditional factors and
historical landslides. These data are collected from
landslide inventories and static instruments.

In recent years, remote sensing technology has
effectively identified large-scale landslide-sensitive
areas and generated landslide inventories, which are
crucial for predicting landslides before they occur or
recur, especially in remote or inaccessible areas.
Compared with optical sensors, synthetic aperture
radar (SAR) sensors use longer wavelength
microwaves. Having all-weather and all-day

operational capability, SAR sensors can penetrate
cloud cover and reduce the limitations imposed by the
atmosphere to remotely evaluate the accurate range
and severity of landslide disasters in almost real time.
Although some particular meteorological situations,
such as thick rain cells, may disturb the backscattering
coefficient, SAR remains more powerful than optical
sensors for long-term landslide observation. SAR
sensors also provide high spatial resolution and can
clearly observe target objects in full-time and in almost
all weather conditions. Long-term interferometric
SAR (InSAR) observations are calculated as the
deformation-induced phase shift through the
backscattered microwave signal between several
coherent acquisitions. The landslide behavior of time-
series information, which depends on millimeter
measurement accuracy and meter spatial resolution, is
obtained under most atmospheric conditions.
Nowadays, SAR technology is widely used in
morphological monitoring [1].

Recently, machine learning and data mining
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techniques have been applied to landslide
susceptibility modeling. These methods incorporate
different factors that might cause landslides in order to
evaluate the probability of a landslide occurrence.
Machine learning algorithms enrich the quality and
accuracy of the generated susceptibility maps. Re-
searchers use and compare various machine learning
models on the basis of different data and integrate
different machine learning models to improve
accuracy. In the field of civil engineering, the
combination of artificial intelligence technology and
spatial data has considerable benefits for
environmental monitoring [2]. At the same time, it
assists people in making decisions and judgments,
such as in the safety assessment of structures [3], river
flooding levels [4], and landslide warnings [5]. The
method proposed in this study is to combine spatial-
temporal data, including INSAR observables, as a
landslide susceptibility factor with other traditional
geological and land cover factors into a model that can
improve the accuracy of landslide prediction.

Segmentation of Slope Units

This study used the slope unit as the basis of
analysis to show the topographic characteristics of
each slope. These slope units served as a framework
for the subsequent geographical interpretation of the
environmental spatial factors. The method of slope
unit segmentation refers to the catchment overlap
concept proposed by Xie et al. [6], as shown in Figure
1. First, the water catchment area in a digital elevation
model (DEM) is identified through the hydrology
module in ArcGIS software, and the water line is
converted into a ridge line by flipping the DEM, which
is divided into two slope units (left and right). When
the hydrology module identifies a small catchment
area, the default flow accumulation value is set to 500
as the threshold value for dividing the river area. Then,
the slope units are cut out, and each area becomes less
than 30 ha. With the aid of a shadow map, an aspect
map, a slope map, a river map, and a satellite
orthophotograph overlay, the overlap between each
slope unit is confirmed.

Figure 1. Schematic diagram showing division of
slope units using the overlap method for catchment
areas
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Numerical Indexing of Related Spatial
Factors and Annual Displacement Velocity
Gradient of INSAR

The spatial factors were divided into four
categories: terrain, location, geological, and driving.
The terrain category represents the geometric changes
in surface elevation and coverage distribution,
including elevation, slope, aspect, terrain roughness,
profile curvature, and vegetation index. The location
category shows the distance of influencing factors,
including roads, rivers, and geo-faults. The geological
category reflects the strength, folds, and dip slopes of
rock formations. The driving category is the rainfall
factor (Figure 2).

INSAR  technology calculates the phase
difference to estimate the displacement of the ground
through more than two periods of SAR observations.
In order to reduce the periodic or systematic noise
caused by any uncontrollable factors and to extract a
meaningful index for evaluating the ground stability,
the annual velocity gradients derived from InSAR
displacement fields were used. First, the annual
displacement information of INSAR was placed in the
range —1 to 1 by mean normalization, as shown in
Equation (1), to unify the scale and reduce the
systematic error of the In-SAR data:

7 _ Z-p @
o Zmax 'Zmin
where Z,,., is the normalized InSAR displacement

value, Z isthe annual displacement of INSAR, and u
is the average annual displacement.

The annual displacement velocity of INSAR was
obtained as the slope value in first-order linear fitting
(Equation (2)). These discrete observation points were
interpolated with a regular grid size of 20 m to present
the field of annual displacement velocity. For
highlighting the displacement positions, the field
gradient was calculated using a 3 x 3 moving window,
the same as for computing the profile curvatures. The
index calculation was expressed as in Equation (3):

@
©)

AZ =V At+dZ
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where V is the annual displacement speed of InSAR,

At is the annual observation time, and AZ is the
difference in annual displacement.
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2";‘_’” A DT algorithm assumes that the factors are
I o independent of each other, and the category
%:zﬁ probability of the DT path is defined by the factor
B 0% characteristics. This algorithm adopts a dichotomy
. method, which is similar to a double-forked tree
(h) water distance branch, to calculate the Gini coefficient value at the
P () node (Equation 4). Finally, the gain value in each path
o . R .
— is summed, and the largest accumulator is predicted to
-1 belong to a certain category, as shown in Equation 5:
] 150-200
— gini, =1—Z p? (4)

gain = z p; -gini, ®)



where P, is the probability. If the node has only one
category, P, will be 0. If the numbers of two
categories are the same, P, will be 0.5.

(2) Random forest

Random forest is a collection of multiple DTs and
adds the use of bagging. The observation data are
taken out of the number of samples and trained as n
types of classifiers. The random uncertainty of the data
is considered according to the sample difference in
each DT. Under the same weight, the classifier uses the
summed majority as the best classification tree to
predict the classification. Equation (6) represents the
probability of the c factor in the t" DT, and the
average probability value gc of the category is
obtained according to the sum of multiple DTs. Finally,
the category of the slope unit x is determined
according to the maximum g. value (Equation (7)):
P(c|v;(x)) (6)

n

> PG v ()

P(c]vi(x)) =

r @)
0.(x) =%Zl;g(c|vi (X))

where P is the probability, ¢ is the category, v is the
node, | is the number of categories, t is the number of
DTs, and g is the average probability of the ¢t
category.

(3) XGBoost

The XGBoost function is composed of two
components: the prediction error of boosting and the
complexity of DT. The feature factors are combined
and branched into a DT, and a new boost function is
learned from the previous calculation residuals. In
Equation (8), the first component calculates the error
between the prediction and actual observation, and the
other component indicates the complexity of the
regularized DT, which covers the number of nodes and
the node probability value.

f= Zin:lE(yi Vi) + Z:ﬂQ(fk)

where E is the error between the prediction and actual
observation and Q(f, ) is the complexity of the DT.

(8)

Discussion and Conclusions

This study was implemented for Putunpunas
River (Kaohsiung City, Taiwan). The experiment
collected four years of spatial data and then these data
were used to construct the 14 spatial factors through
an indexed analysis. A common timescale (year) was
established for the analysis to resolve the differences
in timescales of the various spatial factors. The spatial
factor datasets from 2007 to 2009 served as the input
for the machine learning, and the 2010 spatial factor
data were used to calculate the output of potential
evaluation.
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The machine learning algorithms used in this
research achieved accuracies of 70% to 80% in
landslide classification. Of the three algorithms, the
random forest method exhibited the best calculation,
yielding a prediction accuracy rate of 80.50% (Figure
3). The random forest method effectively performed
independent training for high-dimensional, multi-
feature factors. In addition, the random forest
algorithm  exhibited  strong  anti-interference
capabilities, such as an imbalance in the number of
classifications and missing parts of the feature data, so
it could avoid excessive parameter setting and reduce
overfitting problems.

Future research will test the slope unit area to
define the interval scale of the predicted landslide
seriousness. In addition, the error units (near the river
channel) will consider fluid movement behaviors to
solve the error prediction. Finally, the current annual
observation time scale will be refined into months or
days to further improve the prediction accuracy.
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Figure 3. Visual illustration of the landslide
prediction results
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Abstract

The National Center for Research on Earthquake Engineering has been developing the
Taiwan Earthquake Loss Evaluation System (TELES) for many years. It is necessary to explore
the applicability of the new ground-motion prediction equations in wide-area seismic damage
assessment to enhance the accuracy of estimation results. The new ground-motion prediction
equations use the moment magnitude and consider seismic source types and fault rupture
mechanisms. The ground-motion prediction equation (GMPE) Chaol9 is based on the strong-
motion records, including attributes of seismic source characteristics, various distance measures,
and local site conditions of individual records in Taiwan over the past two decades. Chao19 should
be suitable for wide-area seismic damage assessment in Taiwan. However, significant differences
exist between the ground-motion intensity estimates from different GMPEs within 10 km of fault
ruptures. In addition, Chaol9 generally underestimates the ground-motion intensity near the
rupturing fault. This systematic inconsistency is owing to the lack of strong-motion records near
the active faults of large earthquakes. Chao19 may be one of the built-in GMPEs in TELES in the
near future. Therefore, it is necessary to carefully review the critical factors that affect the ground-
motion intensity near the rupture fault area to avoid underestimating the damage and be consistent

with the historical earthquake records.

Keywords: wide-area seismic damage assessment, ground-motion prediction equation, seismic
source type, fault rupture mechanism, site condition

Background

The Taiwan Earthquake Loss Assessment System
(TELES), developed by the National Center for
Research on Earthquake Engineering, has been widely
used in disaster reduction planning and risk
management (Yeh, 2003). For example, disaster
prevention agencies are assisted in developing
regional disaster reduction and rescue plans based on
seismic disaster simulations. The real-time and
automated early seismic loss estimation information
after an earthquake can help quickly activate
emergency responses. Probabilistic seismic risk
assessment models have been proposed and the
Taiwan Residential Earthquake Insurance Fund was
assisted in developing its risk assessment model
TREIF-ERA.

When conducting seismic disaster simulations,
the predicted ground-motion intensities in each region,

including the peak ground acceleration (PGA) and the
0.3-second-period and 1.0-second-period structural
response accelerations, are used to estimate the soil
liquefaction probability and settlement, and the
structural damage state probabilities. Therefore, the
accuracy and rationality of ground-motion prediction
models plays a critical role in disaster reduction.

New Ground-Motion Prediction Equations

In 2019, the National Center for Research on
Earthquake Engineering assisted the Taiwan Power
Company in completing a high-level seismic hazard
analysis of nuclear power plants. The project collected
Taiwan’s strong-motion records from 1990 to 2016.
Each record includes attributes related to the seismic
source characteristics, the local site conditions, and the
various distance measures between the station and the
fault rupture surface. Because all features are recorded
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in asingle table, it is called a flat file of strong-motion
records. Using the flat file of strong-motion records,
Chao et al. (2019) developed a new GMPE (Chao19),
which can be applied to both crustal and subduction
earthquakes. Chiou and Lin (2019) referred to the new
GMPEs in the United States, Japan, and Europe and
integrated the above-mentioned flat file of strong-
motion records in Taiwan to establish revised GMPEs
suitable for Taiwan. There are seven revised GMPEs
for crustal earthquakes and two for subduction
earthquakes. The suffix adj is added after the original
name to show the differences. This paper only
discusses the GMPEs for crustal earthquakes, as listed
in Table 1.

Referring to Table 1, all new GMPEs consider the
seismic source parameters, the path, and the local site
effects. The new GMPESs can estimate any period of
structural response accelerations. However, individual
GMPE use different parameters.

In the source column of Table 1, all new GMPEs
adopt the definition of moment magnitude ( M, ).
Some GMPEs directly input the fault rupture
mechanism ( Fx ), which can be roughly divided into
normal, reverse, or strike-slip faults. Some GMPEs
take the rake angle of the hanging wall relative to the
footwall as the input parameter. However, it is still
converted to the corresponding fault rupture
mechanism before calculation. In addition, some

GMPEs include the focal depth (Z4, ) or the depth of
the fault rupture top ( Z,, ) to distinguish the difference

in ground-motion intensity caused by different rupture
depths.

Table 1 Parameters in GMPEs for crustal earthquake

GMPE Source Path Site
ASKldadj | M,,Z, ., 4 Rup | Vsaor Zios Fis
ASBldadj | M, F R, Vaa

Bildadj M, Fer Ry, Vs
BSSAldadj| M, F R Vesr Z1

CBl4adj | M,.Z,,.4 R Vo 25

CYldadj | M, Z, .4 Rup | Vasor Zio» Fis
I14adj | M,,Zy Fer | R Veao

Chao1l9 | M,,Zy Fe | Ry | Vi Zio, R

In the path column of Table 1, most GMPEs use
the closest distance from the site to the fault rupture

surface (R,,) or the closest distance from the site to
the horizontal projection of the fault rupture surface
(Rj), as shown in Figure 1. If R}, is used without

considering the depth of the fault rupture surface, it
may not be suitable for estimating the ground motion

intensity caused by deep earthquakes. Using R, can
indicate that the ground-motion intensity decays
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slowly on the hanging wall of minor dip angle thrust
faults.

As listed in Table 2, some GMPEs consider the
hanging wall effect and require inputs of dip angle (o)
and width (W ) of the fault rupture surface. These
GMPEs may use additional distance measures, namely
Ry, R,, R, and Ry, to model the attenuation of
the hanging wall effect. The definitions of these
distance measures are shown in Figure 2. R, is the
horizontal distance from the top edge of the rupture
surface, measured perpendicular to the fault strike. R,
is the value of R, at the bottom edge of the rupture

surface. Ry, is the horizontal distance off the end of
the rupture surface measured parallel to strike.

horizontal projection

f rupture surface
f-R- —-o- _f/‘“
R i fpz T H
L LR E S Y . . TS ji

5

.
Ryt

Htpl\\l

A

Figure 1. Schematic diagram for definitions of Ry,
and ij

Table 2 Parameters in GMPEs to consider the
hanging wall effect

GMPE Source Path
ASK14adj 5,W Ry R R R,
CB14adj 5,W R Ry
CY14adj 5,W Ris» Ry

In the site column of Table 1, all GMPESs use the
average shear wave velocity within 30 m of the ground

surface (V) as the parameter for the site effect. The
parameter F, is an indicator to distinguish the
estimation method of V5. Some GMPEs consider the

effect of the thickness of the soil layer under the site.
The soil layer thickness is the depth at which the shear
wave velocity reaches 1000 m/s or 2500 m/s and is

designated by Z,, and Z,., respectively.



GMPE for Wide-Area Seismic Damage
Assessment

Most structures subject to earthquake damage
assessment can be roughly divided into buildings,
bridges, facilities, and buried pipelines. The seismic
response behavior and the failure modes of different
structure types have unique characteristics, which
results in the slight variation in the required ground-
motion parameters. Ground-motion parameters such
as PGA and peak ground velocity (PGV) are
commonly used in literature. However, since the
structural response spectrum can reflect the maximum
response of the structure under a given earthquake, it
is the best ground-motion parameter for estimating the
structural damage state probabilities. Because there
are no actual measurements under scenario
earthquakes and the ground-mation intensity estimates
from the GMPEs contain significant uncertainties;
therefore, we use a simplified standard form of the
structural response spectrum to represent the seismic
demand in each region. The entire structural response

spectrum is constructed using the short-period (S,q3)

and one-second period ( S, ) structural response
accelerations, as shown in Figure 3.

horizontal
projection of the
top of rupture
surface

Figure 2. Schematic diagram for definitions of RX

and Ry,

The ground-motion attenuation law used in TELES
adopts the research results from Jean (2001). Since the
complete seismic source characterization, path, and
site-effect attributes were not available in the strong
motion records, the only seismic source-related
parameter used in Jean (2001) was the Richter
magnitude, which was commonly used by the Central
Weather Bureau. It did not distinguish the source
types, fault rupture mechanisms, depth, etc. Although
many source parameters were not considered in Jean's
model, it can still reasonably provide PGA and short-
period (S,q; ) and one-second period ( S,y ) structural

response accelerations required in seismic damage
assessment. When the simulation results are compared
with the actual number of disasters over the past years,
the error is within a reasonable range.
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Applicability of GMPEs

In Figure 4, building damage during the Chi-Chi
earthquake in 1999 was concentrated in the hanging
wall or within 10 km of the fault line. Therefore, the
estimated ground-motion intensity within 10 km is
crucial and can seriously affect the estimation result of
disaster damage. If the GMPEs cannot reasonably
predict the ground-motion intensity in the near-fault
area, they may seriously overestimate or
underestimate the amount and distribution of the
resulting disasters.

s

a

Spectral Acceleration

Spectral Displacement S,

Figure 3. Standard form of structural response
spectrum

Figure 4. Distribution of building damage in the Chi-
Chi earthquake in 1999

We compared the estimation results of Jean (2001)
with new GMPEs listed in Table 1 at the footwall site



under an earthquake magnitude of 7.5. Figure 5 shows
that the closer the distance, the more significant the
difference in estimations from different GMPEs. The
difference is reduced when the closest distance to the
fault rupture line exceeds 10 km. The differences were
due to a lack of data and model uncertainties. The
estimated value of Jean (2001) within 10 km of the
fault is too large, while the estimated value of Chaol9
within 10 km of the fault is too small. More near-fault
strong-motion records are required to reduce the
model error.

When applying Jean (2001) in TELES, the concept
of a seismogenic rupture zone was adopted to increase
the closest distance and avoid overestimating the
ground motion intensity near the fault. In other words,
the distance to the seismogenic rupture zone was
substituted into the distance parameter of the GMPE.

Chao19 distinguished the source type and the fault
rupture mechanism and was based on the strong-
motion records of Taiwan. Therefore, the Chaol9
GMPE should better reflect the characteristics of local
ground motions in Taiwan. In the future, if Chaol9 is
the built-in GMPE of TELES, it is necessary to explore
the method further to avoid underestimating the
ground motion intensity within 10 km of the fault and
integrate the existing site effect modification model of
TELES.

— NCREE 2019
[ ASH 2014 ag
= TELES Ctien

—— ASK 2014 aqf

- - - BS5A 2014 ad
1 ~=-CH 2014 ad|

Phung 2018 \ Phung 2018

Figure 5. Comparison of S,y (left) and S,

(right) from GMPEs at footwall side under the
scenario of an earthquake with magnitude 7.5
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Abstract

After a massive earthquake, the supply of emergency medical care may fall short of the rising
demand for treatment, leading to congestion in emergency departments (EDs). Located in the
Circum-Pacific seismic belt, Taiwan is under threat of disastrous earthquakes. Emergency medical
systems play a critical role in supplying immediate medical aids to casualties and suppressing the
impact of an earthquake on society. Estimating potential problems emergency medical systems
may encounter in the face of the sudden increase in casualties induced by an earthquake can help
practitioners of relevant fields as well as decision-makers formulate response measures and
improve preparedness for seismic disasters. Therefore, in this study, we propose a model for
patient flow simulations among multiple EDs that constitute an entire emergency healthcare
system. Simulation results of a case study with eight hospitals involved under a seismic scenario
(magnitude 6.6) show the reduced capacity of an emergency medical system to offer timely
treatment.

Keywords: discrete event simulation, emergency department, patient flow simulation, post-

earthquake patient surge

Introduction

Resilience refers to the ability of a community in
the face of a disaster to “resist, absorb, accommodate,
adapt to, transform and recover from the effects of a
hazard in a timely and efficient manner (United
Nations International Strategy for Disaster Reduction,
2009).” To put it simply, a resilient community is one
that mitigates the impact of a disaster as much as
possible and resumes its normal state as quickly as
possible. Of the vital factors that determine resilience,
hospital emergency departments (EDs), whose
function is to offer emergency healthcare and
accommodate patients, play a critical role in
minimizing fatalities and relieving the suffering of
victims.

A flood of patients into EDs after an earthquake
may risk collapse of the emergency healthcare service,
thus causing less effective healthcare and even
unnecessary loss of lives. A failure to contain the
impact of an earthquake then violates the principle of
resilience. Previous studies have found that as the
patient number grows over 1.4 times the normal level
in one single hospital, a significant delay in treatment

after earthquakes results (Lin, Lin, & Lin, 2021).
Instead of having only one hospital to manage all
seismic casualties, commonly after a seismic disaster
where the mass casualty is caused, a region will have
several hospitals to collaborate and accommodate the
large patient volume together. To estimate the
collaborative performance of EDs, a model that
enables simulations of multiple hospitals in each of
which the inner patient flow can be operated
simultaneously should be built.

In literature, the estimation of multiple hospitals
is usually conducted with little variability in the patient
in-to-out sojourn time, and the throughput is simply
modeled as an interval of time without details about
the queueing for various medical services (Ceferino,
Mitrani-Reiser, Kiremidjian, Deierlein, & Bambarén,
2020). The drawback of this model design is that in
reality, patients of different categories undergo
different procedures in the ED. Congestion occurring
in any medical service will impede the ED
performance. Moreover, where a long queue is formed
in the ED provides different information in terms of its
ability to provide basic emergency care function,
resource arrangement, and the critical capacity to treat

1 Associate Researcher, National Center for Research on Earthquake Engineering
2 Research Assistant, National Center for Research on Earthquake Engineering



patients of different acuity levels.

In this study, we applied the discrete event
simulation based on SimPy to model the phases of
input, throughput, and output in the emergency
department (Asplin et al., 2003). According to the
casualty estimate by TELES (Yeh, Loh, & Tsai, 2006),
the five districts of Taipei City having the most
casualties induced by a seismic scenario of a
magnitude 6.6 earthquake caused by the Shanchiao
Fault were chosen as the research target, and the eight
first-aid hospitals located in these five districts were
included for patient flow simulations. The result shows
that supposing the seismic casualties visit hospitals
within 4 days, on the third day, the ED crowdedness
will reach the peak and will be suppressed as soon as
the casualty visits terminate.

Details of the Scenario

The simulation was conducted under a seismic
scenario of a magnitude 6.6 earthquake caused by the
Shanchiao Fault where the max peak ground
acceleration is 0.58g. According to the estimate by
TELES, in the daytime, Taipei City may have 5,675
persons injured in total excluding those without the
need of medical care in hospitals. The five districts
having the largest medical demand were selected for
analyses. Details of the five districts and hospitals
located in the region are provided in Table 1.

Table 1. Information of the target research area and

hospitals for simulation.
Medical

District Demand First-aid Hospitals [:’:]lji!p;h?
(daytime)
. . g Taipei Veterans General Hospital 231
Beitou Dist. 378 Cheng Hsin General Hospital 2
Zhongshan Dist. 544 MacKay Memorial Hospital 150
“hilin Dist e Shin Kong Wu Ho-Su Memorial Hospital 151
Shilin Dist. 419 Taiper City Hospital-Yangming Branch 63
Datong Dist. 418 Taipei City Hospital-Zhongxing Branch
. National Taiwan University Hospital ki
] 2 J
Zhongzheng Dist 02 Taipei City Hospital-Heping Fuyou Branch 115

Note: The column, Medical Demand (daytime), refers
to earthquake-induced casualties; the column, Daily
ED Patients, refers to regular patient visits.

Patient Flow Model

Patient flow in the ED was modeled as a series of
independent events. Upon arrival, each patient is
triaged first to determine the degree of urgency and
complete registration. After treatment, the patient path
diverges into three: leaving the ED for discharge or for
further medical care (e.g., to undergo an operation),
being put wunder observation, and undergoing
laboratory tests before observation. Figure 1 displays
the patient flow and paths used in our study, and Table
2 shows the percentage of patients being distributed to
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each path. The time patients spend at each service is
determined by random sampling from the
corresponding  time  distributions. The time
distribution of each medical service at the ED and
corresponding parameters are listed in Table 3. The
parameters shown in Table 3 are for less urgent
patients having no need to undergo emergency surgery.
Patients in an emergency for surgery should spend less
time in the ED; therefore, parameters of time
distributions for this type of patients will be adjusted
to make the total length of sojourn around half that of
other patients. To represent the queuing behavior, each
service relies on a limited number of sources.

Each of the eight hospitals share the same patient
flow models. What distinguishes them is the resource
number available for every service to represent the
capacity of hospitals, which is directly related to the
average daily patient counts (as presented in Table 1).
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Figure 1. Patient flow models from input to output.

Table 2. Percentage of patients taking different paths

in the ED
Path AL3 Al4 ALS AL1+AL2
Scismic Normal Scismic Normal Seismic Normal Seismic Normal
A 12% 12.5% 7.2% 7.68% %% (0% 1.3% 5.28%
B 8%  39.5% 22.8% 2432% 1% 1.5% 33% 528%
c 0% 0% 0% 0% 3% 4.5% 14%  544%
SUM 50% 52% 30% 32% 100% 6% 10% 16%

Note: AL stands for Acuity Level. AL1 is the patient
of the highest level of emergency and AL5 the lowest

Table 3. Time distributions of each medical service at
the ED

Service Probability distribution Source

Triage/registration ~ Gamma(4.5, 0.7)

1Tri(15, 45, 90)

Favier et al. (2019)

Ttreatment Favier et al. (2019)

Observation Tri(0, 15, 60) Adapted from Favier et al. (2019)
Lab/X-ray Gamma(2.5, 9.2) Coté (1999)
Operation Tri(60, 240, 480) #

Bed Tri(avg — 2880, 2avg, avg +2880) #

Note: 1. triangular distribution; 2. the average length
of stay of inpatients
Simulation Setup

The simulation covers 99 days in which the
beginning 65 days are in the normal state, followed by



the 4-day seismic period and ended with 30 days in the
normal state. The simulation before the earthquake is
to reach the stable state approximate to the real-world
observations, and that after the 4-day seismic period is
for recovery. Since after the earthquake, patient arrival
patterns will change, in the simulation we distinguish
arrival rates on normal days and on the 4 days in the
seismic period. As illustrated in Figure 2, after an
earthquake hits, patients arrive at the ED in a pattern
different from that on normal days. The patterns were
adapted from [6]. It is assumed that the impact of an
earthquake on the ED patient visits lasts for four days.

After the four days, the normal pattern will be resumed.

60

w
-

Patient Arrival Rate (per hour)
w p ;

4] 24 48 72 96

Time (hour)

Figure. 2. Patient arrival rates on normal days and
after an earthquake.

In addition to earthquake-induced patients,
ordinary patients may seek emergency treatment in the
four days. Therefore, in this study, the total number of
patients after the earthquake strikes includes both the
earthquake-induced patients and ordinary patients.
The relevant patient numbers to compute the post-
earthquake casualty number are as presented in Table
1. During the four days, each hospital will be assigned
patients against the patient proportion of the eight
hospitals on normal days. This manipulation is to
simulate the situation of emergency healthcare
systems without deliberate diversion strategies.
Instead, the patient transportation/arrival follows the
patterns on normal days.

All simulations were repeated 300 times to
average out the potential overlying data caused by
sampling from time distributions as well as the patient
distribution between hospitals.

Results

According to the guide issued by the Ministry of
Health and Welfare, patients of different acuity levels
can tolerate waiting times of different lengths. The
most severe patients with acuity levels 1 and 2 should
receive treatment by 10 minutes, while patients with
acuity levels 3, 4, and 5 should receive treatment
within 30, 60, and 90 minutes, respectively. Beyond
the suggested time, patients will be placed at risk of
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deterioration and even death. Therefore, the time from
arrival to treatment serves as an insightful index
reflecting the capacity of the emergency healthcare
system to supply timely and effective treatment. In our
model, the duration of time is t3-t0 (see Figure 1),
named door-to-doctor henceforth. Figure 3 shows the
average door-to-doctor of the eight hospitals under the
defined scenario. For the sake of readability, Figure 3
displays only results on the 60th day to the 75th day
where the critical information is captured. It can be
found that on the 66th day when the earthquake strikes,
the door-to-doctor starts to surge and hits the peak on
the 68th day, or the 3rd day after the earthquake. After
that, it starts to drop and resumes normality on the 70th
day; that is, the emergency healthcare system is able to
recover as soon as the seismic casualties stop visiting.

450

400 +

w
1]
<

w
=]
=]

n
@
<

Seismic casualty arrival terminates.|

61 62 63 64 65 66 67 68 69 70 71 72 73 74 15

X
=]
-]

Door-to-Doctor (minutes)
2
<

[Earthquake Strikes.| arthquake \mhm

-
=1
<

@
=]

=]

Figure 3. Impact of the patlent surge on the
performance of the emergency healthcare system
after an earthquake.

Conclusions

In this study, we have presented a case study of
the patient flow simulation with multiple hospitals.
The methodology leveraged in our model design
allows greater flexibility for researchers and
practitioners to examine emergency care performance
for different services in the EDs. In this paper, we have
also provided the performance measure, door-to-
doctor, which can serve as an index about the capacity
of the emergency care system for timely treatment. In
addition to door-to-doctor, information about the
overall stay of patients in the ED can also be computed
to reflect the efficiency of the EDs. Moreover, our
method allows simultaneous simulation of multiple
hospitals, enabling regional simulations. Last but not
least, the modeling with the resource number of each
services specified enables the integration of the failure
probability estimation to the simulation to represent
capacity decline caused by the functionality loss of
hospitals.
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Abstract

Buckling-restrained braces (BRBs) can effectively improve the stiffness, strength, and energy
dissipation capacity of building structures. The key feature of the truss-confined BRB (TC-BRB)
is attaching an additional truss system outside the steel casing. The truss system is composed of
several steel open-web truss frames, thereby providing overall restraining rigidity and reducing
steel casing section size and infilled mortar. The overall self-weight is reduced as compared to the
conventional BRB, especially in the cases of long-span and large axial capacity BRB applications.
An experimental program was conducted using cyclically increasing loads on two 1/3-scale
TC-BRB specimens, each of 850kN nominal yield strength and 6.3m long with a varying depth of
the truss frame. Test results show that both specimens have a very stable hysteretic response,
meeting the AISC acceptance criteria. The two specimens eventually failed at a very large axial
strain either with a global flexural buckling of the restraining system or a tensile fracture of the
steel core. A simplified method for estimating the elastic buckling strength of the TC-BRB is then
developed, and its accuracy is verified through finite element model analysis. Recommendations

on the seismic design and analysis of the TC-BRB are being prepared in a separate paper.

Keywords: buckling-restrained brace, truss-confined restrainer, effective rigidity, buckling load

Introduction

Recently, a novel type of
buckling-restrained brace (BRB) called a
truss-confined BRB (TC-BRB), with a varying
cross-sectional depth, has been investigated. As
shown in Figure 1, the restraining system of the
proposed TC-BRB is fabricated using several
truss frames attached to a common steel casing
[Chen et al. 2021, Chen 2021]. Each truss frame
is symmetric to its mid-span and composed of
several truss segments in series. Each of the
truss segments consists of a chord near-parallel
to the BRB longitudinal axis, a diagonal, and a
pair of posts approximately in the BRB
transverse direction. Most of the flexural
rigidity of the truss system is provided by the
chord, while the diagonal and posts mainly
contribute to the overall shear rigidity of each
segment. In order to improve the out-of-plane
stability of the truss confining system,

transverse components are distributed at a
certain distance along the BRB longitudinal axis
to connect the truss frames. 